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Abstract 
The use of externally bonded steel plates for the strengthening of reinforced concrete 
members has been demonstrated in practice to be a simple and effective method of 
structural rehabilitation. However, the problems of steel corrosion, the weight of the 
plates and the need to join limited plate lengths, have provided the impetus for 
increasingly active research into the use of fibre reinforced polymeric (FRP) composite 
materials to replace steel plates. 
This Thesis presents a detailed investigation into the strengthening of reinforced 
concrete beams by the epoxy-bonding of carbon fibre 'reinforced polymer (CFRP) 
composite plates to the soff its of the beams. Mter a parametric study using 1.0m length 
beams, the research is extended to the testing of 2.3m and 4.5m long specimens. The 
influence of anchorage at the plate ends is demonstrated to be greatest under low shear 
span/beam depth ratios, preventing or delaying the premature beam failure which is 
characterised by separation of the plate from the beam. 
The Study includes the use of prestressed plates, revealing the improvement in 
composite action between the beam and the plate under low shear span/depth ratios. 
Improvements in the serviceability load can be expected due to prestressing, but the 
ultimate load magnitude will depend on the mode of beam failure, which is related to the 
shear span/depth ratio, and the initial plate prestress level. 
The long term effects of environmental durability are investigated experimentally, 
revealing that a deterioration of adhesive mechanical properties is not necessarily 
translated into reduced structural performance of the plated member. The experimental 
study of the responses to cyclic loading reveals that the concrete cracking effects, which 
give rise to plated beam failures under static loading, can be expected to occur under a 
lower maximum load if this is applied cyclically. However, at the serviceability load 
level, fatigue loading is not expected to cause failure and the maximum stress 
concentrations in the intemal reinforcement at the locations of concrete cracks, are 
reduced due to plating. 
The experimental flexural responses of plated beams to applied load are modelled using 
a simple analytical approach which is applied to beams with non-prestressed and 
prestressed plates. The poor representation of concrete flexural cracking, using the 
ABAQUS finite element program, prevented satisfactory correlation of experimental and 
numerical results. Various previously proposed analytical methods of representing the 
separation of steel plates from the beam are tested, but are found to be inappropriate for 
composite plated members. 
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Chapter I 
Introduction 
1.1 The need for structural strengthening 
It is frequently the case that a reinforced or prestressed concrete structure ceases to be fit 
for its purpose, a problem usually detected in excessive cracking and deflection. There 
are various reasons for such a deficiency, the more important of which may be 
summarised as: 
an original design incorporating insufficient factors of safety, either due to a poor 
design procedure or mistakes in the calculations; 
" the omission of some or all of the reinforcement or prestressing tendons specified in 
the design; 
" poor workmanship on site, resulting in sub-standard material strengths; 
" an increase in the applied loads to be carried, either due to modemisation involving 
the construction of another floor in a building, for example, or elevated live loads 
such as heavier traffic; 
" revision of design codes, demanding the assessment of existing structures for 
compliance with new rules; 
age-related deterioration of the concrete members due to internal reinforcement 
corrosion, particularly in highway structures on which de-icing salts are applied, or 
concrete carbonation; 
structural damage due to earthquakes or explosions, or individual member damage 
due to an impact such as a vehicle collision. 
The rectification of a structural deficiency takes the form of either restoring the original 
load carrying capacity or upgrading the members so that greater loads can be applied. If 
the deterioration is such that routine maintenance work will not rectify the problem, it 
becomes necessary to rebuild all or part of the structure or to implement a strengthening 
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system. The choice between strengthening and rebuilding is based on factors specific to 
each individual case, but the following issues are considered in every case (Klaiber el al, 
1987): 
" the length of time during which the structure will be out of service or providing a 
reduced service; 
" the relative costs of strengthening and rebuilding in terms of labour, materials and 
plant, and 
" the disruption of other facilities. 
The cost of strengthening depends on the extent of the improvement required, the size of 
the structure and, for a bridge, the volume of traff ic under and on the bridge. 
It is becoming both environmentally and economically preferable to strengthen 
structures rather than rebuild them, particularly if rapid, effective and simple 
strengthening methods are available. This is particularly so in the face of current 
highway budget cuts such as those in the UK (Parker, 1996c). The incentive to 
implement strengthening r6gimes is provided by the vast number of failing structures 
worldwide. 
The need to strengthen concrete structures is a worldwide one which places considerable 
importance on rehabilitation methods, particularly with regard to bridges (Klaiber et al, 
1987) for which much of the world's infrastructure was originally designed for smaller 
vehicles in less congested traffic. The increased vehicle loads and densities, combined 
with the recurrent use of de-icing salts, has ensured that many structures are near to, or 
beyond, the end of their design lives. In the European Union alone, nearly 84,000 
reinforced and prestressed concrete bridges require maintenance, repairs and 
strengthening with an annual budget of L215K excluding traffic delay and management 
costs (Lane et al, 1997). All European highways must be capable of carrying 40-tonne 
vehicles by the year 1999, an increase from the current requirement of 32 tonnes in 
accordance with a European Community Directive, but some 40,000 bridges in the UK 
will fail to meet this requirement unless strengthening work is undertaken (Anon, 
1996a). The then Department of Transport in the UK implemented a major programme 
of bridge assessment in 1988, addressing bridges of all types of construction on the trunk 
road network (Holland and Dawe, 1990; Dawe, 1993); of the 60,000 bridges owned by 
local authorities or the Department of Transport, some 30% were reported by Peshkarn 
and Leeming (1994) to be inadequate for the new higher traffic loading. Theassessment 
is in accordance with purpose-written assessment criteria which avoid the use of 
construction codes such as BS 5400, since an assessment against the rather conservative 
standards for new construction would unrealistically categorise most bridges as failures 
(Tilly, 1990; Dawe, 1993). In the United States, an alarming 250,000 bridges require 
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strengthening (Dunker and Rabbat, 1993; Lane et al, 1997); Cooper (1990) reported that 
30,000 bridges were closed to traffic and 130,000 had weight restrictions applied 
(Cooper, 1990). 
While the need to strengthen concrete structures is economically paramount in the 
highway infrastructure, the rehabilitation of structural members in buildings is also of 
importance. The present Study is aimed at reinforced concrete members in general. 
1.2 Methods of strengthening 
1.2.1 Conventional methods 
Following an investigation of the condition of highway bridges in America, the Federal 
Highway Administration compiled a bridge deficiency catalogue which listed six 
categories of rehabilitation work in order to restore strength and reduce further damage 
(Berger el al, 1978). These were to (i) increase the live load carrying capacity, (ii) 
improve the geometry of the bridge, (iii) correct mechanical deficiencies, (iv) correct 
drainage problems, (y) improve the rideability of the bridge, and (vi) carry out 
miscellaneous repairs. These measures are typical headings to be considered for all 
bridges. 
The present Study is concerned with the improvement of the live load carrying capacity, 
for which there are four principal methods, viz: 
" strengthening critical members by adding additional material to the member itself or 
replacing with a new member; 
" adding supplementary supports or members to assist in carrying load; 
" reducing the dead load on the bridge, thereby providing additional live load capacity; 
changing the structural system, such as the conversion of a concrete deck into a 
concrete/steel composite construction. 
Problems may arise in adding further components and supports to the deficient members 
due to the congestion caused by other facilities, especially in buildings. The additional 
components may take the form of steel beams or trusses (Ainsworth el al, 1994) but, in 
the case of a bridge, the reduced headroom may then reduce the size of vehicles 
permitted to pass under the bridge. Reducing the dead load of a member can be achieved 
by replacing toppings with ligher materials or removing some of the pen-nanent features. 
For example, the removal ofjust a small thickness of asphalt wearing course can cause a 
significant dead load reduction, but then more frequent maintenance inspections are 
likely to be necessary. The use of concrete overlays will increase the dead weight but 
may prove to be a viable strengthening option (Seible et al, 1990a). 
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1.2.2 External plate bonding 
As the name suggests, the conversion of a concrete member into a composite 
construction requires the achievement of composite action between the new component 
and the original concrete. Due to the availability of structural adhesives, it has been 
found possible to achieve composite action between the concrete member and an 
external steel plate by bonding the plate to the soffit of the concrete, thereby increasing 
the flexural stiffness and strength of the member. The flexural improvement of a 
concrete member is the most common application of external plating, but research and 
practical examples have shown that the method can be used for shear and compressive 
strengthening also. 
The external plate bonding method generates its benefit by the contribution to the 
internal moment of the section provided by the plate. In the case of flexural 
strengthening, the presence of the additional tensile reinforcement causes a downward 
shift of the neutral axis which places more of the concrete in the favourable mode of 
compression, and the elevated member stiffness is associated with reduced tensile strains 
in the internal reinforcement. 
From a practical point of view, the steel plate bonding method has the following main 
advantages: 
" the loss of headroom under the soffit is just the combined thickness of the adhesive 
and plate, not usually more than 10mm; 
" the method is not rivalled by other techniques in terms of cost (Haynes, 1993); 
" provided the steel is protected against corrosion by, for example, a surface paint the 
maintenance of the plated system is simple and inexpensive; 
" the plate may be bonded while the structure is still in use; 
the rapid installation of the plates implies there will be little disruption to the traffic 
flow under a bridge. 
However, despite these advantages over other strengthening techniques, the method 
suffers the following disadvantages: 
a high level of workmanship is required on site to ensure the adhesive is applied well 
and the surfaces are thoroughly prepared for bonding; 
the tension developed in the plate places shear and normal forces in the surface of the 
concrete and in the bond line, creating the potential for the concrete to fail or for the 
plate to debond, especially if the corrosion protection of the plate is inadequate. The 
risks of concrete and bond failure are overcome in steel plate bonding using a number 
of resin-bonded bolts through the plate and into the concrete; the bolts are also 
required in order to avoid the heavy plates falling away due to adhesive breakdown in 
the event of a fire. 
The disadvantage of electrochemical plate corrosion is eliminated using polymeric 
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composite plates, and bolts are not needed to resist the weight of the plates which is just 
a few kilograms for the lengths used in practice, as will be seen in Chapter 2. Also, 
composite plates can be delivered to site in rolls of 300 metres of more (Meier, 1994), 
thereby avoiding the additional cost and work involved in forming lap joints between 
much shorter steel plates. The thicknesses of steel plates may be limited by soffit 
curvatures and handling constraints (Irwin, 1975), but composite plates are 
characteristically much thinner so they will conform to curved profiles. 
Therefore, the success of the plate bonding method has grown from the development of 
structural adhesives and, in composite plate bonding, the important materials are the 
adhesive and the polymeric composite. The nature of these materials and their uses to 
date are introduced below. Practical examples of composite plate bonding will be 
reviewed in Chapter 2, while a number of worldwide case histories of steel plate bonding 
have been cited by Agneloni (1990), Anon. (1983; 1985), Canovas (1990), Dennis 
(1990), Gaul (1990), Henwood and O'Connell (1993), Ladner (1978), Malmgren (1990), 
Mays and Hutchinson (1992), Matsui (1990), Neave and Turnbull (1993), Parkinson 
(1978), Russell (1990), Sommerard (1977) and Taylor and Dykes (1992). 
1.3 Structural adhesives and adhesive bonding 
1.3.1 Applications and requirements of structural adhesives 
13.1.1 Adhesive applications 
An adhesive may be defined as a material which, when applied to surfaces, can join them 
together and resist their separation. Although there is no universally accepted definition 
of a structural adhesive, the term is generally taken to mean a monomer composition 
which polymerises to give fairly stiff and strong adhesives joining relatively rigid 
adherends to form a load-bearing joint (Mays and Hutchinson, 1992). In structural 
applications, the polymerisation is usually initiated by the chemical reactions resulting 
from the mixing of separate resin and hardener components on site. 
Although the construction industry is one of the largest users of adhesives, few 
applications involve adhesive joints which are required to sustain large stresses, and the 
applications of adhesives are mainly non-structural. Examples of such uses are concrete 
patch repairs, resin injection of cracks, skid resistant surfaces, sealings, surface coatings, 
polymer concretes, and the bonding of new and existing concrete (Anon., 1979; Kahn el 
al, 1979; Mander, 1981; Eno and Otokawa, 1982; Allen and Edwards, 1987; Edwards, 
1987a, 1987b; Shaw, 1987; Plum, 1990; Rigden el al, 1995; Ohama, 1996); a semi- 
structural application, which places the adhesive largely in compression, is the joining of 
precast units in segmental construction (Hewlett and Shaw, 1977; FIP, 1978; Mays, 
1985a; Shaw, 1990; Mays and Hutchinson, 1992). However, for a truly structural joint, 
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the adhesive is required to provide a shear action between the bonded solids which are 
known as adherends. Such structural applications include the bonding of external plate 
reinforcement, the shear resistance between the steel and concrete of steel/concrete 
composite construction, bonded steelwork details such as cover plates, and glue- 
laminated ('glulam') timber members. 
The absence of more widespread truly structural applications of adhesives has been due 
to the lack of design guidance, the uncertainty concerning the long term performances of 
adhesives under varying environmental conditions, the confusion over which type of 
adhesive best suits a particular application, and the lack of communication between the 
resin chemist and the civil engineer (Mander, 1981; Lees, 1990). The selection of the 
adhesive must take into account the range of load cases and the short and long term 
adhesive material properties which will affect the creep and fatigue behaviours 
(Hugenschmidt, 1974; Anon, 1979; Lees, 1990; Mays, 1993). The material properties 
are affected by the environmental conditions which include temperature and moisture, 
the most detrimental influences on the stiffness and strength of the adhesive and its 
bonds. 
1.3.1.2 Requirements to be met by the adhesive 
While adhesives are relatively quickly and easily applied, there are certain material and 
application requirements which must be met to render the adhesive suitable as both a 
jointing medium and an appropriate material for use on site (Mays and Hutchinson, 
1988; Mays, 1993; Shaw, 1993). The following are the main requirements of the 
adhesive for steel plate bonding (Shaw, 1993): 
" two components of dissimilar colour to facilitate thorough mixing; 
"a tolerance to slight variations in the resin and hardener mix proportions; 
"a paste-like consistency for spreading on to horizontal, vertical and overhead 
surfaces; 
an ability to be applied in thicknesses of between Imm and 10mm to accommodate 
concrete surface irregularities; 
a workable duration of at least 40 minutes at 200C and at relatively high humidity; 
" minimal shrinkage on curing; 
"a sound bond to concrete and steel, the two principal adherends in construction; 
"a shear and tensile strength at least as high as that of the concrete; 
"a sufficiently high modulus to avoid significant creep, but not so high as to cause 
large stress concentrations; 
"a consistent fatigue performance over the temperature range -2011C to +40OC; 
long term durability and moisture resistance in situ, sufficient to maintain the integrity 
of the plating system for at least 30 years. 
This list is rather general and suggests no specific magnitudes of material properties, 
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since these have been reserved for review in the more appropriate chapters of the Thesis. 
The adequacy of an adhesive bond to concrete is usually assessed by ensuring the failure, 
in a given test configuration, occurs in the concrete rather than the adhesive or at the 
bond interfaces. Since the concrete itself exhibits a lower tensile and shear strength than 
the adhesive and its bonds, it is difficult to compare different adhesive performances 
using a test in which concrete is one of the adherends, since the concrete typically fails 
some millimetres into its depth. Also, it is difficult to accurately represent the true state 
of stress in practice using laboratory tests. Therefore, small scale laboratory tests reduce 
to being merely confirmations of the adequacy of the adherend surface preparation and 
the consequent short term bond strength. 
The majority of the commonly used bond tests, described in the extensive literature, are 
intended for the assessment of the bond between concrete repair materials and the 
underlying concrete; the principal tests are described by the RILEM Technical 
Committee 52-RAC (resin adherence to concrete) (RELEM, 1986). These include the 
direct tensile pull off test in which a resin-bonded steel dolly is pulled away at right 
angles to the concrete surface to ensure the bond strength is at least as high as the tensile 
strength of the concrete (Long and Murray, 1981; Bungey and Madandoust, 1992; BS 
1881, Part 207 (1992); CIRIA, 1993), and the slant shear test, in which two halves of a 
rectangular or circular prism are bonded along an inclined slope and tested in 
compression (Kriegh, 1976; Tabor, 1978; Eyre and Domone, 1985; Wall et al, 1986; 
Climaco and Regan, 1989; Tu and Kruger, 1996). While the pull off and slant shear tests 
induce tensile normal and compressive normal/shear stresses, respectively, in the bond 
line, they do not produce the combined actions of tensile normal and shear stresses 
experienced by the adhesive in external plating applications; the pull off test has the 
advantage of site application, whereby the steel dolly is bonded to the actual concrete to 
be repaired, while the slant shear test is for laboratory use. Other commonly applied 
laboratory tests are the static and dynamic loading of a concrete beam specimen with an 
application of adhesive on the soff it and the direct tensile separation of bonded cylinders 
(RILEM, 1986). Again, these simple tests do not accurately represent the true conditions 
in external plating applications. 
The direct shear test, using two bonded rectangular concrete prisms, is recommended by 
the RELEM Technical Committee 52-RAC as an assessment of the relative shear 
strengths of the adhesive and the concrete. Failure will occur a small depth into the 
concrete, provided the cohesive and bond strengths of the adhesive have greater 
magnitudes in shear than the shear strength of the concrete. Cusens and Smith (1980), 
using steel double lap shear tests, concluded that an adhesive shear strength greater than 
5 MPa is adequate for concrete bonding applications. Other shear tests have been 
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reported in a plate bonding context and are reserved for review in more appropriate parts 
of the Thesis. 
1.3.2 Types of structural adhesive 
Of the wide range of natural and synthetic adhesives, tabulated by authors such as Mays 
and Hutchinson (1992), those used in the construction industry are thermosetting 
polymers, implying a rigid molecular structure after polymerisation which cannot be 
softened by subsequent heating; the chemical reactions of the polymerisation process, 
known as the curing stage, have been broadly understood for some time and are 
considered in texts such as Gould (1970). Structural adhesives are commonly based on 
epoxy and unsaturated polyester resins, of which the epoxies find the most common use. 
Epoxy resins have been commercially available since the Second World War and are 
most commonly used in construction in the form of two part materials (resin and 
hardener) which cure at ambient temperature, known as cold-cure epoxies. The 
components are mixed just before application to start a curing process which produces a 
100% solid adhesive suffering negligible shrinkage during cure; also, the cured adhesive 
exhibits excellent moisture and chemical resistance. The relatively high shrinkage of 
polyesters, which occurs partly during cure and partly due to thermal shrinkage after 
hardening of the resin, may be in excess of 10% and, therefore, renders these materials 
less suitable than epoxies for, say, gap filling applications. Also, the shrinkage causes 
residual stresses which may lead to adhesive/adherend interfacial fracture. In addition, 
the bond strengths of polyesters are usually not as strong as those of epoxies, and the 
creep and moisture resistances are lower (Mays and Hutchinson, 1992). The use of 
polyesters is further restricted by their poorer storage stability and greater f ire risk. 
As a 'rule of thumb', the rate of epoxy cure doubles for every IOT rise in temperature 
and halves for every IOOC drop (Mays and Hutchinson, 1988); many formulations will 
not cure below 50C. The inclusion of fillers, such as silica, reduce the amount of pure 
polymer required (with a consequent reduction in cost), improve the creep, shrinkage 
and fire resistances, and reduce the thermal expansion coefficient. 
Epoxies have various advantages over other polymers for civil engineering uses 
(Eisenhut, 1990). The following list of advantages is given by Mays and Hutchinson 
(1992): 
high surface activity and good wetting properties for a variety of substrates; 
may be formulated to have a long open time, the time between adhesive application 
and closing of thejoint; 
high cured cohesive strength, such that joint failure may be dictated by the adherend 
strength, particularly with concrete adherends; 
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may be toughened by the inclusion of a dispersed rubbery phase to reduce the 
brittleness and improve crack resistance under cleavage and peel loadings; 
the lack of by-products from the curing reaction minimises the shrinkage and allows 
the bonding of large areas with only contact pressure; 
reduced residual bond line strain due to the negligible shrinkage compared with 
polyesters; 
low creep and superior strength retention under sustained load; 
can be made thixotropic for application to vertical surfaces; 
able to accommodate irregular or thick bond lines, such as those on concrete 
adherends; 
may be modified to suit particular applications by the selection of an appropriate base 
resin and hardener and the addition of other polymers and fillers. 
The main disadvantage of epoxies is that the various modifications and the materials 
concerned make these adhesives relatively expensive. 
1.4 Polymeric composite materials 
A polymeric composite is a heterogeneous material comprising a number of high 
strength, high modulus fibres dispersed throughout a low strength, low modulus polymer 
resin matrix; the fibres reinforce the chemically and thermally compatible polymer, 
hence the name fibre reinforced polymer (FRP). The purpose of the matrix is to protect 
the fibres against physical damage and to transfer strain to the fibres, thereby enabling 
the high modulus of the fibres to be utilised; the fibres sustain the majority of the applied 
load. The strain due to the externally applied load is transferred to the fibres via the 
resin/fibre interface bonds and/or friction. Polymeric composites exhibit high strength- 
to-weight and stiffness-to-weight ratios, durability generally suprior to that of metals due 
to the non-corrosive nature and chemical resistance of composites, and the coefficient of 
thernial expansion is low in the direction of the fibres. 
The mechanical and thermal properties of FRPs can be tailored for particular 
applications by the ability to arrange the fibres in a number of different orientations 
throughout the matrix, and the composite is manufactured by a variety of methods which 
are explained at length by Hollaway (1993). The method of manufacture determines the 
cost and quality of production of the composite. The two most common methods of 
manufacture for polymeric composites in construction are the prepreg and pultrusion 
processes. In the first, the overall thickness, or laminate, is built up from a number of 
individual laminae, each consisting of fibres pre-impregnated with the resin, and the 
material rigidity is created during the cure of the resin which takes place in a heated 
autoclave under elevated pressure. In the pultrusion process, the fibres are drawn 
through a resin bath and then a heated mould, or die, to form the desired cross sectional 
shape; the resin-coated fibres are pulled through the die at that rate which allows 
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adequate cure of the resin. The prepreg process results in higher quality composites 
since more manual control is involved, but the resultant greater cost is a disadvantage. In 
external strengthening applications, the composite is invariably required in flat lengths, 
the magnitudes of which are limited to the size of the autoclave in the prepreg process. 
However, the pultrusion process enables the manufacture of far longer composites, 
making this a more cost-effective procedure for the production of material to be used in 
the strengthening of long spans. 
Polymeric composites have not been used to the same extent, in civil and structural 
engineering history, as the more conventional materials of steel and concrete. The 
development of polymeric composites began in the early 1940s for military and 
aerospace applications (Ballinger, 1991; 1992) but, since then, their uses have extended 
to various construction applications. The prime fibre types used in civil engineering 
applications are araniid, glass and carbon, all of which exhibit tensile static and fatigue 
properties in excess of those of steel. Based on their exceptional properties and further 
predicted price reductions, which have been continuing since 1987 (Bakht and Jaeger, 
1992), the greatest potential is thought to lie with carbon fibres (Meier, 1992). The 
construction industry applications of composites have not typically been of a primary 
load bearing nature (Bank, 1992; Goldstein, 1996), but the use of composites is 
becoming more load bearing as research and practical applications highlight the 
suitability of these materials (Anon, 1996b; Clarke and Waldron, 1996). Until the 
publication of the EUROCONIP (1996) design code and handbook, there were no formal 
design guidelines for composites so engineers had little confidence in these materials. 
The corrosion resistance of polymeric composites is one of their main advantages in the 
construction industry, of particular importance in countries such as Japan where the 
major urban centres and associated infrastructure are nearly all within a marine 
environment (Mufti et al, 1992); consequently, Japan is a major user of polymeric 
composites. 
The range of longer established and new applications of composites in engineering, cited 
in the extensive literature, is wide, including cladding panels (Hollaway, 1975), cables 
and ropes (Erki and Rizkalla, 1992), geotextiles and pipes (Hollaway, 1993), sign 
gantries (Head, 1992), rebars (Rahman et al, 1993; Saadatmanesh, 1994), prestressing 
tendons (RostAsy, 1988; Wolff and Miesseler, 1989; Taerwe et al, 1992; Santoh et al, 
1993), and FRP/concrete composite beams (Deskovic and Triantafillou, 1995a; 1995b). 
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1.5 Objectives of study 
The following are the six objectives, of the present Study which concentrates on the 
structural improvement of reinforced concrete beams: - 
" to demonstrate the structural benefit of external strengthening using bonded carbon 
fibre reinforced polymer (CFRP) composite plates; 
" to investigate the influences of the shear span/depth ratio under which plated beams 
are loaded, the ratio of plate width to thickness, and the externally applied anchorage 
at the ends of the plate under the range of shear span/depth ratios considered; 
" to demonstrate the feasibility of, and benefit to be gained from, prestressing the CFRP 
plate before bonding to the concrete; 
" to investigate the long term performances of plated beams under harsh environmental 
conditions and under sustained and cyclic loading; 
" to determine the applicability of flexural calculations, and the ABAQUS finite 
element program, for predicting the short term response of plated beams to applied 
load; 
" to assess the applicability of existing methods of predicting the onset of non-flexural 
plated beam failures in the mode known as 'plate separation'. 
The importance of the basic structural behaviour of a plated beam, using initially 
unstressed and prestressed plates, warranted thorough investigation which is reflected in 
the detail presented in Chapters 4 and 5. 
1.6 Thesis structure 
Of the 9 chapters following the present introductory chapter, the first 8 are presented in a 
logical order from the literature review (Chapter 2) to the experimental work (Chapters 
3P 41,5v 6. and 7) and then the predictive analytical studies (Chapters 8 and 9). 
Each of Chapters 5 to 9 begins with a thorough review of the current knowledge in the 
relevant field. This is to ensure no previous work has been repeated in the same form, 
and to provide an initial understanding of the subject matter; consequently, 
approximately 20% of the Thesis is review material. The review of material relevant to 
Chapter 4 is presented in Chapter 2. 
Chapter 3 presents the preparatory work undertaken for the subsequent experimental and 
analytical studies of plated beam behaviour. The materials are characterised and the 
details of the test beams and their testing procedure are given. 
Chapter 4 concerns the use of initially unstressed, or non-prestressed, composite plates, 
ending in a number of important conclusions, some of which reiterate previous findings 
and others which add to the current knowledge. 
The use of prestressed CFRP plates is addressed in Chapter 5, demonstrating the 
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improvements in the range of structural properties introduced in Chapter 4. A series of 
tests was undertaken, in addition to those reported in Chapter 5, to demonstrate the 
feasibility of proposed plate prestressing and anchorage systems for use on site; this 
work is detailed by Garden (1997a). 
The first part of the long term studies is given as an environmental durability 
investigation in Chapter 6, considering specifically the effects of temperature and 
humidity. 
Chapter 7 considers the responses of plated beams to cyclic loads. A programme of 
sustained load tests, not reported here, was also undertaken as part of the ROBUST work 
and can be found in Garden (1997b). 
Chapter 8 is divided into two separate parts which concern the prediction of plated beam 
responses to applied load using a spreadsheet iterative method and the ABAQUS finite 
element package. 
The review of Chapter 2, and the experimental work of Chapter 4, introduce the 
premature failure of plated beams which is generally referred to as 'plate separation'. In 
Chapter 9, existing analytical approaches, to be found in the literature, are assessed for 
their applicability in the prediction of the onset of plate separation; this is done for the 
range of shear span/depth ratios considered in the experimental work of Chapter 4. 
The work is concluded in Chapter 10 where the various aspects of the Thesis are drawn 
together. This Chapter also recommends topics requiring further work. 
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Chapter 2 
L 
4k 
iterature review 
2.1 Introduction 
This Chapter reviews the literature on the worldwide research into the external plate 
bonding method of rehabilitation, considering steel plate bonding before reviewing the 
more recent work using polymeric composite materials. The steel plating literature is 
reviewed chronologically over-its development period of four decades at each of the 
principal institutions. Research into composite plate bonding has been undertaken 
mainly in the 1990s and the principal institutions are again indicated. 
The references cited are those main papers which have demonstrated the structural 
benefits of external plate bonding. For the more specific interests of environmental 
durability and the responses to cyclic loads, separate reviews are given in Chapters 6 and 
7. respectively. Analytical and numerical studies are reviewed in Chapter 8, and the 
research into the mechanisms of plated beam failure, in the mode termed 'plate 
separation', is reviewed in Chapter 9. Also, polymeric composite plates may be used in 
prestressed form, the studies of which will be reviewed in the more appropriate point in 
Chapter 5. 
The range of test beam sizes, plate widths and thicknesses, and adhesive thicknesses and 
material properties has been wide so these specific details are not mentioned at this stage, 
since the following review is intended to be of a general nature, giving only broad 
findings. Also, since the percentage strengthening due to plating has been found to be 
dependent on the existing quantity of internal reinforcement, the levels of strengthening 
recorded by the various authors are of little meaning as values by themselves; however, 
the failure modes and broad structural improvements are more significant so these results 
are mentioned in the following review. One of the measures of how the externally 
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bonded plate affects the structural behaviour has been the 'ductility', defined either as 
the deflection at failure divided by the deflection at internal reinforcement yield, or as the 
failure deflection divide by the serviceability deflection. Either way, the ductility 
indicates the reserve of deformation capacity after a critical point in the loading range 
has been reached. 
Frequent further reference to the literature will be made throughout the Thesis, giving 
more detail in specific areas of interest. 
2.2 Steel plate bonding 
2.2.1 Research during the 1960s 
The research into steel plate bonding began simultaneously in France and South Africa 
in the 1960s (Kajfasz, 1967; L"Hermite and Bresson, 1967; Fleming and King, 1967; 
Lerchental, 1967). This work introduced the concept of flexural strengthening but the 
idea was not taken further in a structured research manner until the 1970s. 
2.2.2 Research during the 1970s 
In France, Bresson (1971) published the results of steel/concrete single lap shear tests in 
which the occurrence of peak bond line shear stresses in the vicinity of the free concrete 
face was identified; subsequent studies by other authors were aimed at a better 
understanding of the shear stress distribution in the adhesive layer of plated beams, as 
reviewed in Chapter 9. 
In the UK, Irwin (1975) reported the results of preliminary steel plated bending tests 
undertaken on surplus reinforced concrete columns at the then Transport and Road 
Research Laboratory (TRRL). The tests were intended to provide results for the 
proposed strengthening of bridges at the Quinton Interchange on the M5 motorway, this 
having been the first application of plate bonding in the UK (Raithby, 1980; 1982). The 
flexural stiffnesses of the test beams increased by up to 80% due to plating, but the 
failure mode was brittle in the form of plate separation, whereby the concrete failed from 
a plate end in a horizontal plane adjacent to the adhesive bond line, causing the plate to 
become separated from the beam; L'Hermite (1977) acknowledged that failure is always 
in the concrete when the adhesive bond is adequately prepared. Flexural calculations by 
Irwin (1975) demonstrated that bending theory may be used to analyse the constant 
moment region of a plated member, but L'Hermite (1977) noted that the quantity of 
external plate material must not be calculated as the total requirement minus the existing 
internal provision, since the internal reinforcement is already stressed by the dead weight 
of the member. The problem of bond line discontinuities, arising from the 'spring' effect 
of steel plates pressed against a concrete surface, was acknowledged by L'Hermite 
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(1977) who recommended a maximum thickness of 4mm. 
Macdonald (1978) continued the publication of TRRL results, considering specifically 
plate thickness, adhesive properties and the use of jointed plates. The plated ultimate 
load, reached by plate separation with horizontal shear failure in the cover concrete 
adjacent to the plate, was lower using thicker plates, an effect related to the plate aspect 
ratio (= width/thickness), as found again in subsequent work reviewed in Chapter 9. The 
flexural stiffness was greater when a stiffer adhesive was used. 
The beneficial effect of steel plating was seen again in a limited test programme in 
Malaysia reported by Eng (1979), using initially intact and pre-cracked reinforced 
concrete sections. The first concrete crack in the initially intact beam occurred at the 
ultimate load of the comparable unplated beam, and the widths of the existing cracks in 
the pre-cracked member increased little up to the unplated failure load. The increased 
ultimate capacity of these plated beams corresponded to the flexural crushing of the 
concrete after the plate yielded, due to the sufficiently low cross sectional area of plate, 
but the above previous work indicated that fully flexural failures are not typical. 
At the University of Jodhpur, Rajasthan, Solomon and Gopalani (1979) tested steel 
plated beams with only nominal internal shear links and no internal tensile 
reinforcement; this work was aimed at developing a new type of floor construction with 
the tensile reinforcement placed at the greatest possible lever arm, where it would have 
most effect, and in which the labour cost of bar bending would be reduced. The concrete 
was cast directly against the plate, and the beams failed by flexural concrete crushing 
without any concrete/steel bond damage. This form of construction was addressed again 
in the 1980s under the heading of 'open sandwich construction'. 
2.2.3 Research during the 1980s 
This decade produced the most concentrated efforts in steel plate bonding research, 
mainly in the UK at the University of Sheffield; the work is summarised in relatively 
recent papers by Swamy and Jones (1990) and Jones and Swamy (1995), and the 
following references are to research at Sheffield unless stated otherwise. Initially, Jones 
et al (1980) confirmed the composite action between the beam and the bonded plate, 
recording essentially plane distributions of flexural strain throughout the beam depth for 
members both with and without internal tensile reinforcement; the composite action as 
far as failure by plate yielding or plate separation was confirmed by Jones et al (1982) 
using larger beams. These results demonstrated the downward shift of the neutral axis 
due to the addition of the external tensile reinforcement, providing a greater depth of 
concrete loaded in the favourable mode of compression. 
While the plate was able to significantly improve the ultimate capacity and ductility of 
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beams without internal reinforcement, the flexural concrete cracks were wider and fewer 
in number than for plated reinforced concrete beams, causing failure by plate debonding 
after yielding in the vicinity of a flexural crack which penetrated the adhesive. A greater 
structural stiffness was achieved with a thicker adhesive and, for a given adhesive 
thickness, the structural stiffness improved with increasing plate area although, 
consistent with the earlier finding at the TRRL by Macdonald (1978), an increase in plate 
area was detrimental to the ultimate capacity (Jones el al, 1980,1982,1985; Jones and 
Swamy, 1984); the failure changed from plate yielding to premature plate separation 
with increasing plate thickness. At low shear span/depth ratios (ie. lower than 2), Jones 
el al (1980) found bonded plates to have no enhancing effect on shear capacity, despite 
the improved stiffness, since shear cracks through the beam depth propagated along the 
soffit to the end of the plate. 
The first visible cracks were delayed by the bonded plate, consistent with the reduction 
in section strains associated with the elevated stiffness. Based on the strains in the 
tensile zones of the beams, the mean effective tensile stress in the concrete was far 
greater than the 1.0 NIPa suggested by BS 8110, Part 2 (1985) for the 'partially cracked 
section', a device by which the ability of the concrete to carry tension is represented for 
the purpose of calculating deflections; the partially cracked section is referred to again in 
Part A of Chapter 8. The actual value of this mean effective stress rises with increasing 
plate and adhesive thickness; a value of 6.4 NTa was obtained with a 6mm plate and a 
6mm adhesive layer (Jones el al, 1986). 
Swamy et al (1986; 1987) furthered the work on the peak shear stress in the bond line of 
plated beams and the limiting value of plate aspect ratio to avoid premature plate 
separation; since these results are specific to the plate separation phenomenon, they are 
reserved for review in Chapter 9. 
Swamy el al (1987) noted that the stiffening effect of plating is far more influential on 
the crack widths than the member deflection, due to the reduction in rebar strain which is 
the main factor controlling crack widths; this crack width benefit provides an improved 
serviceability load. These authors acknowledged also that the stiffening effect of plating 
is much greater than the effect of increasing the rebar area by an amount equal to the 
plate area, since the plate is positioned at the greatest possible lever arm in the depth of 
the section. The increase in stiffness due to the bonded steel plate is able to compensate 
for the degraded stiffness of a pre-cracked beam, indicating the obvious benefit of 
plating in deteriorated members (Swamy et al, 1987; 1989). 
In the majority of the research so far, the premature separation of the plate was found to 
begin usually at one end of the bonded plate after the formation of a shear crack at that 
position, a mode generally referred to as 'shear peel'. The cause of this type of failure 
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was widely accepted to be the shear and normal stresses generated at the plate ends by 
the forces associated with the axial and out-of-plane rigidity of the steel plate, so Jones et 
al (1988) proposed forms of plate end anchor-age which would prevent the plate ends 
from separating. The forms tested were mild steel bolts through the plate and adhesive 
and into the concrete, and mild steel angle sections bonded under the soffit plate and to 
the sides of the beam. The angles enabled both beams with this system to reach their full 
theoretical flexural load, rather than failing prematurely by plate separation. Debonding 
at one end of the plate occurred in the bolted case, after which further load was carried 
by the beam since the bolts prevented complete plate separation; after more debonding 
and concrete cover separation from the internal rebars, the beam failed in compression in 
the constant moment region, but the plate was still prevented from falling away 
completely and the maximum load increased by 8%. Both the bolts and the angle 
sections resulted in a considerable increase in beam ductility compared with beams 
strengthened by unanchored plates. 
Swamy et al (1989) -tested reinforced concrete beams that were steel plated in either the 
unloaded state, having previously been loaded to 70% of their predicted flexural 
strength, or while loaded to the 70% level. In both cases, the plate was able to restrain 
the free widening of the tensile concrete cracks and allow a high degree of stress transfer 
between the cracks, resulting in an improved performance of the concrete in the tension 
zone, thereby reiterating the authors' earlier finding in the work by Jones et al (1986) 
which used different combinations of plate and adhesive thicknesses. 
Three notable publications were produced by the TRRL at the same time as the early 
Sheffield work (Raithby, 1980; Macdonald, 1982; Macdonald and Calder, 1982). In the 
first the strengthening operation at the M5 Quinton Interchange, carried out in 1975, was 
described, and reference was made to the previous tests by Irwin (1975) which provided 
data for this job. Mention was made of tests in progress on a larger number of steel 
plated beams, described subsequently by Macdonald (1982), and of durability tests 
which are reviewed in Chapter 6. Macdonald (1982) recalled the effect of the plate 
aspect ratio which he observed earlier in 1978, and showed how average magnitudes of 
adhesive shear stresses at the plate ends can be determined from the modulus and 
thickness of the plate and the average rate of strain increase between neighbouring 
positions along the plate; similar calculations were made by Jones et al (1988) using the 
Sheffield results, confirming the peak shear stresses in the vicinity of the plate ends. 
Macdonald and Calder (1982) summarised the TRRL work to date. 
The Wolfson Bridge Research Unit at the University of Dundee was active in steel plate 
bonding research, considering open sandwich construction (Ong et al, 1982), the steel 
plating of reinforced concrete beams (Mays, 1985b) and the conditions at the ends of 
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bonded plates (Vardy and Anandarajah, 1987). Ong et al (1982) studied the epoxy 
bonding of fresh concrete against a steel plate, confirming that the adhesive/plate and 
adhesive/concrete bonds were sufficiently strong to ensure failure in the concrete. The 
main problem was noted to be the potential durability shortcoming arising from the 
penetration of the adhesive by aggregate particles; double layered bond lines were being 
studied to resolve this problem. 
A number of studies were devoted to improving the understanding of the plate end 
conditions of bonded plates, reviewed in more detail in Chapter 9. For example, the 
work at the University of Warwick by Johnson and Tait (1981) involved varying the 
point of plate termination, the adhesive thickness and the plate thickness profile. 
Experimental studies of the plate end conditions, using steel/concrete single lap shear 
tests at the University of Leuven, Belgium, were reported by Van Gemert (1980) and 
Van Gemert el al (1987) and summarised later by Van Gemert and Leuven (1990). 
Analyticaf methods of solving for the plate end conditions were subsequently proposed 
at the University of Cardiff by Vilnay (1988), Roberts (1989) and Roberts and Haji- 
Kazemi (1989). Weder and Ladner (1981), at ENTA in Switzerland, simultaneously 
varied the bonded length of plate and the plate cross sectional dimensions, indicating that 
the effects of a low plate aspect ratio, which would normally cause premature plate 
separation, may be offset by a long anchorage length. 
Van Gemert and Maesschalck (1983) reported the encouraging results of flexural tests of 
steel plated reinforced concrete beams in which the plate was epoxy bonded to a layer of 
epoxy mortar, this work was in response to a concrete slab that became severely 
damaged during a gas explosion in an apartment block in Brussels. 
2.2.4 Research during the 1990s 
The work undertaken in the 1980s served to verify the viability of the steel plate bonding 
technique, so little fin-ther verification work was reported. Ahmad and Hamoush (1990) 
and Hamoush and Ahmad (1990), at the North Carolina State University, confirmed that 
open sandwich beams may perform as effectively as conventional reinforced concrete, 
due to the yielding of the plate which ensures the desired ductility. 
Hussain el al (1995), working at the King Fahd University of Petroleum and Minerals 
(KFUPM) in Dhahran, Saudi Arabia, confirmed the suitability of steel plates for 
restoring the flexural strength of pre-cracked beams, and the ability of plate end 
anchorage bolts to prevent premature plate separation. However, the improved flexural 
capacity with bolts was found to potentially give rise to the undesirable failure mode of 
catastrophic shear through the beam depth between the plate ends and the beam supports; 
the possible need for shear rehabilitation, to allow the elevated flexural capacity to, be 
reached in practice, was noted. For beams without plate end anchorage, Hussain el al 
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(1995) recommended the use of the equations developed by Roberts (1989) to determine 
the allowable maximum load corresponding to premature failure by plate end peel. 
While further verification tests of steel plating were not necessary, the analysis of the 
plate end conditions continued. The regression analysis of numerous beam test data at 
the University of Adelaide by Oehlers, and Moran (1990) and Oehlers (1992), 
summarised by Oehlers (1993), demonstrated that there is an interaction between the 
influences of bending moment and shear force as the plate ends extend further into the 
shear spans of a beam; the so-called 'interaction envelope' was intended for use as a 
design tool by which the required plate length, sufficient to avoid premature plate 
separation, could be determined. The method is tried in Chapter 9 for the composite 
plated beams of the present study. A relatively recent UK publication from the 
universities of the South Bank and Loughborough, by Zhang et al (1995), considered the 
prediction of plate end peel failure by assuming the adhesive shear stress is distributed 
uniformly throughout the shear spans, so that the plate tension may be estimated at the 
positions of the point loads, from which the applied load is determined; the method was 
found to predict upper and lower bounds which encompassed the experimental data 
obtained by Oehlers (1992). The method was extended to the case of a non-uniform 
shear stress distribution, applicable to longer plated shear spans, by Raoof and Zhang 
(1996). 
The plate strain distributions were considered under static and cyclic loads at the 
University of Braunschweig, Germany, by Holzenkdmpfer (1990), Hankers (1990) and 
Rostisy (1993); the benefit of steel plating, in the reduction of fatigue stresses of coupled 
tendons in prestressed concrete bridges, was acknowledged previously by Ranisch and 
Rostisy (1986). Holzenkdmpfer (1990) cited an earlier finding by Ranisch (1982) which 
suggested the tensile force in the plate, at the onset of plate/concrete bond failure in 
shear, is directly proportional to the square root of the plate anchorage length, taken as 
the distance from the plate end to the position of greatest plate tension. Given their 
influence on the static plated behaviour, Hankers, (1990) concluded the important fatigue 
parameters to be the plate cross sectional area, the plate length, and the stress range in the 
plate and internal reinforcement. 
2.3 Composite plate bonding 
2.3.1 Research outside the University of Surrey 
The research into structural strengthening with fibre reinforced polymeric (FRP) 
composite materials has involved the use of carbon (CFRP), glass (GFRP) and aramid 
(AFRP) materials. Many of the publications on this topic were mentioned in a brief 
review by Swamy and Mukhopadhyaya (1995) who noted that there are similarities in 
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the flexural and shear behaviours of steel and composite plated beams, so similar design 
rules may apply to both. For both cases, the need for a ductile member after plating was 
acknowledged. Faza and GangaRao (1994) also presented a cursory review of 
composite plate bonding research. 
The research into the use of fibre reinforced polymer (FRP) composite plates as external 
plate reinforcement began at EMPA in Switzerland (Meier, 1987; Kaiser, 1989- Ladner 
and Holtgreve, 1989; Ladner et al, 1990). In keeping with the findings using steel plated 
beams, the pultruded CFRP plates were able to significantly reduce the maximum 
deformation, resulting in narrower concrete cracks which enabled higher serviceability 
loads, and to increase the ultimate capacity. The results of this initial work at IENTA 
were subsequently summarised in a number of publications (Meier and Kaiser, 
19901,199 1; Meier et al, 1992,1993a, 1993b; Meier, 1994a, 1994b, 1995). 
At Oxford Brookes University (OBU) in the UK, Hutchinson and Rahimi (1993) were 
particularly interested in the reduction of the stress concentrations at the plate ends of 
CFRP strengthened reinforced concrete beams which had been pre-cracked prior to 
strengthening. Using carbon/epoxy prepregs, these authors tapered the widths or 
thicknesses of the plates towards the ends, but these geometric modifications had no 
apparent influence on the failure mode or structural deformation behaviour. The plated 
stifffiesses and ultimate capacities were significantly greater than those of the unplated 
control specimens, and the ultimate capacities of the pre-cracked beams were the same as 
those of the initially intact members, indicating that the ultimate conditions associated 
with plate separation were not affected by the initial flexural cracks. A subsequent report 
of continued OBU work with prepreg composites (Hutchinson and Rahimi, 1996) 
demonstrated that greater stiffening is achieved with CFRP materials than GFRPs, but 
the CFRP plated beams experienced lower ductility. The increase in ultimate capacity 
was dependent on the internal tensile rebar provision, so the strengthening was as high as 
the untypical value of 230% for beams with little internal reinforcement. 
In Germany, Kolsch (1995) suggested an alternative strengthening application of 
composites, in which a unidirectional carbon fibre fabric was embedded in a mortar 
matrix which was applied to the tension faces of beams and masonry walls. As with 
composites bonded directly to structural members, the structural stiffness and strength 
increased, as did the ductility. 
In France, Varastehpour and Hamelin (1995) tested small plain concrete beams 
strengthened with glass/epoxy or carbon/epoxy composites bonded to the soffit and sides 
of the beams. The suitability of FRP materials for external strengthening was confirmed 
and the importance of the adhesive properties, for controlling concrete cracldng and 
shear distortion of the bond line, was noted. 
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Arduini et al (1994; 1995), at the University of Bologna, Italy, used steel fibre reinforced 
concrete, plated with carbon/epoxy, glass/epoxy and carbon-glass/epoxy composites, to 
demonstrate that stiff plates result in a brittle failure mode of plate end peel at the end of 
the linear elastic range, while lower stifffiess plates allow the post-cracking range of the 
concrete to be reached; in all cases, the flexural capacity increased due to plating. The 
likelihood of plate end peeling failures was found to be reduced by bonding the 
composite material to the sides of the beams at the ends of the plates. 
A number of publications were based on research efforts in North America, to which the 
following references apply unless stated otherwise. For example, Chajes et al (1994; 
1995a; 1995b; 1996) and Finch et al (1994) reported tests of FRP plated beams and lap 
shear specimens at the University of Delaware. The lap shear tests served to reiterate the 
need for adequate surface preparation of the composite and concrete before bonding, and 
to indicate the dependence of the bond strength in shear on the strength of the concrete 
when failure occurs some millimetres into the concrete. 
Using bi-directional aramid, E-glass and carbon fibre fabrics, these authors showed that 
the internal steel yield and ultimate loads of flexural members were raised significantly 
by plating. The need for further work using different shear span/depth ratios was noted, 
and the work of Chapter 4 provides further data concerning this parameter. Chajes et al 
(1995a; 1995b) reported the results of flexural tests in which rectangular and T-beams, 
without internal shear reinforcement were strengthened in shear with the woven 
composite fabrics. After the concrete cracked in shear, the composite materials provided 
all the shear capacity and only the aramid composite was able to avoid being torn by the 
shear cracks, due to its relatively high strain to failure. The fibre orientation in the 
composites affected the ultimate capacities but the shear stiffnesses were not influenced. 
The use of composite material bonded to the sides of the beam, and enclosing the soffit 
composite at the plate ends, was found to prevent the fabric debonding observed with the 
aramid material, allowing the concrete to reach its ultimate strain in compression. 
Experimental tests using epoxy bonded GFRP plates were undertaken at the University 
of Arizona (Ehsani and Saadatmanesh, 1990a, 1990b; Saadatmanesh and Ehsani, 1990, 
1991) and An el al (1991) presented an analytical parameter study of the effects of the 
plate material properties and cross sectional area. The main purpose of the initial 
experimental work was to investigate the effect of the adhesive stiffness, revealing no 
transfer of shear through the most flexible material and, consequently, an inefficient use 
of the plate in which little strain was developed; no change in the ultimate capacity of the 
beam was recorded with this adhesive. At the other extreme, the stiffest epoxy again 
resulted in no structural strength gain since the plate separated from the bulk of the beam. 
The most suitable adhesive was a rubber-toughened epoxy which resulted in a significant 
2.3. Composite plate bonding 21 
improvement in ultimate capacity due to the composite action between the beam and the 
plate, and the avoidance of premature plate separation due to high plate end stress 
concentrations which were associated with the stiffer material. Flexural beam tests of 
members with different quantities of internal reinforcement indicated that the 
strengthening is greater in an initially weaker member, as would be expected. 
The analytical work at Arizona was based on flexural considerations only (ie. not 
including premature plate separation), indicating the improvements in ultimate capacity 
with larger plate areas and the stiffening to be gained with higher modulus plates. Part A 
of Chapter 8 presents a similar analytical approach and extends the method to beams 
with prestressed composite plates. At the Massachusetts Institute of Technology, 
Triantafillou and Plevris (1990; 1991a) used a similar analytical approach to form 
'failure diagrams' representing the changes in flexural failure mode with varying rebar 
and plate area ratios (ie. ratios of rebar and plate cross sectional area to beam area), to 
which fin-ther reference will be made in Chapter S. Sierakowski et al (1994), at the 
universities of Ohio, Florida and Auburn, used flexural calculations to predict the neutral 
axis depths of plain concrete beams strengthened with soffit and side plates of CFRP- 
Malvar el al (1995), at the University of California, used flexural equations to determine 
the maximum deflections of the carbon plated beams tested in an ongoing study of the 
rehabilitation of navy pier beams. Using carbon tows bonded to the sides of the beams 
as well as the soffit, these authors found the shear capacity of the beams, which 
contained no internal shear reinforcement to be enhanced to such an extent that the 
internal tensile steel yielded, although the ductility was somewhat lower than that of the 
unstrengthened control. 
At Lehigh University, Ritchie et al (1990; 1991) flexurally tested glass, carbon and 
aramid plated beams in which catastrophic shear failures of the concrete section were 
eliminated by the high provision of internal shear reinforcement. Having recorded 
premature plate separation due to plate end peel failures, causing the cover concrete to 
separate along the level of the internal reinforcement, various forms of plate anchorage 
were tried. The first method consisted of anchoring the plate ends using an unequal leg 
GFRP angle. This produced a greater ultimate capacity but the concrete cover separation 
failure mode was not altered. The second system used GFRP plates bonded to the sides 
of the beam over its full height at the plate ends and connecting these to the soffit 
reinforcement with GFRP angle sections. This also resulted in higher load capacity but, 
in most beams, the connection between the side plates and the soffit plate failed so the 
failure mode was not altered. A third attempt involved bonding an angle along the edge 
of the beam soffit throughout the beam length, instead of a soffit reinforcing plate. The 
load carrying capacity was increased but the plates did not extend high enough to change 
the failure mode. The final method was to extend the plates near, but not under, the 
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supports of the beam. This increased the ultimate capacity and caused fracture of the 
plate material. 
Florida Atlantic University has been engaged in studies of the strengthening of 
prestressed concrete slabs and reinforced concrete beams using carbon/epoxy prepreg 
composites (Arockiasamy el al, 1995; Shahawy et al, 1996a, 1996b). For the slabs, the 
prepreg was applied as four layers, determined to be adequate using a flexural analysis 
by Sowrirajan (1995). As in previous tests with reinforced concrete, the prestressed 
members were strengthened considerably by the CFRP material, and the increment of 
tensile strain in the internal prestressing tendons was reduced due to the large component 
of the tensile moment couple sustained by the composite. Using the reinforced concrete 
beams, an increasing number of prepreg laminates from I to 3 was found to be associated 
with increases in the concrete cracking and serviceability loads, member stiffness and 
ultimate capacity; the thickest composite was only 0.6min thick, confirming the large 
benefit to be gained using these thin materials. These beam tests were followed by 
flexural load tests of CFRP plated T-beams (Shahawy and Beitelman, 1996), again 
demonstrating the improved stiffness and strength when externally strengthened. 
At the Universit6 Laval in Quebec, Canada, Deblois et al (1992) strengthened reinforced 
concrete beams with unidirectional and bi-directional GFRP sheets. The strength 
improvement of 18% with the unidirectional soffit material was raised considerably to 
58% when the bi-directional composite was bonded to the sides of the beams, since the 
external shear reinforcement improved the shear capacity of the members. 
The flexural strengthening of concrete slabs was the subject of investigation also at the 
Royal Military College of Canada in Ontario, where Erki and Heffernan (1995) tested 
one- and two-way spanning slabs with unidirectional GFRP and CFRP composites. The 
benefit of the additional reinforcement was noted to become greater as the depth of the 
concrete member reduces, in which case the area ratio of the composite increases, so the 
strengthening of slabs is an area of high potential for composites. The flexural 
stifinesses of the slabs were increased by the bonded material, to the greatest extent 
using the CFRP material, thereby delaying the onset of flexural cracking and increasing 
the ultimate capacities. 
Heffernan and Erki (1995; 1996) considered the 'equivalent capacity' concept of plating 
in their studies of rectangular beams with a low and a high internal rebar provision; the 
low provision was supplemented with an externally bonded carbon/epoxy prepreg of 
such an amount that the load to cause yield of the rebars was equal for the low and high 
rebar area ratios. The member stiffnesses were approximately equal in both cases, but 
the plated beams were able to carry finther load beyond yield, while the internally more 
heavily reinforced beams exhibited classical concrete compression failure after yield. In 
2.3. Composite plate bonding 23 
addition, the plated members suffered narrower cracks due to the extra restraint provided 
by the bonded composite. 
Ichimasu et al (1993a; 1993b) described the feasibility testing and flexural calculations 
for the CFRP plating of reinforced concrete slabs in the Tokyo Metropolitan 
Expressway. Having loaded the full scale slabs to initially crack the concrete, they were 
flexurally strengthened such that the permissible stress in the internal steel was reached 
under an applied load 30% greater than in the unstrengthened members. In designing the 
strengthening system for flexural loading, the CFRP stress was restricted to 60% of the 
material strength. 
At the Structural Engineering Research Centre in Madras, India, Parmeswaran et al 
(1993) tested reinforced concrete beams strengthened with E-glass/polyester plates of 
varying thicknesses. The serviceability loads of the beams, associated with a midspan 
deflection Of 1/330 times the span or a flexural crack width of 0.2mrn, were improved by a 
greater proportion as the composite thickness increased, but comparison tests with steel 
plates indicated the greater improvements with the higher modulus metal reinforcement. 
Beams in which the concrete was pre-cracked before plating exhibited essentially the 
same ultimate capacities as those that were initially intact, since the failure modes of 
plate separation or concrete crushing were not influenced by the initially inextensive 
flexural cracks. 
The strengthening of pre-cracked beams using a glass/polyester composite was 
investigated experimentally by Sharif et al (1994) also, at the King Fahd University 
(KFUPM) in Saudi Arabia; the absence of an effect due to pre-cracking was confirmed. 
Three plate thicknesses of Imm, 2mrn and 3mm were used, revealing a lower ultimate 
capacity with increasing thickness, due to the more premature plate separation arising 
from the elevated plate end shear and peel stress concentrations associated with thicker 
plates. The equations developed for steel plating by Roberts (1989) were rearranged to 
determine the ultimate loads corresponding to plate separation, assuming the critical 
shear stress of 3.5 MPa determined by Ghaleb (1992) in GFRP/concrete lap shear tests. 
To avoid the premature plate separation, Sharif el al (1994) tried three plate end 
anchorage systems. One was the use of steel bolts into the concrete at the ends of the 
soffit plate. This system eliminated failure in the concrete cover layer, but failure was in 
the unstrengthened length of beam not covered by the soffit plate. Composite plates 
bonded to the sides of the shear spans of beams with bolted plate ends resulted in 
concrete compression failure when a 2mm, thick soffit plate was used. A third anchorage 
method, intended to provide additional anchorage length, was the use of I-jacket shaped 
wings at the end of the soffit plate. This allowed the full flexural capacity of the member 
to be reached, compressive failure having occurred in the constant moment region at the 
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top of the beam. 
The work at KFUPM included the fluthering of shear rehabilitation studies by Al- 
Sulaimani et al (1994) who used GFRP plates for the shear strengthening of initially 
shear-cracked concrete beams with a shear capacity 1.5 times lower than their plated 
flexural capacity. The shear repair comprised the three systems of strips, side plates and 
a U-shaped jacket throughout each shear span. The beams repaired with side strips and 
side plates failed by diagonal tension, with dominant cracks at failure following the 
cracks initially present in the beams from the pre-loading stage. Concrete compression 
failure occurred in the beams with the jackets. The post-repair load-deflection behaviour 
indicated greater stiffness with the side strips than without, demonstrating that the strips 
were efficient in restoring the stiffness lost by preloading. 
At the Chongqing Institute of Communications in China, Shijie and Ruixian (1993) 
tested GFRP plated beams in which the plate ends were anchored under the beam 
supports, thereby preventing premature plate separation and enabling the full flexural 
capacity, reached by concrete compressive failure, to be determined. Again, the effect of 
plating of the concrete crack widths was to reduce the widths but the ultimate capacity 
improvement which was greater with thicker plates, was only 35% since the beam 
failure was in concrete compression. 
Takeda et al (1996), in collaborative work between the University of Kumamoto and the 
Mitsubishi Chemical Corporation of Japan, tested reinforced concrete beams flexurally 
strengthened with 1,2 or 3 layers of 0.28mm thick carbon/epoxy sheets; each successive 
layer was 1/3 of the previous length. The load to cause flexural cracking of the concrete 
was not changed by the bonded composite since the area ratio of the composite was 
small. However, after the onset of cracking, the bonded material clearly improved the 
stiffnesses of the beams. The reinforcing effect of the 2- and 3-layer composite was little 
better than the single layer of material, since the additional layers were not able to 
prevent the plate separation which initiated near one of the loading positions of the four 
point bending configuration. In the light of the experimental work of Chapter 4, it is 
known that this type of plate separation is associated with relatively high shear span/ 
depth ratios, as will be shown in a comparison of various shear span/depth effects in the 
literature and in the experimental work of Chapter 4. 
More recently, He et al (1997a), at the University of Sheffield, used steel and CFRP 
plates with the same axial stiffnesses to strengthen pre-cracked reinforced concrete 
beams in which a new, but unspecified, plate end anchorage system was adopted. The 
basic improvement in structural performance, due to plating, was verified and it was 
found that the CFRP plates produced a greater improvement in ultimate load than the 
steel plates, probably due to the lower out-of-plane rigidity of the CFRP which helped to 
23. Composite plate bonding 25 
delay the premature plate separation due to peeling at one end of the plate; this reason 
was suggested by Fanning (1997) for the same observation in tests at University College 
Dublin, Ireland. He et al (1997a) noted that the high stress and strain potential of the 
CFRP will not be utilised unless the plate is prestressed. 
At the University of Artois, France, David ef al (1997) tested pre-cracked and initially 
intact reinforced concrete beams strengthened with GFRP and CFRP plates, confirming 
the higher member stiffness generated with the CFRP material. The development of a 
plate/concrete interface relationship was in progress and the authors intended to use this 
in numerical studies to support the preliminary experimental results. 
Bencardino el al (1997) tested CFRP plated beams at the University of Calabria, Italy, 
recording reductions in member ductility due to plating without plate end anchorage; the 
ductility was restored when anchorage was fitted in the form of externally bonded U- 
shaped steel stirrups. The method of CFRP plating was used to successfully strengthen 
an experimental portal frame structure. 
Buyukozturk and Hearing (1997), at the Massachusetts Institute of Technology, tested 
GFRP and CFRP plated reinforced concrete beams with varying quantities of internal 
shear reinforcement and external plate length; fully flexural failures, by concrete 
compression or plate tensile fracture, occurred only when the shear provision was high or 
the plate was long - ie. when the plate extended well beyond the loading positions of the 
four point bending arragement. The more usual occurrence of premature plate separation 
was acknowledged, giving rise to the need for suitable analysis approaches, although 
none was verified against experimental results. 
2.3.2 Research at the University of Surrey 
Quantrill ef al (1995) tested reinforced concrete beams strengthened with GFRP plates, 
confirming the improvement in ultimate capacity and structural stiffness due to plating. 
Reducing the plate aspect ratio, using narrower plates of the same thickness, caused a 
loss of ultimate capacity, consistent with previous reports. Subsequent work (Quantrill, 
1996; Quantrill el al, 1996a) demonstrated that higher modulus CFRP plates produce 
greater plated member stiffnesses, and that some form of plate end anchorage is 
necessary to prevent plate separation due to plate end peeling; the provision of plate end 
anchorage increases considerably the stress levels which can be sustained before failure 
occurs by plate separation or debonding (Quantrill el al, 1996b). 
A number of publications by the present author have been based on the material 
presented in this Thesis. These have concerned the parametric study of the effects of the 
plate cross sectional geometry and plate end anchorage (Garden el al, 1996,1997a; 
Garden and Hollaway, 1997a), the effects of the plate anchorage length, related to the 
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shear span/beam depth ratio (Garden et al, 1997b), and the use of prestressed composite 
plates (Garden and Hollaway, 1997b; 1997c; 1997d). The results of these studies are 
provided in Chapters 4 and 5 for non-prestressed and prestressed composites, 
respectively. The work was undertaken to provide knowledge of plated structural 
characteristics with which to conduct full scale loading tests of 18. Om long beams 
removed from the A34 Botley Flyover in Oxfordshire, as part of the UK Government's 
DTI LINK Structural Composites Programme entitled ROBUST; these full scale trials, 
which were undertaken by the Royal Military College of Science, have been described in 
various publications (Anon., 1995a, 1995b, 1996a; Parker, 1996a; Lane et al, 1997a, 
1997b). 
2.4 Summary and conclusions of literature review 
The literature based on steel and composite plating has demonstrated the improvement in 
structural strength and stiffness brought about by the externally bonded material. The 
flexural pre-cracking of the concrete has no influence on the ultimate condition when 
this is reached by plate separation due to plate end peel, confirming the benefit of plating 
for structurally deteriorated members. The stiffness improvement due to plating is 
greater using carbon fibre composites than glass fibre materials. Some form of plate end 
anchorage is needed to delay or avoid premature failure due to plate separation; Chapter 
4 will show the structural benefit of anchorage under different shear span/depth ratios. 
Flexural calculations may be used to determine the plated ultimate capacity when this is 
reached by compressive failure of the concrete and/or tensile failure of the plate. The 
lowering of the neutral axis due to plating places more of the concrete in its most 
efficient mode of loading, and the transfer of stress between cracks improves the tensile 
performance of the concrete. The adhesive material properties affect the composite 
action between the beam and plate; high adhesive stiffnesses are associated with greater 
composite action. The bonded plate is able to restore the structural stiffness lost due to 
an inadequate internal tensile reinforcement provision, and additional strength is also 
provided. 
The present Study began some 7 years after the first research at EMPA in Switzerland, 
but little was known of the composite plating technique since the bulk of the research 
efforts were not reported until the early 1990s. Despite the lack of experience with the 
use of externally bonded composite plates, a number of pilot case histories have been 
reported, as reviewed next. 
24. Summaq and conclusions ofliterature review 27 
2.5 Review of composite plate bonding applications 
2.5.1 Introduction 
The FRP plating applications have been cases in which a rapid and effective procedure 
was required to enable subsequently greater applied loads or to restore a loss of stiffness 
brought about by structural deterioration or inadequate original reinforcement 
In comparison, the applications of steel plate bonding have been relatively numerous due 
to its longer history of feasibility testing. Although steel plate bonding is not the topic of 
this Project, it is of interest to review the variety of structures for which the technique has 
been used, and a brief summary of applications is presented in Appendix 2. 
The following review is of applications for which composite plates have been used, 
despite the lack of detailed design guidelines for the use of composite plates. To the best 
of the author's knowledge, no practical applications of prestressed plates have been 
reported. 
2.5.2 Composite plate bonding applications 
Due to the conception of FRP plating at EMPA, most of the applications have been in 
Switzerland where carbon/epoxy pultruded plates have been used. These cases are 
considered in more detail than below in EMPA publications such as Meier el al (1993a) 
and Meier (1995). 
The first case was that of the lbach bridge near Lucerne, a multi-span box girder in which 
several wires of a prestressing tendon were severed after coring for the foundations of 
new t-affic signals. A total of 6.2 kg of CFRP plates were epoxy bonded as 150mm wide 
strips of 1.75mm or 2.0mm. thickness in 5. Om lengths; if steel plates had been used, 175 
kg of steel would have been required. An 84-tonne vehicle load test confirmed the 
adequacy of the strengthening operation which was conducted from a mobile platform 
rather than from scaffolding. 
The historic wooden bridge in Sins, built in 1807 and modified in 1852, was found to be 
inadequate for modem traffic loads and needed strengthening in 1992 due to opposition 
against the construction of a pretensioned concrete bridge. Two of the most heavily 
loaded oak cross beams were strengthened by epoxy bonded CFRP laminates of I. Omrn 
thickness, without detracting from the valuable aesthetic appearance. 
The City Hall of Gossau St. Gall was the first building in Switzerland to have been 
strengthened with CFRP laminates. Before cutting a rectangular opening in a slab for a 
new lift shaft, the slab was plated along what were to become the edges of the lift shaft. 
Again, aesthetics dictated that thin CFRP plates should be used in preference to thicker 
steel plates. 
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Other Swiss strengthening applications, about which less detail was reported, were the 
strengthening of a supermarket roof to permit the removal of a supporting wall, a multi- 
storey car park in Flims, a chimney wall at the Leibstadt nuclear power plant, and the 
ground floor of the rail terminal in ZUnch. 
The Kattenbusch highway bridge in Germany is reported to be the first bridge in the 
world to have been strengthened with FRP plates (Meier et al, 1993a). Fatigue stresses 
in the coupled prestressing tendons, and transverse cracking due to thermal restraint at 
the working joints of the multi-span bridge, were reduced by 36% using 30mm thick 
GFRP plates, and concrete crack widths were reduced by 50%. Twenty plates were used 
at each of 10 joints, 8 strengthened by steel plates and 2 with the GFRP whose thickness 
was chosen to give the same axial rigidity as that of the steel. 
Greenfield (1995) described the carbon/epoxy plating of a cracked sewage treatment 
basin in Pennsylvania, thereby enhancing the structural strength and restoring the water- 
tight integrity. The cracks were caused by a combination of drying shrinkage and an 
inadequate internal reinforcement provision. 
Nanni (1995) reported the findings of a visit to Japan to determine the scale of FRP use 
as external reinforcement concluding that the greatest number of field applications have 
occurred in Japan in recent years, using thinner FRP sheets rather than the plates used in 
Europe, Saudi Arabia and North America. The use of FRP sheets for the structural 
strengthening of concrete in Japan has addressed problems in bridges, tunnels, car parks 
and other structures (Greenfield, 1995). The following five examples of FRP 
strengthening were cited by Nanni (1995), carbon fibre composites having been used in 
each case: 
the strengthening of a cantilevered slab of the Hata Bridge along the Kyushu Highway 
in order to accommodate larger parapet walls which caused elevated bending 
moments due to the higher wind force; 
the increase of the load rating of the Tokando Highway bridge at Hiyoshikura, a 
reinforced concrete deck supported on steel girders, causing a 30 - 40% reduction of 
stress in the internal rebars; 
the arrest of the internal steel reinforcement corrosion of the concrete beams in the 
waterfront pier at the Wakayama oil refinery; 
the strengthening and stiffening of the concrete lining of the Yoshino Route tunnels 
on Kyushu Island, necessary due to cracking which arose from unexpected 
fluctuations in the underground water pressure. No loss of tunnel cross sectional area 
occurred and the road remained open during the bonding work; 
the longitudinal strengthening of the sides and soffit of a box culvert at the Fujimi 
Bridge in Tokyo. 
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In the LK., Parker (1996b) reported the CFRP plating of the ribs of a concrete roof at 
King's College Hospital in London. To minimise land use on the congested site, it was 
necessary to add an extra floor on the flat roof, requiring the strengthening of the ribs to 
accommodate the additional load. The use of steel plates was discounted due to the need 
for lap joints to form the I I. Orn lengths. Also, the small rib width of just 80mm would 
have made it almost impossible to avoid striking the internal reinforcement during the 
drilling operation for the plate anchorage bolts which are necessary for steel plates. Steel 
plating would probably have necessitated the demolition of more internal partitioning to 
provide access for props to hold the plates in position during adhesive cure. The live 
load capacity of the roof slab was almost doubled using the 2 kg plates which replaced 
60 kg steel plates. 
Again in the UK, more than 200m of CFRP plate were used to strengthen the 3 8-year old 
A413 underpass near Great Nfissenden in Buckinghamshire (Anon., 1997), claimed to be 
the first road bridge in Southern England to be strengthened by this method. 
In addition to the above cases, there have been reports of research into, and the practical 
application of, the FRP strengthening of concrete columns and chimneys, particularly to 
resist the damaging effects of seismic loads. For example, Priestley el al (1992) 
considered the seismic retrofit of bridge columns in California using GFRP jackets, 
Mufti el al (1992) and Ballinger et al (1993) reported the retrofitting of tall chimneys in 
Japan using CFRP tapes, and Saadaltmanesh el al (1994) reported research at the 
University of Arizona into the strength and ductility of concrete columns externally 
reinforced with composite straps. 
This Review has not been exhaustive but has served to indicate the types of structures to 
which FRP strengthening applies, and the reasons for its use. In order to increase 
confidence in the use of externally bonded CFRP plates for principal structures in 
practice, such as trunk road bridges, the benefits of this strengthening method will need 
to be finther demonstrated by continued practical application and research to develop 
more reliable analysis and design procedures to ensure against premature plate 
separation. The procedure for specifying the plate and adhesive materials, and for 
obtaining approval for their use, has been simplified in the UK by the amalgamation of 
the individual product approval systems of the Highways Agency, the British Board of 
Agr6ment and the County Surveyors' Society, into one all-encompassing scheme known 
as the Highways Authorities Products Approval Scheme (HAPAS), as described in a 
recent publication by Robery and Innes (1997). 
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Chapter 3 
Preparations for structural studies 
The purpose of this Chapter is to introduce and characterise the materials that were used 
in the studies of plated beam behaviour and to show the configurations of the 
experimental test beams. The procedures adopted for the preparation of the bonding 
surfaces in the test beams are also outlined. 
3.1 Material characterisation 
The four materials present in the strengthened beams were the concrete, internal 
reinforcement adhesive and composite plate; it was necessary to determine their 
characteristic properties for subsequent use in the analytical and numerical investigations 
of strengthened beam responses, and to allow the comparison of experimental behaviour 
against different material strengths and stiffnesses. 
3.1.1 Characterisation of the concrete 
It will be shown in the experimental beam studies that a large number of beams were 
required to permit the desired parameters to be investigated. To ensure, as far as 
possible, that the concrete properties were consistent within a given batch of specimens, 
it was decided to have the majority of the beams cast by a precast concrete manufacturer 
so that a large number could be made in one pour. This task was undertaken by Grecon 
Precast Concrete Ltd., based in Romsey, Hampshire, for the beams used in the short term 
static loading tests to failure, detailed in Chapters 4 and S. All other beams, ie. those 
used for the cyclic loading trials and the environmental durability investigation, were 
manufactured at the University since the facilities were available to produce these 
smaller numbers of beams. All beams were kept under polythene in the casting yard for 
a period of 28 days before being stored in the laboratory until testing. 
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The beams were of a small 1.0m scale and of larger 2.3m and 4.5m lengths. The 1.0m 
beams were used for the majority of the tests since the influence of a number of basic 
parameters could be assessed relatively rapidly, before confirming the results using the 
larger specimens. Since the beams were manufactured in several batches, their 
characteristic properties were not all identical, especially since the author had no control 
over the batching for the beams purchased from Grecon Ltd., but a consistent mix design 
was specified for all beams in an attempt to achieve a degree of uniformity. Ordinary 
Portland cement was used in all beams, together with Thames Valley gravel and sand for 
the coarse and fine aggregate, respectively; the coarse aggregate comprised a 
combination of crushed and uncrushed gravel, while the fines in the University mix 
contained 73% by weight of sand passing a 0.6mm sieve. The proportions of cement/ 
coarse aggregatelfine aggregate were specified as 1/2.29/2.04 for all sizes of beam but 
the actual proportions were as listed in Table 3.1. 
Table 3.1 Cement and aggregate material proportions 
mix Material Free waterl 
proportions cement ratio 
University 1/2.29/2.04 0.46 
Grecon I. Om 1/1.10/1.90 0.40 
Grecon 2.3m and 4.5m 1/2.70/1.90 0.40 
The specified free water/cement ratio of 0.46 was calculated assuming the fines and 
coarse aggregate would absorb 1.8% and 3.6% of water by weight after a period of oven 
drying to remove all water-, these values were determined in a trial batch at the 
University. The specified cement and aggregate proportions were determined using the 
method for the design of normal concrete mixes, as laid out in Building Research 
Establishment calculations (DoE, 1988), assuming a desired target strength of 50 NVa at 
28 days. The maximum coarse aggregate size in the I. Orn beams (University and 
Grecon) was 10mm, allowing the stones to fall between the relatively closely spaced bars 
of the reinforcement cages, while the maximum size in the 2.3m and 4.5m beams was 
20mm. The fines of the 2.3m and 4.5m beams comprised a range of sizes from 5mm to 
1 Omm, while the I. Orn fines were no larger than 5mm. 
After each University batch was prepared, a standard slump test was conducted to BS 
1881, Part 102 (1983), to ensure the mix was of the desired workability, giving a slump 
of between 80mm and 90mm. After the minimum curing period of 28 days under 
polythene, the compressive strength of each concrete batch was determined by testing 
standard cubes to BS 1881, Part 116 (1983), having prepared them according to BS 
1881, Part 108 (1983). The modulus of elasticity was also found at 28 days by the- 
procedure of BS 1881, Part 121 (1983); the results are listed in Table 3.2. The tensile 
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strength of the 2.3m and 4.5m beams, also shown in Table 3.2, was found from direct 
tension pull-off tests on the beams themselves, by the procedure of BS 1881, Part 207 
(1992), after the beams had been load tested; the 50mm diameter steel dollies were 
bonded to the plug of concrete formed by coring to a depth of 15mm to ensure the tensile 
failure occurred away from the relatively weak concrete surface. The dollies were 
located at the top and sides of the beams, away from the internal reinforcement. The 
results of these tests were confirmed using 56-day uniaxial tensile tests of necked 
rectangular prisms. There is no British Standard for the necked prisms but the test 
facility and specimen moulds were constructed specially at the University; the ends of 
the prisms are of 100mm square cross section, reducing gradually to 80mm by 100mm 
towards the central gauge length in the 500mm long specimens. Ile dollies were too 
large to be used on the 1. Orn beams so just the direct tension tests were used. At least 
three specimens were tested in each of these test types. Cylinder splitting tests, to BS 
1881, Part 117 (1983), were also conducted but were found to give tensile strengths 
typically 40% greater than the values from the pull-off and direct tension tests, probably 
due to the enhancing effect of aggregate particles near the loaded surfaces (Hannant el al, 
1973; Neville, 1995). 
Table 3.2 Characteristic concrete material properties 
Test beam toe Plwe of 
manufacture 
Modidus of 
elasdcizy (GPa) 
Compressive 
strength (APa) 
Tensile 
strength Ora) 
Short term static tests to failure 
I. Om four point bcndý group A (Chap. 4& 5) Grecon 35 54.0 2.5 
I. Orn cantilevers, group Ca (Chap. 4) Ch=on 35 64.3 2.6 
23m four point bend, group B (Chap. 4) Grecon 34 47.0 or 58.0 2.6 
23m half beams, group H (Chap. 4& 5) Grecon 34 47.0 or 58.0 2.6 
4.5m four point bend, group B (Chap. 4& 5) Grecon 34 47.0 2.6 
2.3m four point bend heavily reinforced Grecon 35 61.5 3.1 
internally in shear, group S (Chap. 4& 5) 
Static tests after environmental exposure 
0.8m four point bend (Chap. 4 freeze-thaw University 31 40.1 2.0 
0.8m four point bend (Chap. 6), humidity tests University 33 50.6 3.1 
Beam subjected to fatigne loading 
I. Orn four point bend (Chap. 7) University 34 47.1 2.3 
Small scale blocks in prestressing study 
130mm by 100trun by 100mm blocks (Chap. 5) University 36.3 
Table 3.2 shows that two compressive strengths were found for some of the beam types; 
this is because it was necessary to manufacture these beams in more than one batch due 
to the initial uncertainty in the number of beams required. Only one strength was used 
for any particular plated beam parameter investigation in most cases, but a change of 
strength is acknowledged where appropriate. 
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3.1.2 Characterisation of the steel reinforcement 
The internal steel reinforcement of the I. Orn beams and cantilevers comprised 6mm 
diameter mild steel plain rebars at the top and bottom of the section and 3mm diameter 
plain mild steel links. The 2.3m beams were equipped with 10mm diameter type 2 high 
tensile ribbed rebars at the bottom of the section and type 2 8mrn bars at the top; 6mrn 
diameter plain mild steel links were used. The 4.5m beams had the same top rebars and 
links but the bottom rebars were of 12mm. diameter, again high tensile type 2 ribbed 
material. For the purpose of characterisation, 300mm. long samples of the rebars and 
links were instrumented with centrally located longitudinal electrical resistance strain 
gauges; the gauge length of the ribbed bars was prepared by turning down the steel to 
remove the ribs and provide a surface, of known diameter, that would accommodate the 
strain gauges. The specimens were tested in an 'Instron' tensile loading machine at an 
extension rate of I. Omm/min. which is within the allowable maximum rate derived from 
BS EN 10002-1, Part 1 (1990) for the particular specimens tested. Table 3.3 lists the 
tensile strengths and moduli of the various steels. 
Table 3.3 Characteristic properties of the internal reinforcement 
Reinforcement bar type Modulus of 
elasticity (GPq) 
Yieldstrength 
(APa) 
Ultimate 
strength (APa) 
I. Om beams: top and bottom rebars 215 350 436 
I. Om beams: shear links 210 350 407 
2.3m beams: top and bottom rebars 220 556 639 
2.3m beams: shear links . 
208 350 423 
4.5m beams: top and bottom rebars 220 556 639 
4.5m beams: shear links 208 350 423 
In addition to the internal steel reinforcement, externally bonded mild steel strips were 
used on some of the 2.3m and 4.5m beams, as shown in the shear reinforcement study of 
Chapter 4. These 25mm wide, 2mm thick strips were characterised in tension using 
300mm long samples, again instrumented with centrally located strain gauges. The 
modulus of elasticity, yield strength and ultimate strength of the strips were 223 GPa, 
320 M? a and 420 NTa, respectively. 
3.1.3 Characterisation of the composite plate reinforcement 
3.1.3.1 Introduction to the materials 
The majority of the external reinforcement materials in the experimental beam tests in 
this Project were carbon fibre reinforced polymer (CFRP) composites, consisting of 
unidirectionally aligned carbon fibres embedded in a resin matrix. For comparison 
purposes, a single beam was tested with a unidirectional glass fibre reinforced polymer 
(GFRP) plate, comprising glass fibres in a resin matrix, and a number of shear pull-off 
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tests, described in Chapter 5, also made use of the GFRP material. 
The CFRP material was of two types, firstly a prepreg plate used for the I. Om beams 
and, subsequently, a pultruded plate for the 2.3m and 4.5m beams; both plate materials 
were provided by Techbuild Composites Ltd. (formerly GEC Reinforced Plastics Ltd. ). 
The 1.0m beams were to be used in a parameter study of the influence of the CFRP plate 
cross sectional dimensions; consequently, the following three plate sizes were used: 0.50 
by 90mm, 0.82 by 67mm. and 1.13 by 47mm. Each plate size was characterised using the 
tensile test specimen shown in Figure 3.1 (page 36) to give the properties listed in Table 
3.4; the applied stress was based on six measurements of sample width and thickness in 
the gauge length. The specimen length of 300mm is consistent with the minimum of 
200mm required by method 320F of BS 2782, Part 3 (1976) and was considered 
sufficient to prevent an influence of stress concentrations due to end effects which 
invariably occur in such tests (Sturgeon, 1971). The test pieces were machined from the 
composite materials using a water-cooled diamond saw and the specimens were tested at 
a rate of 1.0 mm/min. in an 'Instron' universal testing machine. The aluminium end tabs 
were bonded using the 3M adhesive material described in section 3.1.4.6 (page 53). 
Table 3.4 Average material characteristics of the composite plates 
Plate type Modulus of Tensile Ultimate strain Poisson's 
elasticity (GPa) strength a2a) (microstrain) ratio 
0.50 by 90mm CFRP prepreg 108.05 (±2.3%) 1285 (a. 4%) 11750 (+-8.9%) 0.29 
0.30 by 90mm CFRP prepreg 
0.82 by 67mm CFRP prepreg 
1.13 by 47mm CFRP prepreg 
0.64 by 65mm GFRP prepreg 
1.28 by 90mm CFRP pultrusion 
107.97 (±2.10/o) 1522 (+9.2%) 14100 (±8.60/o) 0.31 
110.88 (±4.20/o) 1414 (+-7.60/o) 12340 (4: 6.09/o) 0.32 
113.34 (+-3.70/o) 1269 (+-11.70/o) 11330 (-+12.60/o) 0.33 
36.09 (±2.90/o) 955 (+-6.5 O/o) 26185 (+-7.30/o) 0.27 
135.00 (±3.70/o) 1226 (±4.00/o) 7540 (±2.0%) 0.31 
1.28 by 90mm CFRP pultrusion 114.72 (+-2.50/o) 1284 (+-12.30/o) 10770 (±13.3%) 0.33 
The values in brackets in Table 3.4 are the maximum differences between the measured 
properties and the average characteristics, indicating the relative consistency in the 
moduli and the variability in the tensile strength and ultimate strain. The modulus of 
elasticity is a pre-failure property unaffected by the mode of failure, while the variability 
in the strength and ultimate strain indicates the inconsistent onset of fibre and resin 
fracture between samples in the failure modes described below. The Table shows the 
relatively low modulus of the GFRP material, consistent with the high strain to failure 
and the lower tensile strength than for the CFRP composites. At least three tensile 
coupon specimens were tested in each case. 
The CFRP coupon samples failed initially by the fracture of thin strands of material 
along the edges of the specimens followed, at greater applied load, by the longitudinal 
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splitting of the samples along their length within the width of the material. After one or 
two such splits had formed, the specimens suffered complete failure by the explosive 
tensile fracture of the cross section, leaving little material protruding from the bonded 
end tabs due to the wide dispersion of the majority of the material. The GFRP also 
experienced initial edge fractures but these were followed by an explosive tensile failure 
which left the material broken into two brush-like halves, and the specimens remained 
intact at the end tab positions. The occurrence of initial edge fractures is attributed to 
fibres that are likely to have been severed when the material was sawn to size, leaving 
only relatively weak resin-rich areas. 
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Figure 3.1 Composite tensile test specimen dimensions 
The longitudinal splitting observed in the CFRP tests is to be expected for a composite in 
which the fibre and resin/fibre interface strengths are statistically distributed throughout 
the material so that the weakest fibre breaks and, with a further increase in strain, the 
next weakest fibre fails, leading to an increasing density of fibre breaks (Marston el al, 
1996) and eventual composite failure. 
Table 3.4 shows two pultrusion batches, the first of which was used in the initial 2.3m 
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beams used to confirm the I. Orn beam results, while the second was used in all other 
2.3m and 4.5m beams. The first batch was the material from an initial trial of the 
pultrusion process, while the second was produced after refinements in the process. 
3.1.31 Choice of materials and their manufacture 
In order for the results of the experimental work to be representative of plated beam 
behaviour in practice, it was considered important to use composite materials that are 
likely to be manufactured in quantity for application on site. Therefore, the composite 
plates for the larger scale 2.3m. and 4.5m beams were produced by the pultrusion process 
since this method is cost-efficient for manufacturing large quantities of the material. 
While the pultrusion process was being refined, as described in section 3.1.3.2.2 (page 
38), the shorter plates for the I. Orn beams were produced from a prepreg material; the 
general procedure of this manufacturing method is described next. 
3.1.3.2.1 Composites for the I. Oni beams 
The prepreg, or sheet moulding compound, is a polymer moulding material with 
chopped strands of varying length and fibre content (Hollaway, 1990) which is 
impregnated with the resin to produce the composite; the prepreg sheets are stacked in 
sufficient number to give the desired fibre volume ratio. Curing of the piepreg/resin 
system takes place in an autoclave, the size of which determines the longest plate that 
can be manufactured. A temperature of around 1400C is usually applied, together with a 
pressure of between 3.5 and 5 N[Pa. 
The CFRP prepreg composites in this Project were manufactured by 'Cytec' ('CYCOM' 
919]HF420/o-HS-135460 (PIN 02098)) and contained 58% weight fraction of high 
strength carbon fibres ('Toray' T300) and 42% epoxy resin. Unidirectional carbon fibre/ 
epoxy resin prepreg systems are the most common. The T300 carbon fibres typically 
have a modulus of around 230 GPa and a tensile strength of 3500 NTa (Quinn, 1994); 
Table 3.4 confirms that these values are lowered somewhat by the addition of the 
relatively low modulus epoxy resin, the value of which is typically between 3 and 7 GPa 
(Hollaway, 1993). Epoxies are thermosetting resins whose cure process cannot be 
reversed by heating, unlike thermoplastic resins which can be re-shaped at elevated 
temperature. 
The choice of 'Toray' T300 carbon fibres was based on the fact that this type of fibre is 
the most commonly used and is cheaper than higher grade fibres. The initial review of 
the plate bonding literature indicated that it is usually the concrete itself that fails, rather 
than the plate, so it would have been wasteful to use a very high strength composite 
which would have been utilised inefficiently. However, although there was no need for 
very high strength fibres, it was felt necessary to ensure that premature plate fractures, 
unrepresentative of the structural responses of the plated beams, would be avoided. 
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Therefore, an epoxy resin was chosen for its relatively high tensile strength and fibre/ 
resin interface bond strength. In addition to these mechanical properties, epoxies 
generally experience little shrinkage during the curing process; it was thought this would 
be an advantage in achieving the three desired plate cross sections. The plate dimensions 
originally intended were 0.5 by 90mm, 0.7 by 65mm and 1.0 by 45mm, to give equal 
cross sectional areas but different ratios of width to thickness, but the thicknesses of the 
prepreg sheets were such that the actual plate thicknesses were 0.50mm, 0.82mm and 
1.13mm. 
The GFRP material, also manufactured from a prepreg, comprised E-glass fibres and a 
vinylester resin in the proportions 65% of fibres and 35% of resin, by weight. 
The CFRP and GFRP prepreg composites were equipped with a layer of peel ply 
material for the purpose of subsequent surface preparation immediately before applying 
the adhesive to the plate. The peel ply, which was included before placing the uncured 
composite in the autoclave, was a nylon-based fabric that had been heat set and scoured 
so that it could be used directly against laminates. 
3.1.3.2.2 Composites for the 2.3m and 4.5m beams 
These were manufactured by the pultrusion process, in which the reinforcing fibres were 
unreeled in bundles from 12 round cheeses and pulled in two rows of 6 bundles through 
a resin bath and then through wiper rings before passing through a heated die to cure the 
resin; this process is more suitable than the prepreg process for the manufacture of 
unlimited lengths of composite since the method is fully automated and continuous, 
requiring minimal labour (ie. lower cost), but the quality of pultruded composites is 
generally lower than the more advanced prepreg materials. As with the prepreg 
composites for the I. Orn beams, a peel ply layer was to be used for subsequent surface 
preparation; this layer was drawn through the die so that it could be adhered to the 
composite at the time of curing. The peel ply was designated AlOO PS, again a nylon- 
based fabric of 0.145mm nominal thickness. It was found that the peel ply became 
curled around the edges of the composite and trapped in the thickness of the uncured 
plate, making it very difficult to remove the peel ply from the hardened composite 
immediately before adhesive application (Snibson, 1996). This problem has since been 
remedied but, in order to complete the experimental beam tests in the time available, the 
plates were reduced from the originally intended width of 100mm to 90mm by sawing 
along both longitudinal edges, thereby removing the snagged peel ply. 
The pultruded plates also contained the T300 carbon fibres but a vinylester resin was 
used instead; the component proportions, by weight, were 67% fibres and 33% resin. 
Vinylester resins are also thermosetting materials and are sigificantly easier to process 
by pultrusion than epoxy resins. This is because epoxies are relatively viscous, giving 
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rise to a greater processing cost. In addition, vinylesters possess qualities that render 
them appropriate for use in practice, such as high corrosion resistance, temperature 
performance and strain to failure (Quinn, 1995). Therefore, the likely use of this resin 
type in practice was the reason for its application in the experimental beams of this 
Project. The particular resin used was 'Palatal' A430 material, with a tensile strength of 
83 NIPa and an ultimate strain of 6% (BASF, 199 1). 
3.1.4 Characterisation of the adhesive 
3.1.4.1 Introduction to the adhesive 
The adhesive used to bond the composite plate reinforcement to the concrete was 
Sikadur 31 PBA (plate bonding adhesive), a two-part cold-curing epoxy resin adhesive 
consisting of a white silica-filled resin and a black hardener, manufactured by Sika Ltd.; 
a uniform mid-grey colour indicates adequate mixing of the two components. The resin 
component is based on bisphenol 'A' and the hardener is polyamine-based. This 
adhesive was formulated specifically for the external bonding of structural plate 
reinforcement to concrete and cast iron substrates (Sika, 1993). It is suitable for use on 
site since its coloured components ensure the correct mix quantities and its thixotropic 
nature facilitates its application in both vertical and overhead situations in layers up to 
10mm thick (Sika, 1993). The room temperature pot life of the adhesive is 30 minutes, 
this being its workable period after the resin and hardener are mixed. 
This adhesive has been widely used in previous steel plate bonding applications since it 
meets the requirements of BA 30/94 (1994), the then Department of Transport advice 
note on steel plate bonding. The familiarity with its use, its excellent adhesion to 
concrete, negligible curing shrinkage and high moisture resistance are factors that ensure 
this material, or its modified derivatives, will be likely candidates for composite plate 
bonding applications. Therefore, it was chosen for the present work to verify its ability 
to impart to the concrete the maximum stiffness possible with the plate materials used, 
and to check that the strength of its bond to the composite is at least as high as the 
strength of the concrete in the tension zone of the beam. 
3.1.41 Characterisation of the adhesive 
3.1-4-2.1 Testing of tensile specimens 
The popularity of Sikadur 31 PBA has led to its use in previous studies of strengthening 
by plate bonding, so it is a well characterised material. In each case, the reported 
properties apply to the preparation of the adhesive as it would be used on site - ie. 
without any attempt to remove air voids from the mixed adhesive before application to 
the structure. The properties found in the literature are listed in Table 3.5, from which it 
is found that the maximum variability in the strength and modulus (about the mean) were 
±44.6% and ±1 1.7%, respectively; the reason for the high variability in strength by 
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Varastehpour and Hamelin (1995) is uncertain. Each reference in Table 3.5 is to a study 
of composite plate bonding; Sikadur 31 PBA may have been used in many of the steel 
plate bonding studies but this could not be confirmed since the adhesive was not 
identified in these relatively early investigations. 
Table 3.5 Previously reported properties of Sikadur 31 PBA 
Reference Tensile Tensile 
strength (? vPa) modulus (GPa) 
Meier and Kaiser (199 1) 17 9.5 
Hutchinson and Rahimi (1993) 20 7.0 
Arduini et al (1994) 21 6.8 
Hutchinson (1994) 20-24 7.0 
Rahimi and Hutchinson (1995) 20 7.0 
Varastehpour and Hamelin (1995) 20-30 8.5 
For the purposes of the present study, however, it was considered necessary to determine 
the strength and modulus of the adhesive after as much air as possible had been expelled, 
so that an estimate could be made of the true properties of the material. The true 
properties were to be important in the numerical finite element study (Chapter 8), in 
which it would be required to enter the true values so that local stress concentrations 
could be detected, these being affected by the modulus of elasticity. Therefore, after 
slowly stirring the separate components, the resin and hardener were weighed into a 
polythene bag which was held open in a purpose-made vacuum chamber and sealed after 
a period of de-airing lasting ten minutes. The two components were then mixed by hand 
in the sealed bag before a cut was made in the bag to allow the adhesive to be placed in a 
PTFE mould, shaped according to the dumb bell test pieces shown in Figure 3.2 and 
specified in method 320B of BS 2782, Part 3 (1976) and by Mays and Hutchinson (1988) 
who developed a compliance spectrum to be used in the selection of structural adhesives. 
The alternative de-airing procedure, to vibrate the mixed components on a high 
frequency oscillating table, was used as a comparison with the vacuuming procedure. 
Local eruptions confirmed that air was being expelled from the adhesive in the vacuum 
chamber but far fewer air bubbles were seen to be released using the vibration technique, 
consistent with the findings of Jones and Swarny (1984) that little reduction in air 
content is achieved by vibration. A perspex cover plate, previously coated with a light 
spray of demoudling agent, was placed over the adhesive and a mass of 10 kg was placed 
on the perspex to give the desired specimen thickness of 3mm, although a thickness of 
5mrn was initially used due to the unavailability of 3mm. moulds. The adhesive was left 
to cure at ambient laboratory temperature for 24 hours before demoulding, and was then 
stored in the laboratory until testing. This method of specimen manufacture ensured a 
high degree of consistency between specimens by adopting the same quantities of resin 
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and hardener, de-airing time and adhesive placement procedure. 
The specimens were tested in an 'Instron' universal testing machine equipped with 
universal joints to encourage uniaxial loading; a clip extensometer, with a 25mm. gauge 
length, was attached centrally to the necked length of the adhesive to measure the strain. 
The rate-dependency of this viscoelastic: material was investigated by applying test rates 
of 0.1,1.0 and 2.0 mrn/min.; all tests were conducted under ambient laboratory 
conditions and at least three tests were performed at each test rate. Six measurements of 
width and thickness were made in the gauge length for the subsequent calculation of 
applied stress. 
r= 60mm 
I lomm 
C4 
17.5mm -1 i 60mm paraUel length 
Figure 3.2 Standar(L adhesive tensile test specimen 
Table 3.6 Results of the tensile tests of the Sikadur 31 PBA adhesive 
Test Specimen Test rate Modulus of Tensile M= Flaw 
thickness (mm) (mmimin. ) elasticity (GPa) strength (APa) strain (196) size NO 
1 5 0.1 8.7 29.9 0.56 
2 5 0.1 8.3 33.4 0.63 
3 5 0.1 9.0 13.5 0.25 3 
4 5 0.1 10.0 31.4 0.47 1 
5 5 1.0 8.4 31.6 0.59 1 
6 5 1.0 9.7 30.9 0.51 1 
7 5 2.0 8.4 17.2 0.21 3 
8 5 2.0 9.8 30.8 0.44 1 
9 3 0.1 9.1 25.1 0.58 0.5 
10 3 0.1 9.2 27A 0.38 2 
11 3 0.1 9.7 20.4 0.28 2 
12 3 0.1 10.9 28.4 0.32 2 
13 3 1.0 8.8 29.0 0.43 - 
14 3 1.0 8.8 25.0 0.39 - 
15 3 1.0 8.5 21.8 0.43 2 
16 3 1.0 8.1 24.5 0.35 0.5 
17 3 2.0 8.4 29.5 0.49 2 
18 3 2.0 8.5 24.5 0.34 - 
19 3 2.0 8.3 29.5 0.45 0.5 
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Table 3.6 lists the results of the tensile tests, from which the following average results 
are found: 
" modulus 9.0 GPa (±21.10/o); 
" tensile strength 26.3 NTa (±27.0%, excluding the unrepresentatively low values of 
tests 3 and 7 due to large air voids); 
" maximum tensile strain 0.43%, or 4300 microstrain (±46.5%). 
However, based on the five specimens without visible air voids in the failed cross 
section, these values become: 
modulus 8.6 GPa (0.5%); 
tensile strength 28.4 Wa(±17.6%); 
maximum tensile strain 0.47%, or 4700 microstrain (±34.0%). 
Therefore, the magnitudes of the average mechanical properties were not affected greatly 
by the presence of visible air voids but the results became less variable without large 
voids; the variability in the modulus was affected most by the air flaws. The latter 
values, without visible flaws, were used in the numerical investigation of Chapter 8. 
The specimen thickness had no apparent influence on the mechanical properties. It is 
clear that even with the consistent specimen manufacture and period of de-airing, the 
results are still variable. Although the de-airing procedure reduced the voids content air 
is likely to have been unavoidably re-introduced when the adhesive was placed in the 
mould. To limit the quantity of re-introduced air, casting the adhesive by injecting it via 
a syringe into a closed mould was tried, but the viscosity of the material was too high for 
this technique to be successful; fronts of adhesive developed, behind which were trapped 
large pockets of air. 
The strengths and, therefore, the strains to failure tended to be lower when the estimated 
maximum flaw size in the gauge length was 2mm in the 3mm thick specimens, the 0.5 
mrn flaws having less influence. It appears the strengths of the specimens with flaws, 
tested at 2.0 mm/min., were comparable to those without flaws tested at the lower 
speeds. This is consistent with the fact that viscoelastic materials exhibit greater 
apparent strength and linear stress-strain behaviour to failure when tested at higher rates 
of extension; the increasing linearity to failure is seen in Figure 3.3, which shows that the 
behaviour was linear to a higher proportion of the ultimate strength at the rate of 2.0 mm/ 
min.. 
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Figure 3.3 Effect of loading rate on the tensile response of Sikadur 31 PBA 
The curves in Figure 3.3 show that the adhesive became more ductile after 
approximately 60% of its strength was reached at the test rate of 2.0 mm/min., but this 
proportion reduced to 45% at 0.1 mm/min.. In each case, the modulus of elasticity is 
taken as the slope of the initially linear part of the behaviour. After the ductile range of 
more rapid straining, the adhesive failed in a brittle fashion within the gauge length of 
reduced width. 
It has been seen, then, that the bulk tensile tests of the adhesive resulted in high 
variability in the mechanical properties, a common characteristic of tensile tests due to 
the inevitable presence of air voids in a section of tension alone. Therefore, it was 
decided to supplement the purely tensile results with those of a modified test that is less 
susceptible to air voids and to compare the output from the two test types- the alternative 
test is described next. 
3.1.4.2.2 Testing of bending specimens 
The modified test adopted was in a bending configuration, as shown in Figure 3.4 which 
indicates that a 10mm by 6mm by 90mm prism of adhesive was loaded in four point 
bending; the specimen dimensions are consistent with the recommendations of 
Crocombe el al (1993). The advantage of the test is that the air voids are distributed 
between the regions of tension and compression established under the bending load, so 
the largest voids are as likely to be located under compressive stress as under tensile 
stress., therefore, the test is less susceptible to the presence of voids in a tensile region. 
The adhesive prisms were manufactured by the vacuuming process used for the uniaxial 
tensile tests. 
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Figure 3.4 Four point bending test configuration 
As the beam of adhesive was loaded in bending, the compressive and tensile surface 
strains were recorded for subsequent conversion into equivalent uniaxial strains; the 
procedure for this conversion is outlined by Richardson (1993) and briefly summarised 
here. It is necessary to capture many raw data from the bending test since these are 
averaged to find far fewer calculated data from which a uniaxial stress-strain curve is 
determined; the tests conducted in the present work provided some 1200 data points 
from which typically 15 stress-strain points were established. The applied load, P in 
Figure 3.4, is converted into an applied moment, using a correction for the reduction in 
moment arm caused by the rotation of the specimen about the rollers. The raw data are 
then divided into groups and average moment and strain data are obtained for each 
group, the size of which is chosen by selecting a strain range over which each group will 
span so that sufficient stress-strain points are obtained to be able to plot a curve; each 
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group leads to one stress-strain point. 
An 'Instron' universal testing machine was used to load the adhesive; the inner and outer 
loading rollers were set at a spacing of 30mm. and 60mm, respectively. The outer rollers 
were set to move at a rate of 0.1 mm/min.; the relative movement of the inner and outer 
rollers, a quantity required for the conversion, was monitored by the LVDT. The 
midspan deflection of the adhesive, also required in the calculations, was tracked with a 
cantilever gauge comprising a steel cantilever instrumented with strain gauges in a full 
bridge arrangement. 
Table 3.7 lists the bending test results, indicating a maximum tensile surface strain 
(0.72%) greater than the greatest value from the tensile tests (0.63%); even the lowest 
tensile strain from the bending tests is greater than the average from the tensile tests 
(0.43%). 
Table 3.7 Results of the bending tests of the Sikadur 31 PBA adhesive 
Test Ahx. loa4 P M= tensile Mar- compressive 
(29 strain e1q) strain e1q) 
312.5 
2 362.6 0.57 0.53 
3 291.6 0.47 0.43 
4 340.1 0.72 0.61 
5 330.9 0.65 0.57 
The strains and maximum load of test 3 are low because the cross section at which 
failure occurred contained a 2mrn air flaw in the tensile zone of the specimen. The 
maximum compressive surface strain was always lower than the tensile surface strain; 
this is a characteristic of the test due to the shift of the neutral axis towards the 
compressive surface (Crocombe el al, 1993). 
Figure 3.5 compares the uniaxial stress-strain responses obtained by the direct tension 
and four point bending tests, demonstrating the agreement between the tensile responses 
from the two test types. The direct tensile curve shown is for the loading rate of 0.1 mrn/ 
min., or the strain rate of 0.4% strain/min. over the 25mm gauge length, since this is 
closest to the typical tensile loading rate of 0.17% strain/min. in the bending tests. 
The maximum tensile strength obtained in the direct tensile tests, 33.4 NTa without 
flaws in the failed cross section, compares well with the maximum value from the 
bending tests, 31.8 N[Pa. Therefore, while the direct tensile tests were suitable for 
finding the tensile strength, provided there were no large air voids, it appears the 
adhesive can sustain a greater tensile strain under a bending load than a direct tensile 
load. 
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Figure 3.5 Stress-strain curves of Sikadur 31 PBA from the tension and bending tests 
The bending specimens failed within the constant moment region (le. between the inner 
rollers) when the ultimate strength was reached in the tensile zone of the section, 
however, the compressive capacity was not reached so the compressive strength of the 
adhesive is greater than the 45 MPa shown in Figure 3.5. The manufacturers report a 
compressive strength of 75 MPa after curing at 201C for 14 days (Sika, 1993), while 
Hutchinson (1994) obtained 60 MPa at the same temperature, although the time after 
mixing was not stated. 
The fact that the adhesive strength continues to rise after 24 hours implied that the above 
tensile and bending tests had to be conducted at such a time that little or no further gain 
in strength would occur after the first test. The manufacturers report the compressive 
strength gain with time to represent the continued cure progress-I the value increases from 
40 MPa to 70 MPa in the first seven days, but a relatively low further increase of only 5 
MPa occurs in the next seven days (Sika, 1993). Mays and Hutchinson (1992) 
reproduced Sikadur 31 technical data, showing a negligible further increase in strength 
after the first five days at 200C. The results of the present study are considered to be 
representative since none of the tests was conducted earlier than 7 days after mixing the 
adhesive which was done at room temperature (220C); the hardened material was stored 
at the same temperature. 
3.1.4.2.3 Tensile characterisation at elevated temperature 
One of the most important characteristics of polymeric adhesives is their 'glass transition 
temperature', T., the temperature at which the polymer changes from a relatively hard 
and elastic material into a rubbery form, with an associated loss of stiffness and strength. 
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This change in adhesive behaviour will influence the ability of the adhesive to transfer 
strain to the bonded plate so T. is a property that needs to be known for the particular 
adhesive chosen, and the value of T. must suit the prevailing environmental conditions. 
With regard to the adhesive stifffiess, Saadatmanesh and Ehsani (1990) commented that 
a suitable epoxy for composite plate bonding is one with sufficient stiffness to be able to 
sustain the imposed shear stresses and, therefore, enable the plate to be used efficiently; 
the same conclusion was drawn previously by Jones etal (1985) using steel plates. Also, 
the adhesive will experience elevated creep deformation at temperatures near and above 
T9- 
Various methods are used for determining T. but, to achieve a rapid assessment for civil 
engineering purposes, it is found that quasi-static mechanical methods, making use of a 
flexural test of a hardened adhesive prism, are most convenient (Mays and Hutchinson, 
1992). Such a flexural test, which can be the same as that used to find the flexural 
modulus as specified in BS 2782, yields the 'heat distortion temperature' (HDT, which is 
not the same as Tj). This property indicates the susceptibility of the adhesive to 
temperature (Lark, 1983). The HDT is found by applying a load, in a temperature- 
controlled cabinet to cause a maximum flexural stress of 1.81 MPa and then heating the 
rectangular adhesive prism at 0.50r, /min. until a further deflection of 0.25mm is brought 
about; the HDT is the temperature corresponding to the additional deflection. Mays and 
Hutchinson (1992) reported typical HDT values for cold-cure epoxies in the range 340C 
to 48T, within which the flexural modulus and shear strength fall considerably; the 
shear strength then settles with further increases in temperature. Emerson (1976) 
reported extreme soffit temperatures in the range -200C to +390C for concrete bridges, so 
the HDT may be only slightly greater than the anticipated maximum service temperature 
(Mays and Hutchinson, 1992). The maximum service temperatures in steel bridges are 
somewhat greater still, 6011C to 650C being possible locally. To avoid softening at these 
elevated temperatures, cold-cure adhesives should be avoided and heat-cured materials 
need to be applied instead (Lees, 1990; Mays and Hutchinson, 1992). 
Therefore, a minimum value of HDT and T. must be set to ensure the adhesive is 
suitable for the particular application. Mays and Hutchinson (1988) recommended a 
minimum HDT of 40OC; the value for Sikadur 31 PBA is 431C, as quoted by Sika Ltd. 
and as determined by Lark and Mays (1985) who found a large loss in flexural modulus 
at temperatures above 351C - ie. the mechanical properties begin to deteriorate even 
before the HDT is reached. 
The above tensile tests of the Sikadur 31 PBA were repeated at the higher temperatures 
of 351C and 501C, these values spanning the quoted value of 430C by approximately the 
same magnitude above and below. Figure 3.6 shows typical mechanical responses in 
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comparison with the behaviour obtained at ambient laboratory temperature, as before, at 
least three specimens were tested at each elevated temperature. 
Figure 3.6 Effect of temperature on the tensile response of Sikadur 31 PBA 
The Figure shows that the stress-strain relationship at 3 50C followed the same path as the 
room temperature response, consistent with the finding of Lark and Mays (1985) that the 
mechanical properties first become lower beyond this temperature, but the average 
strength at 350C was approximately 83% of the room temperature average. The stiffness 
at 500C was lower than at the lower temperatures for all strain values, such that the 
applied tensile stress could not exceed approximately 9 MPa, only 34% of the average 
room temperature strength. Since the extensometer was presently unavailable, the 
elevated temperature specimens were instrumented with electrical resistance strain 
gauges and the location of failure was typically near, but not at, the strain gauge position 
so the actual strain at 500C is likely to have been greater than the 2.9% shown in Figure 
3.6. The greatest variability in the strengths was ±12.4% (for the 350C specimens), not 
greater than the room temperature variability. 
3.1.4.3 Applicability of the bulk test results to in-service behaviour 
The above characterisation tests of the adhesive served to provide uniaxial data for the 
numerical work and to indicate the difference between the properties of this material and 
the others in the concrete/adhesive/composite combined system. While it was necessary 
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to meet these objectives, it is also important that the results of the tests on the bulk 
material reflect the properties that apply to the adhesive in service. The applicability of 
bulk adhesive tests to actual conditions in structures remains a subject of debate 
(Matthews, 1987) since there are various advantages and disadvantages of such simple 
assessment. Furthermore, the results of both bulk and in situ tests are affected by 
variables including the rate of loading and the adhesive thickness (Dukes and Bryant, 
1969; Lin and Bell, 1972; O'Connor and Brinson, 1979). With respect to the loading 
rate, the uniaxial tensile tests conducted above included the rate of 1.0 mm/min., the 
minimum specified in BS 2782, Part 3 (1976). 
The strength of the epoxy adhesive material itself (ie. its cohesive strength) is usually 
greater than the strength of one or more of the adherends it connects; this is certainly the 
case when comparing the adhesive with the concrete, both in the present study and 
generally (Hugenschmidt, 1974; 1975). Therefore, the overall joint strength is probably 
more important than the cohesive strength when assessing an adhesive for structural 
applications (Findlater, 1985). However, residual stresses are likely to be established in 
the adhesive when it is cured between restrained adherends, and these stresses may 
influence the test results (Kinloch, 1987). The influence may manifest itself in a 
difference between the shear modulus of the adhesive near the adherend/adhesive 
interface and along the centreline of the adhesive where the value is nearer the bulk value 
(KnoUman and Hartog, 1985). Also, tests of joint strength are affected by the geometry 
of the joint and the loading conditions (Adams and Peppiatt, 1974), these being factors 
that must be duplicated accurately if the joint test is to represent actual conditions in 
service (Gent, 1979; Aguiar et al, 1987). Joint tests are inevitably more involved than 
simple tests of the bulk adhesive properties so the latter are usually preferred. The 
greater complexity of joint tests, and the care required in their preparation, leads to the 
possibility of discrepancies between the results of different laboratories (Eyre and 
Domone, 1985), whereas a simple tensile test, for example, is more repeatable, as seen 
by the good correlation of the tensile strength and modulus of the present tests reported 
above and those of previous workers in Table 3.5 (page 40). Even the single lap shear 
test, perhaps the simplest joint to manufacture and test, is subject to variations in 
dimensions between institutions and is influenced by the out-of-plane stresses arising 
from the offset in the tensile load in each adherend (Guess et al, 1977). To minimise 
these stresses, analysis results suggest using the stiffest and thickest adherends and the 
shortest overlap possible, but there is no hard and fast rule for these quantities (River, 
1981). Another example, the Arizona slant shear test, has been described as 'probably 
the most meaningful and discriminating test method available' for evaluating resins for 
the bonding of precast concrete units, but is less appropriate for assessing adhesives to be 
used in repair and strengthening work, the results of this test are affected by the angle of 
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the slanted joint (Climaco and Regan, 1989). 
Of the bulk adhesive properties, the tensile strength is the most commonly used indicator 
of structural suitability (Lark, 1983), although the modulus of elasticity is probably more 
important since the tensile strength cannot be used to advantage without excessive strain 
(Tabor, 1978). Also, given the tensile modulus of elasticity, the shear modulus can be 
calculated if the value of Poisson's ratio of the adhesive is assumed; the shear modulus is 
a property relevant to the mode in which the adhesive is loaded in its r6le as a strain 
transfer medium between the concrete and plate of externally strengthened members. 
Given the agreement between the bulk and in situ yield strength and modulus of 
elasticity in shear, Dolev and Ishai (1991) concluded that the in situ properties of an 
adhesive may be established from simple tensile and compressive tests of the bulk 
material, since the uniaxial results of these tests are representative of the adhesive shear 
behaviour. Consistent with this conclusion, Dean et al (1986) found no systematic 
difference between the results of bulk and in situ tests of the shear properties of 
adhesives. The most suitable joint test for finding the shear modulus is that which 
produces a state of simple shear, not complicated by out-of-plane stresses, such as the 
napkin ring test although, in this particular case, the measurement of shear strain requires 
precise equipment (Fischer and Pasquier, 1989), but the resultant adhesive shear strength 
is not influenced by the size of the specimen (Foulkes el al, 1970). 
All adhesive joints in construction must resist failure under the serviceability loading 
condition, so the results of any destructive test are not easily translated into the service 
performance of the adhesive (Zalucha, 1981). Therefore, it is questionable whetherjoint 
tests provide any more useful information, regarding the serviceability performance, 
than a simple test of the bulk properties of the adhesive. However, joint tests are 
required at intervals to check the adhesive has achieved a bond strength greater than the 
cohesive strength of one or more of the adherends (Koski and Schneberger, 1984). In 
practice, the materials and dimensions in a bonded joint will vary from one construction 
to another, so the results of bonded joint tests are applicable only to a specific case. 
Likewise, the mechanical properties established by a simple tensile test are valid only for 
the particular test specimen (Martin, 1992), but both test types allow comparisons to be 
made between different adhesives. 
Therefore, while simple tests of the tensile properties of adhesives do not accurately 
represent in situ conditions, these tests remain the most Popular for achieving a rapid 
assessment of adhesive suitability. Consequently, a minimum tensile strength has been 
proposed to ensure the adequacy of an adhesive for external strengthening applications, 
and the above uniaxial results must be compared with this value, as is done in section 
3.1.4.4 below. 
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The tensile tests at elevated temperature suggest the Sikadur 31 PBA is sensitive to 
temperatures above 3 5"C, the value of T. (430C) providing a safety factor of only 1.13 on 
the maximum concrete soffit temperatures that may be possible. Therefore, the adhesive 
would appear to be suitable only for applications in which fire-resistant properties are 
not required or in which the inherent strength of the unstrengthened structure is adequate 
in the short term (Shaw, 1990; Mays, 1985a). However, this limitation is based on bulk 
tests of the adhesive rather than in situ tests. Hugenschmidt (1974; 1975) commented 
that thin layers of adhesive in bonded joints perform much better than prisms when 
exposed to rising temperatures. Slant shear tests with concrete adherends and metal 
single lap shear tests were used to show that an applied load of 25% of the short term 
ultimate does not cause failure in the highest quality epoxy adhesives until the 
temperature reaches at least 951C. Also, the presence of a large mass of concrete against 
the adhesive can prevent the adhesive temperature reaching the Tg value (Tabor, 1978) 
since the thermal conductivities of resin-based materials tend to be lower than for 
conventional cementitious building materials (Shaw, 1990). 
3.1.4.4 Suitability of Sikadur 31 PBA for plate bonding 
The average modulus and strength of 9.0 GPa and 26.3 MIN, respectively, are a little 
greater than the previous values of Table 3.5 (page 40), probably because no de-airing 
procedure was adopted in the previous work. Sika Ltd. quote a tensile strength of 21.8 
NTa (Sika, 1993), again lower than the present de-aired average. BA 30/94 (1994), the 
advice note on steel plate bonding, requires the tensile strength, as determined by the 
direct tensile method used above, to be at least 12 NTa at 20IC; the 26.3 NIII? a average 
exceeds this minimum limit by a factor of more than 2. 
The only other adhesive mechanical property criteria specified in BA 30/94 (1994) are a 
flexural modulus in the range 4- 10 GPa at 200C, determined according to BS 6319, Part 
3 (1990), and a double lap shear strength, using steel adherends, of at least 8 MPa, 
determined by the procedure of BS 5350, Part C5 (1990). The flexural modulus 
requirement is consistent with an earlier compliance spectrum for structural adhesives, 
developed by Mays and Hutchinson (1988), which states the value must be greater than 2 
GPa to assist in preventing problems due to creep of the adhesive under sustained loads; 
the flexural modulus of Sikadur 31 PBA is said to be 8.6 GPa (Sika, 1993). This 
compliance spectrum also recommended an upper flexural modulus limit of 10 GPa to 
prevent excessive stress concentrations due to strain incompatibilities at the adhesive/ 
concrete and/or adhesive/plate interface. The minimum shear strength recommended by 
the compliance spectrum is 12 GPa but this is based on the shear box (Lark and Mays, 
1985) rather than the double lap shear test; the double lap shear strength of Sikadur 31 
PBA is given as 15.5 MPa (Sika, 1993) using unprimed steel surfaces. The 12 MPa 
tensile strength is quoted in the compliance spectrum. 
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Therefore, Sikadur 31 PBA meets the previously recommended initial assessment 
criteria for structural adhesives to be used in steel plate bonding, so no other adhesive 
was considered for the present Project, the performance of the adhesive in the 
experimental beam tests would confirm, or otherwise, its suitability for composite plate 
bonding under the variety of beam loading configurations detailed in Chapters 4,5 and 7 
and the environmental conditions of Chapter 6. 
3.1.4.5 Comparison of the various material characteristics 
In summary of the above material properties, Figure 3.7 shows the uniaxial stress-strain 
behaviour of each material in the I. Orn plated beams under ambient laboratory 
conditions, indicating the mixture of material responses that made up the plated beams. 
The concrete tensile strength is too low to feature on the graph, while the compressive 
curve is based on the cube strength and the parabolic response determined by Hognestad 
(1951); this response will be detailed in Chapter 8. The beam and composite plate were 
non-homogeneous components of the plated beams, due to the presence of the internal 
rebars and the unidirectional ly aligned carbon fibres, and Figure 3.7 indicates that the 
overall combined systems were also non-homogeneous. 
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Figure 3.7 Comparison of the four material behavlours in the plated beams 
The strain hardening portion of the internal reinforcement behaviour ensured this 
element of the beams was the only truly ductile part; the linear response of the CFRP and 
Concrete in compression 
Tensile rebars in tension 
Adhesive in tension 
CFRP, 0.82 by 67mm 
GFRP, 0.64 by 65mm 
3.1. Material characterisation 52 
the near-linear behaviour of the adhesive would provide no opportunity to relieve stress 
concentrations, the influence of which (if any) was to be checked for in the experimental 
beam tests. 
3.1.4.6 Characterisation of a '3M' adhesive material 
It will be found in Chapters 4 and 5 that an alternative adhesive material was required for 
the specialist applications of achieving an attachment to apply a prestress tension to the 
pultruded plates of the 2.3m and 4.5m beams, and for securing the ends of the pultruded 
plates by means of anchorage blocks bonded to the composite plate; however, the 
composite plate was still bonded to the concrete using the Sikadur 31 PBA. The reason 
for the change of adhesive from the Sikadur 31 PBA is that the brittleness of the Sikadur 
31 PBA, which will be demonstrated in Chapter 5, demanded a change to a more ductile 
adhesive. It was decided to use an adhesive manufactured by 3M Ltd. (3K 1990), 
known as 'Scotch-weld' 9323-B/A, due to its appropriateness for bonding to polymeric 
composites (3K 1990; Hutchinson, 1995). This adhesive is also a two-part cold-curing 
epoxy resin structural adhesive, but consists of a black silica-filled resin and a white 
amine-based hardener. Due to the relatively high viscosity of the resin, it was not 
possible to cast specimens for characterisation testing, but the modulus of 2.9 GPa was 
provided by 3M Ltd. (Master, 1995). This value is only 32% of the modulus determined, 
without de-airing, for the Sikadur 31 PBA. 
3.2 Test beam design and preparation 
The following sections detail the reinforcement layouts of the experimental test beams. 
The majority of the beams were loaded in four point bending, but some were loaded in 
modified configurations as cantilevers and what are known as 'half beams' - ie. in such a 
way as to represent half a 4.5m beam for the purpose of studying the shear span only. 
The four point bending configurations are shown later in section 3.2.4 (page 59), but the 
modified loading configurations are detailed in the appropriate parts of Chapter 4. 
3.2.1 Beam dimensions and internal reinforcement layouts 
31.1.1 1.0m beams loaded in four point bending and as cantilevers 
Figure 3.8 shows the layout of the I. Orn beams used in the preliminary four point 
bending parameter study and in the cantilever tests, both described in Chapter 4. 
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Figure 3.8 Configuration of the I. Om beams (not to scale) 
The tensile steel area ratio, AIbd, was the low value of 1.0 1% to ensure under-reinforced 
failures of the unplated control beams. Each shear reinforcement link was made up of a 
sufficient length of 3mm diameter wire to enable the rectangular shape to be bent up 
twice, effectively providing two links joined together to form 'double' links; this ensured 
whole-section shear failures of the unplated and plated beams would be avoided in most 
cases, thus allowing concentration upon the flexural responses. By the shear calculations 
of BS 8110, Part 1 (1985), the required shear reinforcement density, As, /sv, where A. is 
the area of the links and sv is their spacing, is 0.18 mm2/mm, far lower than the actual 
provision of 0.55 mm2/mm. 
The reinforcing cages for the beams cast by Grecon Ltd. were constructed at the 
University. 
31.1.2 2.3m beams loaded in four point bending and as half beams 
Figure 3.9 shows the reinforcement configurations of these beams. The tensile rebar 
area ratio, Aýbd, of these larger beams was 0.88%, again low enough to ensure a ductile 
unplated response associated with an under-reinforced failure mode. Based on the 
analysis of the cracked section, the neutral axis depth ratio, x/d, where 'x' is the neutral 
axis depth, was 0.29, well below the upper limit of 0.50 for under-reinforcement (BS 
8110, Part 1 (1985)) and the shear provision was, again, adequate. The reinforcing cages 
were prepared by Grecon Ltd. rather than at the University. 
3. Z Test beam design andpreparation 54 
130mm 
if oi 
20mm 
2 no. T8 top bars 
3 no. T 10 main bars I 
15mm 
R6 links @ 150mm cmtres dIII 
-J--i- 
II 
Tlw-ý, 11 zzzj 20mm 2mm adhesive 1.28 by 90mm CFRP 
13mm 
Tensile steel area, A, = 235.6 mm2 
Effective depth, d= 205 
Figure 3.9 Configuration of the 2.3m beams (not to scale) 
3.2.1.3 4.5m beams loaded in four point bending 
Figure 3.10 shows the configuration of the 4.5m bearn reinforcing cages, also prepared 
by Grecon Ltd.. 
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Figure 3.10 Configuration of the 4.5m beams (not to scale) 
The shear provision was the same as in the shorter 2.3m beams but the tensile rebars 
were larger and were used in numbers of either 2 or 3; the corresponding steel area ratios, 
As/bd, were 0.76% and 1.14%, respectively. The unplated neutral axis depths, x/d, were 
0.27 and 0.32 with 2 and 3 rebars, respectively, again ensuring under-reinforced 
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behaviour. The corresponding plated values were 0.30 and 0.34, so none of the plated 
beams was over-reinforced. The beams with 3 rebars were originally to be used to study 
the influence of the existing steel area, but it was subsequently decided to devote them to 
the prestressing study of Chapter 5 instead. 
3.2.1.4 2.3m beams heavily reinforced internally in shear 
Chapter 4 will show that some of the 2.3m beams were equipped with a much greater 
internal shear reinforcement provision than those represented in Figure 3.9 above. The 
layouts were as shown in Figure 3.9, with the exception that the mild steel shear links 
were of 10mm diameter, rather than 6mm, and were spaced at 75mm. instead of 150mm. 
This produced a shear reinforcement density, A,, /s, of 2.09 mm2/mm, much greater 
than the 0.38 mm2/mrn provided in the other 2.3m beams. 
3.2.2 Preparation of the surfaces to be bonded 
As with any adhesively bonded joint, it was necessary to prepare the adherend surfaces 
(ie. concrete and composite) prior to applying the adhesive, to ensure that the adhesive 
wetted the surfaces sufficiently and that adequate mechanical interlock was achieved. 
The adequacy of the surface preparation was to be particularly important in the 
environmental durability study of Chapter 6, since premature bond failures due to poor 
preparation would be misleading. Each adherend surface was prepared immediately 
before bonding to avoid re-contamination of the surfaces. 
The literature was reviewed to ensure the most appropriate surface preparation methods 
were employed for a plate bonding application. The adhesive bond strength to the 
concrete should be at least as high as the tensile and shear strengths of the concrete, to 
avoid premature failures due to bond breakdown; adequate surface preparation will help 
to ensure the bond is stronger than the concrete. Adhesion to concrete is achieved by a 
combination of mechanical interlock in the roughness of the surface and the physical 
attraction of the adhesive to the clean, high energy surfaces of the aggregate particles 
(Mays and Hutchinson, 1992). The aggregate particles are generally exposed by 
removal of the surface laitence material, and the surface must then be cleaned to remove 
the products of the abrasion process by which the laitence is removed (Allen and 
Edwards; Mays and Hutchinson, 1992). The surface laitence removal and aggregate 
exposure is usually achieved by a process of abrasive blasting using copper slag or sand 
particles under a pressure of approximately 100 psi; the objective is to remove low 
strength material without causing excessive damage to the stronger underlying aggregate 
stones. Alternative methods, for use when abrasive blasting is either impractical or 
undesirable, are bush hammering (which carries a greater risk of aggregate damage), 
flame spalling, automated or manual rotary wire brushing, hydrochloric acid etching, and 
high pressure water or steam treatment. These methods are achieved at varying cost 
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(Sasse and Fiebrich, 1983); manual wire brushing is generally considered inadequate 
(Tabor, 1978). The subsequent removal of abrasion products, and of possible oil 
contaminants, can be achieved by brushing, vacuum removal, cleaning with detergents, 
steam cleaning or further light sand blasting. The moisture condition of the concrete 
surface, which must be minimised to avoid cracking at the adhesive/concrete interface or 
within the adhesive (Sasse and Fiebrich, 1983), may be assessed using absorbent paper 
or by taping a polythene sheet to the concrete and checking for the absence of 
condensation during the time taken for the adhesive to cure (Gaul, 1984); the surface 
moisture will be minimised also if condensation is prevented by maintaining the surface 
temperature at a level at least as high as that of the surrounding air (Vardy and 
Hutchinson, 1986; Mays and Hutchinson, 1992), this being one of the most problematic 
requirements in pmetice. The effectiveness of the surface treatment is generally assessed 
by ensuring an adhesive bond to the concrete causes cohesive failure within the concrete 
when under load. The tests cited in section 1.3.1.2 (page 6) of Chapter I can be applied, 
of which the most commonly used (due to its simplicity) is the direct tension pull off test 
which reveals bond defects by a failure at the adhesive/concrete interface (Bungey, 
1989); in order to class the preparation as adequate, the pull off strength should be at 
least 1.5 MPa with failure in the concrete (Sasse and Fiebrich, 1983; Henwood and 
O'Connell, 1993). 
An adhesive bond to the surface of a polymeric composite can be achieved without 
surface preparation but the bond strength will be low due to contaminants such as mould 
release agents and the low surface energies of composites (Dukes and Kinloch, 1977; 
Parker and Waghorne, 1982; Parker, 1983; Wingfield, 1993). The most popular 
practical preparation techniques are light abrasion, followed by solvent cleaning, and the 
removal of a surface mounted peel ply layer attached to the composite at the time of 
manufacture. Although abrasion removes weak surface material (Cheever, 1968; Dukes 
and Kinloch, 1977), the most important effect is thought to be the removal of surface 
contamination without creating exaggerated roughness which may encourage air 
entrapment during adhesive application (Pocius and Wenz, 1985); a different view is 
taken by Mays and Hutchinson (1992) who recommend heavy abrasion to expose the 
reinforcing fibres. The abrasion may be achieved by grit blasting or hand roughening 
using 'Scothbrite' cloth or silicone carbide paper, each of which need to be followed by 
solvent wiping (Crane et al, 1976; Pocius and Wenz, 1985; Matz, 1987). A peel ply, 
which is usually a nylon or polyester fabric, provides a textured surface which remains 
clean if the peel ply is removed immediately before adhesive application. While this is a 
simple and rapid procedure involving no roughening residue, the textured surface may 
give rise to air entrapment and possible surface damage if the peel ply is not stripped 
carefully (Crane et al, 1976; Hart-Smith et al, 1990). Various other, more involved, 
3.2 Test beam design andpreparation 57 
surface treatments are available for composites, based on chemical and energetic 
methods, such as flame treatment, laser treatment and acid etching, but these are more 
suited to the specialised aerospace industry (Shields, 1985; Kaplan et al, 1988; 
McNamara et al, 1992; Wingfield, 1993) so will not be considered here. Oxford 
Brookes University was the first institution to have used the peel ply preparation method 
for external composite plating (Hutchinson and Rahimi, 1993). 
3.2.2.1 Surface preparation of the concrete 
All concrete bonding surfaces were prepared by grit blasting using 'Turbobead' grade 7 
angular chilled iron grit (Guyson, 1989) of 0.18mm nominal particle size. Ibis material 
was delivered from the grit blasting apparatus at a pressure of 80 psi. The nozzle of the 
grit blaster was passed back and forth until the surface cement layer was removed, 
providing uniform exposure of the underlying aggregate. This method of preparation 
was chosen because it is commonly used in practice and is generally the preferred 
method (Sasse and Fiebrich, 1983; Mays and Hutchinson, 1992; BA 30/94,1994); also, 
it was a convenient technique for use in the laboratory. 
3.2.2.2 Surface preparation of the composite plates 
The GFRP and CFRP surfaces were prepared easily by carefully removing the peel ply 
layer to reveal a surface texture comprising a regular array of closely spaced dimples. 
No finiher preparation measures were necessary. 
3.2.3 Bonding of the composite plates 
The advice note on steel plate bonding, BA 30/94 (1994), and the Sika guidelines require 
the entire contents of the resin and hardener containers to be mixed to ensure the correct 
mix proportions. Mixing in this way provides 5 kg of the mixed adhesive, far more than 
required for the majority of the experimental beams in this Project. Therefore, to avoid 
wasting the material, Sika Ltd. was consulted to find the most appropriate quantities of 
the resin and hardener that could be weighed for each beam; the mix proportions of three 
parts resin to one part hardener, by weight, were recommended since this is 
approximately the ratio achieved by mixing the full amounts of the containers. 
Jones and Swamy (1984) found that mechanical mixing in a disposable container gives 
the best results when de-airing is not applied; therefore, the adhesive in the present 
Project was mixed by palette knife in a perspex container. The adhesive was applied first 
to the concrete, initially working it into the surface roughness using a palette knife before 
applying a second, thicker layer of adhesive; more adhesive was pasted along the 
centreline of the bond than at the sides to assist the subsequent expulsion of air when the 
plate and concrete were brought together. After working the adhesive into the composite 
surface roughness, a second application was made to ensure there would be excess 
adhesive to avoid a starved bond line. The beams were positioned with the adhesive 
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uppermost and Ballotini beads (glass spheres) were placed in a regular array throughout 
the adhesive. The composite was pressed against the concrete and the bonding pressure 
was maintained using a timber strip on which were placed dead weights of sufficient 
total value to displace all the excess adhesive. The excess was carefully removed to 
leave a clean edge to the bond line so that any adhesive cracking would be identified 
easily in the subsequent load tests. 
3.2.4 Four point loading configurations and test procedure 
Figure 3.11 shows the loading configuration of the beams subjected to four point 
bending and Table 3.8 lists the relevant dimensions. 
Load spacing 
Steel loading beam 
Lmd spreadw CFRP plate 
Plate end distance 
Shearspan 
Loaded span 
Figure 3.11 Four point loading configuration 
Table 3.8 Loading parameters of the four point bending specimens 
Bewn Loaded Shearspan Plate Plate end Loadspacing 
length (M) span (min) (MM) length (mm) distance (mm) (MM) 
1.0 900 300,340 or 400 860 20 100,220 or 300 
2.3 2100 845 2020 40 410 
4.5 4300 1525 4220 40 1250 
The Table indicates the use of three load spacings in the I. Om beams, intended to 
investigate the influence of the shear span/beam depth ratio, as described in Chapter 4. 
Each beam was founded on freely-rotating roller supports and a full-width steel plate, 
referred to as the 'load spreader pad' (Figure 3.11), was bonded to the beam (using 
'Plastic Padding') to ensure the distributed transfer of load into the concrete and to level 
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the beams. Bonded steel pads were used under the top loading points also, again to avoid 
local crushing of the concrete and to level the steel loading beam. 
3.2.5 Instrumentation of the test beams 
The quantities of interest in the loading tests of the beams were to be the midspan 
deflection, the flexural strains through the concrete section at midspan and the 
longitudinal strain in the bonded plate. The deflection was determined using two linear 
potentiometers, one located on each side of the beam so that an average deflection could 
be found; the potentiometers confirmed the rotational deformation was negligible. 
Figures 3.12a and b show the matrix of demec; gauge points required to find the strains 
through the midspan section. 
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a. Demec gauge points in the 1.0m beams 
b. Demec gauge points in the 2.3m and 4.5m beams 
Figure 3.12 Layouts of the demec gauge points (not to scale) 
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The composite plates were instrumented with electrical resistance (ER) strain gauges in 
such a layout that the most useful information would be gained without using an 
excessive number of these expensive gauges. Unless stated otherwise in the 
experimental Chapters, the plates of the four point bending specimens (of each size) 
were instrumented as shown in Figure 3.13; the distances 'a' and V were to the loading 
positions and the centre of the shear spans, respectively. The detail of the plate end 
gauge positions is given in Figures 3.14a, b and c; the plate end gauges were of 2mm. 
gauge length, but all others were 8mm. The concentration of gauges at the plate ends 
enabled the development of plate tension to be observed in the positions which the 
literature suggests are critical parts of the plate, as found in the review of Chapter 2. 
Mid shear span Load position 
E3E3f3CH3 ------ EZ .... --------------- 93 E3 0M ......... 143 - 
See detaH see 
a 
bI LI I- II 
Figure 3.13 Strain gauge instrumentation of the composite plates 
In addition to the ER strain gauges on the composite plates, the top of the 2.3m and 4.5m 
beams were also instrumented with 8mm strain gauges located centrally about the 
midspan position, in order to obtain the compressive response of the concrete; the gauge 
positions are shown in Figure 3.15 (page 63). 
3. Z Test beam design andpreparation 61 
.c 
5 10 10 10 10 
15 15 15 
a. Plate ends of the 1.0m beams 
. (L 
b. Plate ends of the 2.3m beams 
(L 
c. Plate ends of the 4.5m beams 
5 20 20 20 20 
Figure 3.14 Details of the plate end strain gauge positions (dimensions in mm; not to 
scale) 
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Figure 3.15 Instrumentation of the top face of the 2.3m and 4.5m beams 
3.3 Procedure for load testing the beams 
This section describes the procedure for the four point bending specimens only; the 
procedure for the specialised cantilevers and half beams is outlined in Chapter 4. Other 
than the beams subjected to cyclic load (Chapter 7), all beams were loaded 
monotonically to failure and datalogger recordings were made at set intervals of applied 
load. Load increments of 0.5 kN and I kN before the concrete cracked, in the 1.0m and 
larger beams, respectively, enabled the cracking load to be found- Subsequent intervals 
of I kN were applied until it became visibly apparent that beam failure was imminentl 
the intervals were then reduced to 0.5 kN to enable the progression of cracking effects 
leading to failure to be observed. The 1.0m beams were loaded in a 'Denison' testing 
machine, while a larger 'Avery' rig was required for the 2.3m and 4.5m beams. The 
demec gauge measurements were made at intervals of 4 kN in all beams. 
The output from the strain gauges and the linear potentiometers was recorded using a 
Schlumberger 'Orion' datalogger and transferred to a spreadsheet for subsequent 
analysis of the results. 
3.4 Calibration of the instrumentation 
The linear potentiometers were calibrated before the tests began by ensuring the voltage 
output was a linear function of the displacement as applied by a vernier gauge. This 
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calibration function, which was programmed into the datalogger, was checked 
periodically to confirm its consistency. When the linear potentiometers were checked 
against a graduated vernier scale, the greatest error recorded was ±1.5%. The load cells 
were also calibrated periodically, against a 'Wykeharn Farrance' proving ring, to 
confirm the consistency of the load cell calibrations. 
3.5 Closing remarks 
The plated beams comprised four distinctly different materials with dissimilar responses 
to applied stress; the combined behaviour of the materials was to be examined in the 
beam tests. 
The adhesive is a rate-dependent material whose mechanical properties deteriorate 
radically at its glass transition temperature, T., so high temperatures, particularly in a 
fire situation, will represent the most serious short term condition for this material. The 
fire performance of plated beams has not been studied in this Project, but Chapter 6 
makes brief mention of the important fire considerations of concrete, adhesives and 
polymeric composites. The Sikadur 31 PBA adhesive meets the short term mechanical 
property criteria specified for external strengthening applications by steel plate bonding, 
and the use of this adhesive in the present Study will demonstrate its performance when 
composite plates are used under the particular modes of beam loading considered. 
Frequent reference will be made in the following chapters to the material properties and 
testing procedures detailed in this Chapter.. 
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Chapter 4 
Static tests of beams using initially unstressed plates 
As explained in Chapter 1, the behaviour of externally plated beams has been addressed 
in three broad ways in this investigation - ie. by experimental, analytical and numerical 
studies. This Chapter considers the first phase of the experimental studies in which the 
responses to applied load were examined for beams strengthened with plates that were 
not prestressed before bonding. The need for strengthening with initially unstressed 
plates arises for members that are able to sustain the stresses due to their own self weight 
but are unable to carry applied live loads without exceeding serviceability criteria, while 
prestressed plates may be called for in the case of high increases in applied load and/or a 
seriously under-designed member, the use of prestressed plates is studied in Chapter 5. 
4.1 Introduction, objectives and testing rationale 
The beams studied in the present Chapter were loaded statically over a short period of 
time, as described in Chapter 3, and were not subjected to environmental exposure other 
than ambient laboratory conditions. These short term static tests revealed data on the 
structural effects of bonding non-prestressed polymeric composite plates to the soffits of 
reinforced concrete beams. As explained in Chapter 3, three different sizes of reinforced 
concrete beam were examined - ie. 1.0m, 2.3in and 4.5m, with the intention of verifying 
the small scale results using the more realistically dimensioned larger beams. The first 
beams to be tested were the I. Oin length specimens since these were easy to handle, 
prepare and test and their results were analysed at an early stage in the course of the 
work so that the 2.3in and 4.5in beams could be tested with some prior experience. 
The objectives of the tests were to achieve an appreciation of the broad structural 
characteristics of plated beams, such as the deflection and plate strain responses to 
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applied load, and to find ways of improving the performance. The latter was achieved by 
introducing various means of delaying the onset of beam failure so that the improved 
performance of a plated beam, over an unplated member, could be maintained up to a 
greater applied load. It was possible to confirm that the behaviour was improved up to 
the ultimate limit state because the beam geometries and loading configurations were 
such that the plated members could be loaded to failure in the testing machines available. 
Although the use of a four point loading configuration allowed the combined effects of 
flexure and shear to be observed, the original interest was in the flexural behaviour of 
plated beams so a sufficiently high shear reinforcement provision was used to prevent 
catastrophic shear failures of the concrete sections. 
The behaviour of an unplated reinforced concrete beam is governed by various 
parameters such as the concrete and steel material properties and the steel rebar quantity. 
When an externally bonded plate is added, the number of parameters involved in 
determining the structural response increases several fold due to the introduction of the 
adhesive and composite plate which can be used in a variety of dimensions and with a 
range of material properties. Therefore, the ultimate optimisation of a plated beam will 
involve the variation of many parameters in a host of combinations, so the number of 
different parameter permutations is far greater than could possibly have been studied 
experimentally with the time and resources available. For this reason, it was necessary 
to limit the parameters to those that were felt to be of greatest importance in determining 
the structural behaviour of a plated beam. For instance, the internal tensile 
reinforcement provision of an existing member to be plated in practice is not variable, so 
the optimum strengthening will be achieved by selecting the best combination of 
adhesive and plate material properties and dimensions. Therefore, the ratio of internal 
tensile rebar area to unplated beam area (based on effective depth) was similar for each 
size of beam tested. Although the adhesive material properties will affect the behaviour, 
it was necessary to limit the present tests to just one adhesive and a uniform adhesive 
thickness of 2mm. was used. 
Consequently, the following parameters were considered as the main areas of interest 
throughout the beam tests: 
the aspect ratio of the bonded plate - ie. the ratio of its width to its thickness; 
the anchorage at the ends of the plate - ie. the method used to maintain the attachment 
of the plate ends to the concrete, thereby delaying the non-flexural failure that will be 
shown to occur in plated beams; 
the shear span/beam depth ratio and the influence of plate end anchorage under different ratios; 
the quantity of shear reinforcement provided in the beam. 
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The plate end anchorage systems used are detailed in section 4.2 (page 70). The shear 
span/beam depth ratio is considered, rather than the length of shear span, so that 
comparisons may be made between beams of different sizes, thereby relating the modes 
of beam failure to a non-dimensional parameter. It will be shown that plated beams 
usually fail by fracture of the concrete in the layer of cover to the internal reinforcement, 
and that the form of failure is dependent on the magnitude of this non-dimensional 
parameter. Detailed results and discussions are presented for a magnitude giving the 
same form of failure as reported in the literature, and the influence of higher magnitudes 
is investigated, thereby contributing further knowledge. 
All the beams and their associated parameters are listed for easy reference in Table 4.27 
which appears as a fold out table on page 186. The first three of the above parameters 
were addressed using both the I. Om and larger beams and were the variables of interest 
at the outset whereas the fourth was subsequently added in the 2.3m and 4.5m beam 
tests due to the uncertainty in the cause(s) of the failure mode observed in the 2.3m 
beams, as will be explained fin-ther in section 4.3.3.3 (page 161). As mentioned above, 
since the experimental beam tests were aimed at investigating the flexural responses of 
plated beams, the shear reinforcement provision was sufficient to prevent beam failures 
dominated by catastrophic shear through the concrete section, so the purpose of varying 
the shear reinforcement provision was not to remedy an insufficient original quantity of 
shear steel in the previous tests. 
The plate material was CFRP throughout the test programme; this choice was justified 
by confirming the lower stiffness improvement created by a GFRP plate in beam 
A2bGFRp. The composite plate used in the I. Om beam tests was the prepreg material 
described and characterised in section 3.1.3.1 (page 34), while the 2.3m and 4.5rn beams 
employed the pultruded plates with the properties given in Table 3.4 (page 35). The 
prepreg plates of the I. Orn beams were in the three cross sectional dimensions, 0.50 by 
90mm, 0.82 by 67mm and 1.13 by 47mm. 
Where reference is made to the shear span/depth ratio of the plated beams, this quantity 
is based on the full beam depth rather than the effective depth. The ratio is defined in 
this way so that the depth of concrete to the lowest level of tensile reinforcement is 
considered, this being the basis for defining unplated shear span/depth ratios. 
The above parameters were considered in combination so many beams were required for 
this investigation. As a result, only one specimen has been tested per parameter 
combination in most cases, a necessary limitation required to keep the work within the 
constraints of time and money. It is acknowledged that the testing of just one beam per 
parameter combination does not provide a check on the repeatability of the tests and 
leaves the results open to variability due to differences in material properties and 
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geometry. However, sufficient results are available to be able to find clear trends due to 
parameter changes and, therefore, the effects on structural behaviour of the above basic 
variables are established. 
The benefit of experimental work is that an exact solution is obtained for a given 
combination of material and geometric properties, so the behaviour of plated beams 
could be established quickly, especially with the relatively small 1.0m beams. Chapters 
8 and 9 consider the analysis of plated beams by spreadsheet and numerical methods, 
neither of which are found to give precise solutions in all cases; therefore, the 
experimental testing was essential. 
It was difficult to determine at the outset exactly how many beams would be required in 
this work, partly because some beams were wasted due to experimental problems and 
partly because the results of some initial tests could not be understood without 
conducting further tests which were directed specifically at the area of interest; the need 
for additional beams will be explained throughout the course of the Chapter. The 
consequence of having to use additional beams is that the concrete material properties 
were not identical for each batch of specimens, as shown in the results of the 
characterisation tests of Chapter 3; a change in material properties will be acknowledged 
where appropriate. 
The various groups of beams are referred to by letters and numbers which indicate the 
type of specimen and the number of a particular test. The five types of specimen tested 
are listed below together with the group identification letter: 
I. Om beams tested in four point bending - group A; 
I. Om beams tested as cantilevers with various shear span/depth ratios- group Ca; 
0 2.3m and 4.5m beams tested in four point bending - group B; 
2.3m beams tested as cantilevers in such a way that they represented one shear span of 
a 4.5m beam under four point bending. These are referred to as 'half beams', 
identified by the letter H; 
2.3m and 4.5m beams with additional shear reinforcement either all internal or partly 
externally bonded - group S. 
The group A I. Orn four point bending tests were used to evaluate the parameters 
relatively rapidly and to draw conclusions on the behaviour of beams strengthened with 
bonded composite plates; consequently, the findings of the I. Orn tests are presented and 
discussed in detail before comparing the larger scale behaviour with the I. Orn results. 
The notation for group H is simply the letter followed by the test number. In groups B 
and S the subscript, unpl., denotes the unplated control beams and the subscript, 2 bars, 
indicates the use of just 2 tensile rebars in the 4.5m beams, as opposed to 3 rebars in 
some of the prestressed beams of Chapter 5. Groups A and Ca have additional numbers 
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and letters, as follows. In group A, the first number after the letter A represents the plate 
cross sectional dimensions used - ie. 1,2 and 3 for plates of 0.50 by 90mm, 0.82 by 
67min and 1.13 by 47mm, respectively. The lower case letter following this plate 
number represents the spacing of the point loads - ie. a, b and c for 300mm, 220min and 
100mm, respectively; the length of beam between the point loads will be referred to as 
the constant moment region. Beams with these load spacings are referred to as series 'a', 
V and 'c" members, respectively. This lower case letter is followed by A, /2 or /3 when 
more than one test of a particular configuration has been conducted. In some cases, the 
lower case letter is followed by a subscript entry which indicates a change in parameters 
from the other tests of that configuration. The subscripts are as follows: 
SUPP. plate ends anchored under beam supports; 
clamps plate ends anchored by mechanical clamps; 
angles plate ends anchored by bonded GFRP angle sections; 
bolts plate ends anchored by steel bolts inserted into the beam; 
0.3mm a CFRP plate of 0.3mm thickness used, this being the 
thinnest available; 
supp., no adh. plate ends anchored under beam supports but no adhesive 
used between supports; 
t"110 
GFRP a GFRP plate used instead of CFRP. 
The first four of these subscripts concern the form of plate end anchorage, one of the 
main variables of interest at the outset. However, the last three represent additional 
variables, each considered with just one beam test rather than several, that it was felt 
necessary to include in order to justify the parameters used in all other tests. The study 
began with flexural beam failures in mind but it will be shown that flexural failures did 
not occur with the 0.5mm or the 0.3mm thick plates; therefore, flexural failures would 
only have been achieved using plate thicknesses far lower than those available. The 
structural improvement created by plate bonding is usually considered in terms of the 
effect of the plate, but this effect can only be realised if there is adequate composite 
action between the concrete and plate. Therefore, the contribution of the adhesive is a 
critical aspect of plated beams; this was considered by omitting the adhesive between the 
beam supports in beam Mbsupp., no a&L- 
The f irst four of the above subscripts are followed by A or /2 to indicate more than one 
such test, where appropriate. Therefore, as an example, beam A2a/I was the first 
member to be strengthened with a 0.82 by 67mm plate and loaded by point loads spaced 
at 300mm. Beam A3bboltsn was the second beam whose 1.13 by 47mm plate was 
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anchored at its ends using bolts; the beam was loaded under a 220mm load spacing. For 
the 1.0m cantilever tests, the number following the letters Ca indicates the test number 
and the subscript 'bolts' indicates the use of the bolted plate end anchorage system. 
This notation may appear rather elaborate but has been found to be helpful in showing 
the test parameters at a glance, without the need for frequent referral to tables. 
The instrumentation of the test beams was described in Chapter 3, where it was stated 
that electrical resistance strain gauges in the 1.0m. beams were bonded to the composite 
plate only. The compressive response of the concrete, up to a level 10mm from the top 
of the beam, was determined from the demec strains through the section in the I. Orn 
beams. The top of the concrete was instrumented with strain gauges in the larger scale 
beams of groups B, H and S in which fewer specimens were tested. 
The results of the beam tests, section 4.3, are presented first for the members with no 
anchorage at the ends of the plate, after which the beams with anchorage are considered. 
The types of anchorage used and their installation procedures are presented next. 
4.2 Plate end anchorage systems used 
4.2.1 Introduction and objectives 
It will be shown in section 4.3 that the plated beams failed by the separation of a layer of 
concrete in the cover thickness from the bulk of the beani. This was caused by the 
stresses transferred into the concrete by the bonded plate. Having conducted a thorough 
literature survey in advance of the experimental work, it was known that such premature 
failure is usual for beams strengthened by externally bonded plates - ie. failure that 
occurs before the full flexural capacity of the plated section is reached. The literature 
shows the premature failure to occur due to normal and shear peel stresses transferred 
into the concrete by the tensile load in the plate at the end of the plate, and that the failure 
can be delayed by including some form of anchorage at the ends of the plate; the review 
of Chapter 2 has already shown the anchorage methods tried in previous experimental 
work. 
Therefore, the objective of the present experimental tests was to assess the effectiveness 
of commonly suggested anchorage systems in preventing the premature failure and 
allowing the beams to fail in flexure, and to compare the resultant structural behaviours 
associated with each. The beam tests in the present study have addressed the shear span/ 
depth ratio under which the beams are loaded; it will be shown that this ratio is a 
parameter that influences the improvement in structural behaviour brought about by 
plate end anchorage, the improvement depending on the mode of beam failure in the 
concrete cover layer in the absence of anchorage. 
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Therefore, the anchorage studies in the present tests have contributed important 
knowledge on the benefits of plate end anchorage, since the literature suggests that 
significant improvements in structural performance are created by the ability of the 
anchorage to prevent the peel failure at the plate ends, although it is shown below that 
plate end peel is not always dominant. The conditions under which plate end peel is 
dominant have been identified in the beam tests reported below. For such cases, various 
analytical methods of determining the normal and shear stresses have been proposed in 
the literature, although Chapter 9 shows that these methods are not universally accurate. 
However, they do indicate that the stresses may be minimised by reducing the plate 
thickness and modulus and the adhesive modulus; this may not be possible in practice so 
the use of plate end anchorage will remain essential. As a result, the experimental 
verification of anchorage systems was necessary. 
4.2.2 Anchorage systems adopted 
The following four plate end anchorage systems were adopted in the beam tests: 
" continuation of the CFRP plate under the beam supports; 
"a bolted system based on steel bolts inserted through the CFRP plate and into the 
concrete; 
"a clamping force at the plate ends provided by mechanically attached steel clamps; 
" improved attachment of the CFRP plate to the concrete member using bonded GFRP 
angle sections. 
All of these systems were tried in the I. Orn four point bending programme, while only 
the bolted system was used in the I. Orn cantilevers and the larger scale tests since this 
anchorage method was found to be both practical and effective, as shown in section 4.3. 
Figure 4.1 shows the continuation of the composite plate under the beam supports. A 
layer of 'Plastic Padding' was used to bond the bearing pad to the CFRP plate and fill the 
gap between the bearing pad and the concrete soffit, thereby levelling the bearing pad 
and avoiding damage to the composite plate. This anchorage system applied a clamping 
force to the composite plate in the direction normal to the span of the beam. The 
magnitude of this force was equal to the shear force applied to the beam, ie. half the 
applied load, so the clamping force increased progressively with rising tensile force in 
the CFRP plate. 
Anchorage under the supports is unlikely to be adopted in practice because it is not 
practical to continue the plate under the bearings of a beam, and no bearings are available 
in a continuous beam, for instance. Consequently, this method has not been Widely 
reported in the literature. However, since the purpose of the anchorage study was to 
determine the ability of various anchorages to resist the peel stresses at the plate ends, it 
was felt important to consider the magnitude of the plate end clamping force. 
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Since the CFRP plate extended under the supports of the I -Om 
beams, the total plate 
length was 9-3 )Omm - le. 900mm between support roller centres plus half the bearing pad 
width of 30mm at each end of the plate. However, the comparisons of unanchored and 
anchored plate end strains are based on equal distances from the beam supports so that 
equal bending moments are considered for a given applied load. With the other 
anchorage systems, the plate length was 860mm, the same as in the I. Orn beams without 
plate end anchorage, the anchored plate length in the larger beams was also equal to the 
unanchored lengths. 
Support roller 
View in elevation View on end of bewn 
Silkadur 31 PBA adhesive 'Plastic Padding' 
CFRP plate Bearing pad 
Figure 4.1 Continuation of the CFRP plate under the beam supports 
The bolted plate end anchorage system, shown in Figure 4.2, comprised a steel or GFRP 
anchorage block that was bonded to the CFRP plate and through which 5 116 inch 
diameter high tensile steel bolts were bonded through the composite plate and into the 
concrete; the bolts were located in 10mm diameter bores, drilled using a hammer action 
masonry drill, and were threaded along their whole length. Apart from investigating the 
influence of this anchorage system on the failure modes and structural performances of 
the plated beams, the bolted anchorage was adopted to check the ability of the bonded 
anchorage block to distribute stress in the plate and to avoid composite plate damage due 
to the stress concentrations that invariably develop in the vicinity of the hole in bolted 
composite joints in general. Due to the lack of any plastic deformation of the composite, 
the tensile elastic stress concentrations, due to circular holes in unidirectional 
composites, can be more than three times greater than in isotropic matenals (Collings, 
1987). The anchorage block, which provides a means of more gradual transfer of the 
plate tension to the bolts, reduces the stress concentrations and also improves the fatigue 
behaviour of bolted connections (Rizkalla and Erki, 1991). The tensile load in the plate 
was transferred to the bolts by the bear-ing force of the anchorage block against the bolts, 
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rather than by the bearing of the CFRP alone. 
As mentioned above, one of the objectives of using the bolted anchorage system was to 
determine its effect on the structural behaviour of the plated beams. To achieve this 
objective, it was important that the bolts did not break during the load testing of the 
plated beams, hence the use of high tensile bolts. No parametric study of the effect of 
bolt length, diameter, material type or thread configuration was undertaken, the choice of 
bolts having been based on a sensible judgment of proportions and the need to avoid bolt Cý 
fracture. 
The bolted anchorage was used in the I. Orn four point bending and cantilever beams, the 
2.3m beams tested as half beams and the 2.3m beams heavily reinforced in shear. The 
steel anchorage blocks were used in the I. Orn beams and the GFRP blocks were used in 
- the GFRP was used instead of steel in the larger beams in order to the 2.3m membersl 
verify the feasibility of applying a non-metallic material in the anchorage system, a 
necessary requirement for a durable anchorage in practice. However, identical steel 
bolts were used because these were readily available. 
CJ6 
Adhesive-fiRed 
bore 
IL 77 1 Bearing pad CFRP plate Anchorage 
Fli - ghtensile block 
steel bolt Support roller 
Silk-adur 31 PBA adhesive 'Plastic Padding 
CFRP plate 
Figure 4.2 General arrangement of the bolted plate end anchorage system (dimensions 
a and b are referred to in the text below) 
In the I. Orn four point bending and cantilever beams, the anchorage blocks were bonded 
to the CFRP plate using the Sikadur 31 PBA adhesive, but the 3M adhesive was used in 
the 2.3 )m beams; both adhesives have been described in Chapter 3. The Sikadur 31 PBA 
was used in the 1.0m beams since these were initial trials and any problems experienced 
with this adhesive, such as bond failure, would be remedied by further beam tests using 
an alternative adhesive. However, only a limited number of 2-3)m beams were 
4.2. Plate end anchorage systems used 73 
manufactured so it was important to avoid failures at the anchorage positions since the 
true structural behaviour of the plated beam would not be represented up to the ultimate 
limit state. Therefore, the 3M adhesive was used for the larger beams since this material 
is less susceptible to bond failure, as found in some of the initial trials of plate 
prestressing which were undertaken alongside the present non-prestressed work; Chapter 
5 shows that the Sikadur 31 PBA adhesive may not be able to maintain its bond when a 
high tensile force is applied to the CFRP plate during the prestressing operation, whereas 
the 3M material performs more reliably. 
The procedure for installing the bolted anchorage was as follows. After drilling the bolt 
holes through the anchorage block, this component was bonded to the CFRP plate. The 
bolt bores were then drilled into the concrete, using the pre-drilled anchorage block as a 
template. Having blown the bores free of concrete dust, they were filled with the 
Sikadur 31 PBA adhesive; the bolts themselves were thoroughly coated with the same 
adhesive, making sure the threads were well filled, and the bolts were next pushed into 
the bores with a screwing action. There was no operator control over the amount of 
adhesive displaced from the bores or the final distribution of adhesive along the bolts 
but as will be shown, the bolts were anchored in the concrete sufficiently to prevent their 
displacement during beam loading. Since the bolts were not threaded into any kind of 
socket in the concrete, there was no tension in the bolt shafts before the beams were load 
tested. Therefore, the purpose of the bolts was merely to provide a dowel and tie action 
that would resist the movement of the plate parallel and normal to the beam soffit, 
respectively. 
The anchorage blocks were 40mm long (ie. along the length of the CFRP plate) in the 
I. Orn beams and the bolts were located along the centreline - ie. dimensions a and b in 
Figure 4.2 were 20mm each. However, to help ensure the integrity of the anchorages in 
the 2.3m beams, the anchorage block length was increased to 60mm and a greater bond 
length was provided in front of the bolts, such that a was 20mm. and b was 40mm. This 
revised proportioning of the anchorage block was chosen in the light of failures observed 
in some of the cyclically loaded beams of Chapter 7, in which greater bond lengths in 
front of the bolts were found to be beneficial. 
In the 1.0m beams, the bolted anchorage was used with the 67mm and 47mm wide plates 
only; Figure 4.3 shows the beam end view of the dimensions of the bolted anchorage 
system in the I. Orn beams with the 67mm wide plate. The bolts were placed outside the 
plate in the 47mm case, as shown in Figure 4.4, in order to investigate the feasibility of 
using a bolted anchorage without drilling through the composite plate; the depth of bolt 
penetration with the 47mm wide plate was the same as with the 67mm, plate. 
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Figure 4.3 Dimensions of the bolted anchorage in the I. Orn beams with the 0.82 by 
67mm plate (not to scale) 
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Figure 4.4 Dimensions of the bolted anchorage in the 1. Oni beams with the 1.1 33 by 
47mm plate (not to scale) 
Figure 4.5 shows the bolted anchorage configuration in the 2.3m beams. 
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Figure 4.5 Dimensions of the bolted anchorage in the 2.3m beams (not to scale) 
. 1a,,, p, only, was 
the clamping of the The third anchorage system, used in beam Alb, 
CFRP plate ends to the concrete using mechanically attached steel clamps, 15mm wide 
and 10mm thick, as shown in Figure 4.6. 
Cross member 
I ad 
Steel clamp 
View on end of beam 
Figure 4.6 Mechanical clamping anchorage system 
The threads were tightened to a tensile force in each thread of 1.75 kN, - this load was just 
enough to cause local crushing of the concrete under the cross member so no further 
clamping force was applied. This anchorage system is analogous to that developed by 
Meier el al (1993a; 199-33b), consisting of a polymeric composite strap wrapped around 
the soffit plate and anchored in wedge-shaped sockets in the flanges of T-beams. These 
authors developed this system for the provision of additional shear capacity and as a 
plate end anchorage device. It was noted that the strap needs to be prestressed for the 
greatest shear improvement and plate end anchorage action. 
The last anchorage method was to bond 3mm thick GFRP angle sections to the sides of 
4.2. Plate end anchorage systems used 76 
View in elevation 
the beam, as shown in Figure 4.7, in the case of beam AIb,, nsj, ý, - le. with the 
90mm wide 
plate. 
25mm 
CFRP to end of angles 
Sik-adur 31 PBA adhesive GFRP angle section 
CFRP plate 
Figure4.7 Plate end anchorage by externally bonded angle sections in beam Albangles 
The angles were gritblasted in the same manner as the concrete (section 3.2.2.1 (page 
58)) and then cleaned with acetone before bonding. The GFRP was mainly 
unidirectional ly reinforced in the direction shown in Figure 4.7, - the tensile strength in 
the fibre direction was 580 MPa and the modulus of elasticity was 27 GPa (Lee, 1997). 
When composite materials are bonded to the sides of beams for the purpose of shear 
strengthening, it is better to align the fibres vertically to enable them to act in the 
direction of the applied shear force but, since the angles were used here as a means of 
plate end anchorage rather than for global shear improvement, the fibre direction was not 
considered important-, it was not possible to align the fibres vertically due to the 
configuration of the member from which they were cut. Also, no GFRP fracture in the 
transverse direction was envisaged and none occurred experimentally. A 2mm thick 
layer of Sikadur 31 PBA was used to bond the angles to the sides of the beam and to the 
CFRP plate. As Figure 4.7 shows, the angles met under the CFRP plate to forrn a U- 
channel around the bottom of the beam. 
4.3 Results of the experimental beam tests 
The geometries of the beams and their matenal properties have been shown in Chapter 3, 
together with the experimental testing procedure and the instrumentation used. 
Therefore, this Chapter gives the results and the observations of the tests, ending with the 
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50mm 
GFRP angle section 
main conclusions drawn from the experimental work. 
The results of the tests are presented in terms of the failure modes, characteristic loads 
(ie. concrete cracking, rebar yield and ultimate loads) and deformation responses of the 
unplated and plated beams. These are considered for each of the above five types of 
specimen used. 
4.3.1 Initial I. Om four point bending parameter study 
4.3.1.1 Failure modes and characteristic loads 
4.3.1.1.1 Unplated beams and plated beams without plate end anchorage 
One unplated beam was tested for each sefies; although the deformation behaviour is 
considered in section 4.3.1.2 (page 101), Figure 4.8 below shows the deflection 
responses for convenient reference in describing the failure modes of the unplated beams 
in the present section. 
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Figure 4.8 Deflection responses of the unplated I. Orn beams 
As expected, the more closely spaced loads were associated with greater deflections at 
any given applied load. Two major changes in slope are seen for each beam, the first 
corresponding to the loss of stiffness due to concrete flexural cracking in the constant 
moment region, and the second due to yield of the internal tensile rebars in the same 
region of the beam; these points in the loading range, referred to as the cracking and 
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yield loads, are indicated in Figure 4.8 for the series 'c' beam. After the onset of steel 
yield, the beams maintained a certain proportion of their pre-yield stiffness due to the 
ability of the internal rebars to carry fin-ther applied stress in their strain hardening region 
(Figure 3.7 (page 52)). The dramatic drop in member stiffness, after the internal 
reinforcement began to yield, reflects the reduced moment of resistance of the section. 
The increased rate of section rotation with respect to applied load, associated with the 
elevated rate of deflection increase, caused a rise in the rate of increase of concrete 
compressive stress, eventually causing the concrete to fail in compression at the top of 
the beam. As Figure 3.7 (page 52) shows, the rebars were able to sustain a high increase 
in strain after the onset of yield, a feature reflected in the large maximum deflection 
compared with the deflection at yield. 
Figure 4.9 shows the typical appearance of an unplated beam at complete failure. 
Figure 4.9 Typical appearance of an unplated beam at failure 
The Figure shows a few relatively wide cracks in the constant moment region and a 
limited extent of shear cracking in the shear spans; the shear cracks did not have the 
opportunity to extend further from the load position because the magnitude of the 
maximum applied shear force was limited by yielding of the internal reinforcement.. 
Horizontal cracks were seen at the top of the beam in the region where the concrete 
failed in compression - ie. the compressive failure was characterised by tensile cracking 
of the concrete in the direction normal to the compressive flexural stress, causing a 
shallow depth of concrete to be separated from the bulk of the beam at the top. 
The maximum deflections shown in Figure 4.8 correspond to the onset of visible 
concrete compressive failure; the beams continued deflecting after this point and the 
depth and extent of the compressive failure became more widespread with increasing 
deflection at constant load, but failure was deemed to be complete when the concrete at 
the top of the beam failed visibly. 
The first series of I. Orn plated beams were tested under a load spacing of 300mm, which 
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provided a shear span/beam depth ratio of 3.00; the beams were initially not provided 
with anchorage at the ends of the plate. The first beams to be tested under this shear 
span/depth ratio were members Ala, A2a/I and Ma, strengthened with plates of 90mm, 
67mm and 47mm widths, respectively (Table 4.27 (page 186)). Figure 4.10 shows the 
typical development of failure in a plated beam when tested under the shear span/depth 
ratio of 3.00. Two repeat tests, A2aI2 and A2a/3, were conducted to verify the failure 
mode of beam A2a/l, plated with the 0.82 by 67mm plate. These were tested in the 
presence of a high speed video camera which operated at 1000 frames per second in 
order to capture the failure event. The eventual failure mechanism, described below, was 
conf inned using the camera. 
The Figure shows that the first cracks were flexural in the constant moment region 
before shear cracks developed in the shear spans. Both the flexural and shear cracks 
occurred in greater number than in the unplated beam, and were spaced more closely. At 
any applied load beyond the cracking load, the cracks were finer in the plated beams than 
in the unplated member; this was visually evident, although crack width measurements 
were not made. The shear cracks extended further along the shear spans than in the 
corresponding unplated beam since the plated beam was able to carry a greater load 
before failure, as will be seen later. The 'failed shear span' is that in which the layer of 
concrete cover to the internal rebars separated from the rest of the beam, as shown in 
Figure 4.10. Under the shear span/depth ratio of 3.00, the outermost shear crack through 
the depth of the beam, in the failed shear span, always occurred at the end of the bonded 
plate; this was not necessarily the case in the non-failed shear span in each case. After 
this failure, the internal rebars were left exposed throughout the failed shear span. 
The separation of the concrete cover layer will be referred to as 'plate separation' since 
the cover concrete remained bonded to the composite plate after failure. Plate separation 
is a premature mode of failure since it is non-flexural in nature - ie. the beam section 
does not reach its full flexural capacity by failing in concrete compression and/or plate 
tensile fracture. After the outermost shear crack occurred in the failed shear span, little 
further load was applied before the end of the plate peeled away from the beam, 
removing a thin layer of concrete which increased to the full cover thickness over a short 
distance from the end of the plate, as shown in Figure 4.10; it will be shown, in the plate 
separation study of Chapter 9, that this mode is known as 'shear peeling'. 
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Figure 4.10 Typical progression of plated beam failure under the shear span/depth ratio 
of 3.00 (level of internal rebars is shown dotted) 
The peeling action is thought to have been caused by the action of the plate tension at a 
distance from the beam soffit equal to the adhesive thickness plus half the plate 
thickness. The internal rebars, presented a steel/concrete interface along which the 
concrete separation propagated, rather than progressing up into the beam above the 
rebars. The concrete at the top of the beam showed no signs of compressive failure 
before plate separation in any of the I. Om beams (loaded under all three shear span/depth 
ratios) strengthened with CFRP plates. Section 4.3.1.2.2 (page 122) shows plate end 
strain results which are consistent with plate peel having been responsible for the plate 
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separation under the shear span/depth ratio of 3.00. It was proposed by Swamy et al 
(1987) that this mode of failure can be avoided with steel plates if the aspect ratio of the 
plate is greater than 50, in which case tensile yielding of the plate can occur. The cover 
separation failure mode occurred with all three plate sizes in the present series 'a' beams, 
the greatest aspect ratio having been 180, far greater than the steel plating threshold 
value. Therefore, the rules for the design of steel plated beams do not apply to composite 
plated beams, the difference being that composites show no yielding behaviour which 
would allow a ductile failure mode; Swamy and Mukhopadhyaya (1995) also 
commented on this aspect of composite plating. 
In beam Ala, strengthened with the 0.50 by 90mm CFRP prepreg plate, the width of 
cover concrete removed during plate separation was equal to the full I 00mm width of the 
beam throughout the entire length of separated concrete. However, in beam A2a/l and 
its repeat specimens, A2a/2 and A2a/3, all with the 67mm wide plate, and beam Ma 
with the 47mm. wide plate, the width of separated concrete was just the plate width at the 
end of the plate and increased to the full beam width with distance from the end of the 
plate, as shown in Figure 4.11. The Figure shows that the length of the narrow separated 
concrete width became greater with reducing plate width. This length was the distance 
between the end of the plate and the nearest shear crack. The equality of the separated 
concrete width and the beam width, using the widest plate, shows that a plate which 
covers a high proportion of the beam width will remove the whole cover width, whereas 
narrower plates cause initially more localised damage. 
As mentioned above, the high speed camera footage confirmed that the plate separation 
started at the end of the plate under the shear span/beam depth ratio of 3.00. However, as 
this ratio increased to the values of 3.40 and 4.00 in the series V and V beams, 
respectively, the position at which plate separation was initiated shifted away from the 
end of the plate; again, plate separation occurred in just one of the shear spans. Under 
the shear span/depth ratio of 3.40, the plate separated first at the location of the widest 
shear crack in the failed shear span; the initiation of plate separation is shown 
exaggerated in Figure 4.12. As this Figure shows, one shear crack was wider than all 
others and the base of the crack widened vertically to a sufficient extent to cause the 
layer of cover concrete to be pulled away from the internal reinforcement at the position 
of the shear crack; the state of soffit level cracking, immediately before this concrete 
cover separation, is depicted in Figure 4.13. 
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Figure 4.11 Plate end concrete separation widths in series 'a' beams (shear span/depth 
ratio = 3.00) 
Figure 4.12 Initiation of plate separation in the series 'b' beams (shear span/depth ratio 
= 3.40) 
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Figure 4.13 Exaggerated view of the concrete cracking immediately before plate 
separation in the series V beams 
The state of concrete cracking shown in Figures 4.12 and 4.13 was reached after flexural 
cracking occurred in the constant moment region; as under the shear span/depth ratio of 
3.00, the flexural and shear cracks were more closely spaced but narrower than in the 
unplated beam. Figure 4.13 shows that the soff it of the beam was cracked along the 
sides of the bonded plate over a short distancejust before plate separation. The eventual 
separation of the plate occurred by the removal of a layer of concrete between the shear 
crack and the end of the plate; the thickness of this layer was equal to the cover thickness 
over the distance between the main shear crack and the neighbouring crack - ie. length 
AR in Figure 4.13. Over the remainder of the plate length beyond position B (ie. length 
BQ, the thickness of separated concrete was only approximately 2mm - ie. a thin surface 
layer, rather than the full cover thickness. The now separated length, AC, moved away 
from the beam with sufficient momentum to cause the separation of the full cover 
thickness between position D and the location of the point load. When the 90mm wide 
plate was used, the width of separated concrete was equal to the full width of the beam 
over the whole plate separation length between the loading position and location C. 
However, the 67mm and 47mm, wide plates were associated with a separated concrete 
width approximately equal to the plate width over this entire plate separation length. The 
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high speed video camera again confirmed this mode of plate separation in the series V 
beams. The above failure description applies to the 0.3mm thick plate, beam AlbO. 3MM, 
as well as the corresponding beam with the O. 5mm thick plate, Alb. 
Beam A2bcFRp, plated with the 0.64 by 65mm GFRP plate, failed in two stages - ie. 
concrete compressive failure followed by plate separation in the manner of Figure 4.13. 
The concrete compressive failure, characterised by the horizontal cracking shown in 
Figure 4.9 (page 79), began at an applied load of 24 kN but did not propagate further 
until shortly before plate separation. The load at which the beam eventually failed, 33.15 
W, was similar to the 34.0 kN maximum load carried by beam A2b, plated with the 0.82 
by 67mm CFRP plate. 
Under the shear span/beam depth ratio of 4.00 in the series V beams, the flexural and 
shear cracks were again more numerous but narrower, at any applied load, than in the 
corresponding unplated member. The location of plate separation initiation moved yet 
further away from the end of the plate in the again single failed shear span. As Figure 
4.14 shows, the widest concrete crack marked X, occurred near one of the loading 
positions; this crack appeared to be a flexure-shear crack, being only slightly inclined at 
the base of the beam and becoming more inclined towards the load position. 
f- .' . ). .--. i .. --, j )- -i t- --. -i IM- - JL- -. - -4- -.., ý, .. .% 
Intemal steel 
rebars 
Thin layer of / 
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Figure 4.14 Typical mode of plate separation in the series V beams (shear span/depth 
ratio = 4.00) 
The whole thickness of cover concrete was separated from the internal rebars over a 
short length of plate adjacent to crack X, the main flexural crack in Figure 4.14. Beyond 
this short length of exposed rebars, towards the end of the plate, the thickness of 
separated concrete diminished to a thin layer of approximately 2mm, composed of 
cement and weak aggregatelcement interfaces. At the end of the composite plate the 
adhesive, and the concrete bonded to it were not present in the length marked 'exposed 
plate end' in Figure 4.14; only traces of adhesive remained in the surface roughness of 
the plate. This was because the adhesive and concrete either remained attached to the 
beam over this length or fell away during plate separation. The composite plate itself 
was not damaged over the exposed length. As will be shown below, the exposed length 
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of composite plate was associated with cracking in the adhesive layer. An exposed plate 
end length was found in the series V beam, A2a, also, but not in the other series V 
beams or the series 'a' beams. 
During loading of the series V beams, the greatest indication of concrete damage was at 
crack X. The damage observed was the progressive widening of the crack, leading to the 
isolation of a 'triangular' piece of concrete as shown sequentially in Figure 4.15. The 
crack in the concrete at this position was the widest of all those in the failed shear span. 
The crack appeared to be predominantly flexural in nature, although a gradual change of 
direction towards the loading point was seen. As Figure 4.15 shows, a tributary crack 
formed adjacent to the main crack (stage 2), forming a 'triangular' shape bounded by the 
main crack, the tributary crack and the soffit of the beam. Widening of the main crack at 
beam soffit level (stage 3) was associated with the formation of a relative vertical 
displacement at position A between the two halves of the main crack. This relative 
displacement became more pronounced with increasing applied load on the beam; its 
magnitude was around 2mm shortly before failure. After plate separation (ie. beam 
collapse), the cracks bounding the 'triangular' piece of concrete, shown shaded in Figure 
4.15, had widened further, leaving this piece of concrete separated from the rest of the 
beam, but still firmly attached to the internal rebars. As the profile of separated concrete 
in Figure 4.15 shows, the thickness of the separated concrete in the cover layer decreased 
towards the end of the plate. Figure 4.16 shows the appearance of this failed region 
through the width of the beam in section S-S. 
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Figure 4.15 Progressive failure of the series V beams (shear span/depth ratio = 3.40) 
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Figure 4.16 Section S-S (Figure 4.15) through the width of the series V beams 
At the position of the main crack in Figures 4.14 and 4.15, the width of separated 
concrete was equal to the full 100mm width of the beam using all three widths of plate. 
With the 90mm wide plate, the width of separated concrete remained equal to the beam 
width throughout the length of separated plate. However, with the 67mm and 47mm 
wide plates, the width decreased to approximately the plate width with distance from the 
main crack, as shown in Figure 4.17 which presents the state of concrete cracking 
immediately before plate separation; the narrowing of the cracked width of concrete at 
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Stage 1: shear crackformation Stage 2. - bibutary crackformation 
Stage 3: relative vertical displacement 
soffit level led to the crack path marked A-B-C-D in Figure 4.17. 
Figure 4.17 Exaggerated view of the concrete cracking immediately before plate 
separation in the series V beams 
The propagation of the crack in the depth of the concrete along path A-B-C-D was 
associated with the separation of a thin layer of concrete from the bulk of the beam. The 
fact that the crack A-B-C-D existed in the concrete, rather than in the adhesive or the 
concreteladhesive interface, is consistent with the fact that the bond between the concrete 
and adhesive, and the cohesive strength of the adhesive, were stronger than the cohesive 
strength of the concrete. 
In addition to the cracking in the concrete, cracks were present in the adhesive layer in 
the series V and V beams. The adhesive cracks were not observed until loads near 
failure were reached in any particular specimen, but the proportion of the ultimate load at 
which adhesive cracks first appeared is not known accurately. Figure 4.18 shows the 
typical appearance of a region of a series 'c' beam soffit in which adhesive cracking 
formed beyond the main flexural crack in Figure 4.17; the positions A, BC and D in 
Figure 4.18 correspond to those in Figure 4.17. Figure 4.18 represents adhesive cracking 
in the vicinity of a predominantly flexural crack, but similar adhesive cracking was 
4.3. Results ofthe expefimental heam tests 88 
found in the vicinity of shear cracks in both the failed and non-failed shear spans of the 
series V and V beams. Figure 4.18 shows a typical crack path recorded after beam 
failure so it suggests the soffit level crack, ABC, was diverted into the adhesive itself; 
however, it remains uncertain whether the adhesive crack, CD, occurred before or after 
the soffit level crack. If after, then the position C was a discontinuity which caused the 
termination of the soffit level crack. 
Crack in depth of concrete beam 
To end 
of beam 
Concrete soffit level 
C\D 
Adhesive layer 
E 
Composite plate 
Figure 4.18 Appearance of cracking in the adhesive layer 
At point C, the soffit level crack was diverted into the adhesive itself, the reason for this 
is unclear but may have been due to an air flaw in the adhesive at position C The crack 
CD then propagated further along the line DE, the adhesive/plate interface. This latter 
propagation, observed only in the series V specimens (ie. loaded under the shear span/ 
depth ratio of 4.00), was associated with the shear crack in the depth of the beam nearest 
the end of the composite plate. The region of exposed composite (Figure 4.14) in the 
series V specimens was bounded by the point D (Figure 4.18) corresponding to the 
shear crack nearest the plate end and the end of the plate. 
Measurements were made of the distances, from the end of the composite plate, of the 
adhesive cracks in the failed and non-failed shear spans for each specimen tested; these 
data are given in Table 4.1 below. Only those cracks visible to the naked eye were 
recorded since no other method of adhesive crack identification was used. The 
percentages in brackets in the last two columns of the Table give the proportions of the 
plated length in the shear spans between which the adhesive cracks were found to lie. 
These percentages are based on the lowest and highest distances of adhesive cracking 
from the plate end in each shear span; values greater than 100% represent cases in which 
adhesive cracking existed in the constant moment region - ie. crack distances from the 
end of the plate exceeded the distance between the plate end and the point load position. 
The adhesive cracks in these cases were flexural, as determined from their location in 
line with flexural cracks in the concrete. The Table includes data for the beams with 
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plate end anchorage for later reference. 
Table 4.1 Positions of adhesive cracks in the failed and non-failed shear spans 
Plate size and beam aA * Distmwes infailed shear span Distances in non-failed shear span 
identify ratio (Ynm) 
0.51mm by 90mm plate 
Ala 3.00 No adhesive cracks 
Alb 3.40 205 (64%) 
Albsupp. 3.40 15,30,50,80,90 (5 - 28%) 
Alb, l,, p, 3.40 155 (48*/o) 
Albangles 3.40 No adhesive cracks 
Alc 4.00 60,175,220 (16 - 58%) 
0.8mm by 67mm plate 
A2a/I 3.00 No adhesive cracks 
A2a/2 3.00 320 (114%) 
A2a/3 3.00 No adhesive cracks 
Mas,, pp. 3.00 70(25%) 
A2b 3.40 No adhesive cracks 
A2bsupp. 3.40 65,215 (20 - 67%) 
A2bbohs 3.40 40,110 (13 - 34%) 
A2cIl 4.00 325(860/o) 
A2c/2 4.00 300 (79%) 
A2c, upp. 4.00 50(18010) 
I. Omm by 47mm plate 
Ma 3.00 No adhesive cracks 
No adhesive cracks 
400 (125%) 
85,170 
95,120 (30 - 38%) 
No adhesive cracks 
No adhesive cracks 
No adhesive cracks 
No adhesive cracks 
No adhesive cracks 
No adhesive cracks 
No adhesive cracks 
105(330/o) 
45,90,150,260 (14 - 810/6) 
No adhesive cracks 
375 (99Yo) 
No adhesive cracks 
No adhesive cracks 
A3b 3.40 160(50%) No adhesive cracks 
A3bsupp. 3.40 85,135 (27 - 42%) 65,165,245,365 (20 - 114%) 
A3bbow, 3.40 80,90,160 (25 - 50%) No adhesive cracks 
A3bboW2 3.40 190,280 (59 - 98%) 55,90,165 (17 - 52%) 
A3c 4.00 165(430/o) No adhesive cracks 
* a, /h is the shear span/beam depth ratio 
Table 4.1 shows that adhesive cracking occurred in only one of the five series 'a! beams 
without plate end anchorage, A2a/2, and that the adhesive was more prone to crack as the 
shear span/depth ratio increased. Therefore, the plate end peel mode of plate separation 
was generally not associated with adhesive cracking but this cracking became more 
common as plate separation was initiated further from the end of the plate. No adhesive 
cracks were spotted in the non-failed shear span of any of the series V beams, this 
finding being consistent with the absence of adhesive cracking under the low shear span/ 
depth ratio in most cases. Table 4.1 shows that there was no consistency in the 
proportions of the plated length in the shear spans over which adhesive cracks occurred, 
this finding being consistent with the random nature of both the concrete and adhesive 
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cracking. 
Table 4.2 lists the characteristic loads of the unplated beams and the plated members 
without plate end anchorage. 
Table 4.2 Concrete cracking, steel yield and ultimate loads of the I. Orn beams without 
plate end anchorage 
Beam Shear spanl Concrete cracking Steel rebar3deld Ultimate load 
depth ratio load (kNq load (kA9 (kA9 
Unplated beams 
A.,. a 3.00 6.00 14.00 17.00 
A, ML b 3.40 3.00 12.40 
14.85 
Aunpl. e 4.00 4.00 10.50 12.50 
Plated beams 
0.50 by 90=n plate 
Ala 3.00 6.00 23.00 39.60 
Alb 3.40 6.00 22.50 38.50 
Albo. 3. 3.40 6.00 20.00 41.30 
Ale 4.00 4.00 18.00 39.00 
0.82 by 67n= plate 
A2a/I 3.00 6.00 26.00 36.50 
A2a/2 3.00 6.00 27.00 36.30 
A2a/3 3.00 6.00 27.00 32.00 
A2b 3.40 3.00 21.00 34.00 
A2bGFRp 3.40 3.00 18.00 33.15 
A2c/I 4.00 4.00 19.00 34.50 
A2r. /2 4.00 4.00 20.00 34.60 
1.13 by 47mm plate 
Ma 3.00 6.00 25.00 31.90 
A3b 3.40 4.00 21.00 35.55 
A3c 4.00 4.00 18.00 30.70 
Considering first the unplated beams, it is seen that the yield and ultimate loads exhibited 
a consistent reduction with increasing shear span/depth ratio, as expected since the yield 
and ultimate moment of resistance of the section is a constant regardless of load spacing. 
The yield moments were 2.10 kNm, 2.11 kNrn and 2.10 kNm for the unplated series 'a', 
V and 'c' beams, respectively, and the ultimate moments (in the same order) were 2.55 
kNm, 2.52 kNm and 2.50 kNm. Although the concrete cracking moments of the series 
'a" and 'c' beams were similar at 0.90 kNm and 0.80 kNm, respectively, the series V 
moment was lower at 0.51 kNm, indicating the slightly lower tensile strength of this 
particular specimen. 
The Table shows that the steel rebar and ultimate loads of the plated beams were 
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significantly greater than those of the unplated beams, indicating the strengthening 
achieved by bonding a plate; the proportions by which the plated characteristic loads 
were greater than the unplated values are shown in Table 4.3. 
Table 4.3 Strengthening achieved to cracking, yield and ultimate in the I. Orn plated 
beams 
Beam Shear spanl Strengthening to Strengthening to Strengthening 
depth ratio cracking (106) yield r1q) to ultimate r1q) 
0.50 by 90nun plate 
Ala 3.00 0.0 64.3 132.9 
Alb 3.40 100.0 81.5 159.3 
Albo. 3mm 3.40 0.0 61.3 178.1 
Ale 4.00 0.0 71.4 212.0 
0.82 by 67mm plate 
A2a/l 3.00 0.0 85.7 114.7 
A2a/2 3.00 0.0 92.9 113.5 
A2a/3 - 3.00 0.0 92.9 88.2 
A2b 3.40 0.0 69.4 128.9 
A2bGFRp 3.40 0.0 45.2 123.2 
A2c/l 4.00 0.0 81.0 176.0 
A2c/2 4.00 0.0 90.5 176.8 
1.13 by 47nun plate 
Ma 3.00 0.0 78.6 87.6 
A3b 3.40 33.3 69.4 139.4 
Me 4.00 0.0 71.4 145.6 
The bonded plate was located in a position where its lever arm was a maximum, 
allowing the plate to have greatest effect on the flexural rigidity of the section by 
lowering the neutral axis, as will be shown later, and, therefore, raising the second 
moment of area of the section. In doing so, the plate ensured the internal rebars were 
strained less, at a given applied load, than without the plate, so a greater load had to be 
applied to achieve yield of the rebars. The plate also helped the concrete to contribute 
more to the flexural rigidity of the section by transferring stress to the intact concrete 
between cracks and, therefore, allowing the concrete to contribute to the load carrying 
capacity of the section. 
Only two of the beams experienced an improvement in the concrete cracking load, most 
cases not showing any change in this value, probably because the cross sectional area of 
plate was low in comparison with that of the beam. The strengthening to yield was lower 
than the strengthening to ultimate in all cases except beam A2a/3 which failed at a lower 
load than the almost identical loads of the other two comparable members, beams A2a/l 
and A2a/2. The relatively high strengthening to ultimate was due to the considerable 
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reserve of load carrying capacity after yield of the plated beams and the negligible post- 
yield reserve of the unplated members. 
The strengthening to yield was lower with the thinner plate of 90mm width in beam 
Albo. 3nun, compared with the 0.50mm thick plate, consistent with the lower plate cross 
sectional area. However, the strengthening to ultimate was greater with the thinner plate, 
although the failure mode was unchanged - ie. plate separation initiated by a vertical step 
at the base of a shear crack, as shown in Figures 4.12 (page 83) and 4.13. 
The GFRP plate of beam A2bGFRp was of 0.64 by 65mm. dimensions, slightly smaller 
than the 0.82 by 67mm of beam A2b with a CFRP plate. The strengthening to yield with 
the GFRP plate was somewhat lower than with the CFRP plate, consistent with both the 
lower area and modulus of elasticity of the GFRP plate. However, the ultimate 
strengthenings were similar, both beams having reached complete failure due to the 
vertical step at the base of a shear crack. 
By moving down Table 4.3 to compare the strengthening to yield of the series 'a' beams 
with each plate size, it is found that the 0.82 by 67mm and 1.13 by 47mm plates 
improved the yield load more than the 0.50 by 90mm plate. This is due to the higher 
cross sectional area of the two narrower plates, such that a greater quantity of external 
reinforcement was used; the areas were 45. Omm2,54.94mrn2 and 53.1 IMM2 for the 
90mm, 67mm and 47mm wide plates, respectively. The area of the 67mm wide plate 
was greater than that of the 47mm plate, this being reflected in the relative yield 
strengthening magnitudes. However, at the ultimate limit state, the Table shows that a 
lower improvement in maximum capacity was achieved as the aspect ratio decreased, 
despite the larger cross sectional areas of the two narrower plates. This is thought to 
have been due to the plate tension acting over a smaller width of concrete with 
decreasing aspect ratio, causing greater plate end peel stresses in the weak tensile 
concrete. The shear span/depth ratio of 3.40 resulted in a lower strengthening to yield 
for the two narrower plates, while the strengthening to ultimate was higher for the 
narrowest plate than the intermediate plate, both lower than for the widest plate. The 
series V beams, with the shear span/depth ratio of 4.00, showed behaviour similar to the 
series 'a' beams - ie. the yield strengthenings were greater for the narrower plates but the 
ultimate strengthenings were lower. Therefore, the extremes of shear span/depth ratio 
indicated that the greatest ultimate capacities are achieved with as wide a plate as 
possible; the width of the plate is clearly the important parameter because narrow plates 
cause earlier plate separation even if the cross sectional area is greater. Therefore, the 
greatest ultimate capacities will be achieved with as high a plate aspect ratio as possible; 
the aspect ratios used here were 180.0,81.7 and 41.6 for the widest, intermediate and 
narrowest plates, respectively. 
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Considering next a varying shear span/depth ratio for a given plate cross section, Table 
4.3 shows that the strengthening to ultimate rose with an increasing ratio - ie. the 
initiation of plate separation from the end of the plate is associated with the lowest 
improvement in load carrying capacity. Consequently, a high shear span/depth ratio 
enables the maximum plate strain (ie. in the constant moment region) to reach a greater 
proportion of the ultimate tensile strain of the CFRP. By comparing the ultimate loads in 
Table 4.2 (page 91) for a given plate cross section but varying lengths of shear span, it is 
found that the maximum applied load for the highest shear span/depth ratio, in the 
unplated beams, was 26.5% lower than the maximum load with the lowest ratio. 
However, in the plated beams, the corresponding difference in ultimate loads was 1.5%, 
5.5% and 3.8% for the 90mm, 67mm and 47mm wide plates, respectively. While these 
percentages indicate no obvious trend with plate cross sectional dimensions, it is clear 
that the addition of a bonded plate allows the maximum applied load to remain 
approximately constant as the symmetrically located point loads traverse the length of 
the beam, so the maximum bending moment and, therefore, the maximum flexural 
strains, become greater as the loads become more closely spaced. 
As a result of this approximately constant load, the maximum plated bending moment 
under a high shear span/depth ratio is somewhat greater than under a low ratio, due to the 
difference in the length of shear span, whereas the maximum unplated bending moment 
remains constant regardless of load spacing. The percentage by which the maximum 
bending moment, under the greatest shear span/depth ratio, exceeded the value under the 
lowest ratio, is 31.3%, 25.9% and 28.2% for the 90mm, 67mm and 47mm wide plates, 
respectively. Although the ultimate maximum bending moment became greater with an 
increasing length of shear span, it is found that the maximum moment at yield varied less 
from one beam series to the next; the difference between the series 'c' and series 'a' 
yield moment was 4.3%, 2.6% and 4.0% for 90mm, 67mm and 47mm wide plates, 
respectively. This indicates that the yield moments of plated beams are determined 
merely by the quantity and configuration of internal and external reinforcement 
throughout their cross sections, as is the case for unplated members, so conventional 
analysis methods will apply in calculating the yield capacity of a plated beam. 
The above capacities concern the yield and ultimate conditions of plated beams, but 
these load levels will not be reached in practice because the applied load is limited to a 
serviceability value. Therefore, the improvement in the serviceability load, due to 
plating, needs to be as high as possible for maximum benefit. The serviceability load is 
defined in the present work as the load associated with a compressive stress in the 
concrete, at the top of the section, equal to 0.5fcu, or a tensile stress of 0.75fy in the 
bottom rebars, whichever load is the lesser, where fcu and fy are the characteristic 
compressive strength and yield stress of the concrete and rebars, respectively. This 
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determination of serviceability load, pmposed by BS 5400, Part 4 (1990), is based on 
elastic calculations, considered to be appropriate due to the low magnitudes of the 
serviceability loads which are, therefore, associated with low material strains for which 
elastic calculations are suitable. Table 4.4 lists the serviceability loads of the I. Orn 
beams, calculated assuming the concrete and adhesive carry no tensile stress; since this is 
a calculation for the region of highest flexural stress (ie. the constant moment region), 
the use of plate end anchorage does not affect the magnitude of the serviceability load, so 
the values are equal for beams with and without anchorage. The short term modulus of 
elasticity of the concrete is adopted. 
All of the serviceability loads of the I. Om beams are based on the rebar stress criterion, 
the characteristic compressive strength of the concrete (54 Wa) having been sufficiently 
high to avoid this being the limiting factor. The low modulus of the GFRP plate created 
only a small increase of approximately 11% in the flexural rigidity, 'EI', of the section, 
compared with an average of around 40% for the three CFRP plates; the low increase 
with the GFRP is reflected in the low serviceability strengthening. 
Table 4.4 Serviceability loads of the I. Om beams 
Beam Shear spanI Serviceability Strengthening to 
depth ratio load (kA9 serviceability load (016) 
Unplated beams 
AunpL a 3.00 11.24 
A. vL 
b 3.40 9.92 
AwnpL 0 4.00 8.43 
Plated beams 
0.50 by 90mm plale 
Ala 3.00 15.96 42.0 
Alb 3.40 14.08 41.9 
Albo. 3. 3.40 12.82 29.2 
Alc 4.00 11.97 42.0 
0.82 by 67mm plate 
A2a/l, 2 and 3 3.00 17.18 52.8 
A2b 3.40 15.16 52.8 
A2br, FRp 3.40 11.20 12.9 
A2c/l and 2 4.00 12.88 52.8 
1.13 by 47mm plale 
Ma 3.00 17.13 52.4 
A3b 3.40 15.12 52.4 
Me 4.00 12.95 52.4 
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4.3.1.1.2 Plated beams with plate end anchorage 
The failure modes of the I. Om beams with plate end anchorage are described next; these 
are also treated in order of ascending shear span/depth ratio. Figure 4.19 shows the post- 
failure appearance of beam A2asupp. (shear span/depth ratio = 3.00); the ends of the 0.82 
by 67mm, plate were anchored under the beam supports. The failures under the 
intermediate shear span/depth ratio of 3.40, beams Albsupp. 2 A2bsupp. and Mbsupp, were 
as shown for the unanchored case in Figures 4.12 (page 83) and 4.13, while the anchored 
failure under the ratio of 4.00) beam Mcsupp, was similar to that in Figures 4.14 to 4.17 
- ie. plate end anchorage did not alter the failure modes under the two higher shear span/ 
depth ratios. 
c 
45* 
Leveli of intemal rebars 
............. 
-------------- ------------- 
CFRP plate 
Figure 4.19 Appearance of beam A2a after failure (shear span/depth ratio = 3.00; sNelow) 
position A referred to in text 
It was shown in Figure 4.10 (page 81) that plate separation from the end of the plate 
occurred under the shear span/depth ratio of 3.00 in the absence of anchorage; Figure 
4.19 shows that this changed to shear through the concrete section when plate end 
anchorage was used. It will be shown below that the beams with anchorage carried 
greater loads than those without this being the reason for the ultimate shear capacity of 
the section being reached in beam A2asupp., rather than the beam failing due to plate end 
peel. 
The mechanically clamped anchorage system of beam Alb, , I. ps, applied under 
the shear 
span/bearn depth ratio of 3.40 only, exhibited the typical concrete cracking pattern for 
this ratio, but was unable to maintain the integrity of the platelconcrete plate end 
connection, the plate having slipped from under the clamp at one end, causing beam 
collapse. The slippage occurred due to the propagation of a horizontal plate/adhesive 
interfacial crack, DE in Figure 4.18 (page 89), as far as the plate end. 
The bolted anchorage system was also used under the shear span/depth ratio of 3.40 
only, with the 0.82 by 67mm and 1.13 by 47mm plates. Beam A2bbolts, with the 0.82 by 
67mm plate, failed in the manner typical of the shear span/depth ratio of 3.40, shown in 
Figures 4.12 (page 83) and 4.13. The bolted anchorage was not damaged by the dramatic 
increase in plate tensile strain transferred to the anchorage immediately before plate 
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separation; this increase will be shown later. 
The first of the two members whose plates were anchored by bolts beside the plate 
(Figure 4.4 (page 75)), beam A3bbolts/l, failed in the usual fashion for the shear span/ 
depth ratio of 3.40 and the anchorage integrity was not impaired when a high plate 
tensile force was transferred to the anchorage after plate separation. However, the 
second such test, beam A3bboIW2, suffered slippage of the plate from beneath the steel 
anchorage block, indicating the failure of the adhesive bond between the CFRP 
composite and the Sikadur 31 PBA, as indicated in Figure 4.20. Therefore, these results 
suggest that the plate end anchorage will be more secure if the bolts are placed within the 
width of the plate rather than relying on the bond between the CFRP plate and the 
anchorage block. However, this was not verified using a different adhesive and/or 
anchorage block material. 
Beam soff it Region of traces 
of Sikadur 31 PBA 0 
Bolt head 
'47mm 
=CFRKPplate 
1' 
4' 
Steel anchorage 
block 
Lengthof 
slipped plate 
40mm 
Plan on beam underside 
Figure 4.20 Plate end anchorage failure in beam A3bbolts/2 
loomm 
All of the above plate end anchorage systems, except the mechanical clamps, displayed 
the ability to secure the end of the CFRP plate and prevent plate end movement after 
plate separation. The anchorages were based on a plate end restraint either with or 
without a normal force against the plate but, in each case, no part of the anchorage 
terminated in a region of the beam which would itself fail. For example, the anchorage 
under the supports provided an increasing normal force, the bolts terminated above the 
internal rebars which define the level to which plate separation occurs, and the 
mechanical clamps reacted against the top of the beam. As a result, each end of the 
CFRP plate remained attached to the concrete member after failure. 
However, the externally bonded GFRP angles, in beam Albangles, were anchored to the 
sides of the beam and concrete was removed from the sides as a result, Figure 4.21 
shows this failure, the outermost crack being thick set for clarity. As the Figure shows, a 
shear crack propagated along the top of the angles and down towards the plate in the 
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failed shear span of the beam. When the shear crack propagated as far as position A in 
Figure 4.2 1, the CFRP plate was able to separate in the manner shown in Figure 4.10 
(page 81) which was characteristic of the shear span/depth ratio of 3.00 rather than the 
present value of 3.40. Therefore, the top level of the angles presented a preferential path 
for the initiation of failure. 
Intemal rebars 
parated concrete 
Sik-adur 31 PBA adhesive 
CFRP plate GFRP angle section 
End elevation of separated concrete 
Side elevation showing shear crack responsible for plate separation 
Figure 4.21 Failure mode of beam Albangles 
The final beam with plate end anchorage was A2bsupp- no adh, which made use of 
anchorage under the beam supports and in which the CFRP plate was bonded to the 
concrete at the anchorage positions only. The failure of the beam was by wide flexural 
cracking in the constant moment region, followed by compressive failure of the concrete 
at the top of this region - ie. the failure characteristic of an unplated member. The 
anchorage at one end failed by the tearing away of a thin layer of surface concrete, 
causing the plate to fall away from the beam. This failure indicates that the adhesive 
bonds to the concrete and CFRP plate were adequate, but that the length of the bond was 
insufficient to prevent a concrete shear failure due to the tension in the plate, even though 
a high normal force of 17.15 kN, the maximum applied shear force, was acting on the 
anchored length. 
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GFRP angle section 
It was noted in Table 4.1 (page 90) that adhesive cracking occurred in the beams with 
plate end anchorage as well as those without. In the series 'a' member with anchorage 
under the supports, beam A2aupp., horizontal cracking along the beam soffit level, 
similar to that shown in Figures 4.13 (page 84) and 4.17 (page 88) for the series V and 
"c' beams, extended from position A in Figure 4.19 (page 96) to the plate end anchorage. 
However, in the series V beam with the same anchorage system, an exposed length of 
CFR1? plate was found near the anchorage, this length having been caused by the 
diversion of the soffit level crack through the adhesive as described earlier for the series 
V beams without anchorage. Despite the occurrence of the exposed length of plate, 
which indicated a complete loss of composite action between the plate and beam, the end 
of the plate remained securely anchored after failure, causing the plate to behave as a 
'net' under the now destroyed concrete member. This 'net' behaviour was shown also 
by the plates anchored with bolts; much of the separated concrete in the cover layer, 
which became fragmented during separation from the rebars, was contained by the plate 
rather than being allowed to fall away. 
Table 4.5 shows the characteristic loads of the beams with anchorage; the comparable 
members without anchorage are shown again for comparison. The beams with plate end 
anchorage carried greater ultimate loads than those without. The yield loads of the 
beams with anchorage were usually either equal to, or slightly greater than, the 
unanchored yield loads. Only beams Albjamps and Alb., I. exhibited lower yield 
loads than their unanchored counterpart, Alb; the appreciably lower yield load of beam 
Albelamps is thought to have been due to the internal rebars lying higher in the beam than 
intended and/or due to a lower yield stress of the particular rebars of this beam. The 
loads at which the concrete cracked flexurally in the constant moment region were 
usually not influenced by the use of plate end anchorage; beams Albsupp. and Albagles 
were the only members to have shown a change in the cracking load, this being attributed 
to concrete variability rather than the anchorage. The concrete cracking load was not 
affected by the absence of an adhesive layer in beam A2b, 'pp, n. a&, but the yield load 
was reduced, a finding attributed to the lack of composite action between the concrete 
and plate; the lack of composite action in this case will be shown later. 
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Table 4.5 Concrete cracking, steel yield and ultimate loads of the I. Om beams with 
plate end anchorage 
Beam Shear spanl Concrete cracking Steel rebaryield Ultimate load 
depth ratio load (kV load (kA9 (kAq 
0.50 by 90nun plate 
Alb 3.40 6.00 22.50 38.50 
Albsupp. 3.40 5.00 26.00 50.65 
Albcl=V, 3.40 6.00 19.00 41.70 
Albangles 3.40 3.00 22.00 39.50 
0.82 by 67mm plate 
Mall 3.00 6.00 26.00 36.50 
A2asupp. 3.00 6.00 27.00 52.50 
A2b 3.40 3.00 21.00 34.00 
A2bsupp- 3.40 3.00 22.00 49.65 
A2bsupp. 1- no adIL 3.40 3.00 15.00 34.30 
A2bbolts 3.40 3.00 23.00 45.50 
A2c/I 4.00 4.00 19.00 34.50 
A2csupp. 4.00 4.00 20.00 36.50 
1.13 by 47wm plate 
A3b 3.40 4.00 21.00 35.55 
A3bsupp. 3.40 4.00 22.00 41.10 
A3bbolWl 3.40 4.00 20.00 45.70 
Mbbý, W2 3.40 4.00 22.00 43.20 
The improvement in ultimate capacity due to plate end anchorage was relatively low for 
beam Albwqles. ) whose plate was anchored by externally bonded GFRP angles; the 
maximum load carried by this member was only 2.6% greater than that of the 
unanchored counterpart, while anchorage under the supports created a large 
improvement of 31.6%. The improvement generated by mechanical clamping was 8.3%, 
again relatively low. The effect of the bolted anchorage through the CFRP plate can be 
seen from the 0.82 by 67mm plate data; improvements of 33.8% and 46.0% were 
associated with the bolted anchorage and the anchorage under the beam supports, 
respectively - ie. anchoring the plate ends under the beam supports was again the best 
method in tenns of maximising the ultimate capacity. However, with the narrowest and 
thickest plate of 1.13 by 47mm, anchorage under the supports produced a lower 
improvement in ultimate capacity than the bolted system; the improvements were 15.6% 
and 28.6% for anchorage under the supports and the bolted anchorage of beam A3bbOjW 
1, respectively. 
Therefore, with the two wider plates, the use of anchorage under the beam supports was 
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the best method. However, the benefit of anchoring in this way is unlikely to be realised 
in practice but the method can be considered to represent the upper limit of the capacity 
achieved with plate end anchorage systems. This anchorage method applies a normal 
force against the plate, the magnitude of which reaches a peak of half the ultimate load, 
while the bolted, mechanically clamped and externally bonded angle systems apply 
either no such normal force or a low force, so the magnitude of the normal force appears 
to be important in determining the maximum load the strengthened member will sustain. 
The maximum shear force of 26.25 kN sustained by beam A2app., in which failure was 
by catastrophic shear, compares well with the 25.90 kN determined using the BS 8110 
calculations for the concrete shear capacity and the truss analogy (Martin et al, 1989) for 
the shear contribution of the internal links, partial safety factors being ignored. These 
calculations will be outlined in section 4.3.4.5 (page 175) where the effect of externally 
bonded shear reinforcement on the plated failure mode is considered. 
Anchorage under the beam supports was the only anchorage system to have been used 
under all three of the shear span/depth ratios adopted, using the 0.82 by 67mm plate, so 
this system allows the benefit of anchorage to be observed for different ratios. The 
improvement in ultimate capacity due to this anchorage system was 43.8%, 46.0% and 
16.5% under the shear span/depth ratios of 3.00,3.40 and 4.00, respectively. While the 
first two improvement values are similar, the third suggests that anchorage has less 
influence under high shear span/depth ratios. These limited results are insufficient to be 
able to draw any conclusions concerning the reduction of anchorage influence with 
increasing shear span/depth ratio. The need for further tests in this area was addressed 
using the I. Gm cantilever beams of section 4.3.2 (page 149); the 'half beam' tests of 
section 4.3.4 (page 162) also showed that anchorage has no influence under high shear 
span/beam depth ratios. 
43.1.2 Deformation behaviour 
4.3.1.2.1 General structural behaviour 
The dramatic loss of member stiffness upon yield of the internal reinforcement in an 
unplated beam was shown in Figure 4.8 (page 78); Figure 4.22 shows the deflection 
responses of the series 'a' plated beams, compared with the series 'a' unplated response. 
The improved yield load, due to plating, is indicated for the 0.82 by 67mm plate. After 
the onset of concrete cracking, when the contribution of the plates increased, the 
intermediate plate size of 0.82 by 67mm was associated with the stiffest response, this 
plate having had the greatest cross sectional area. The post-cracking response associated 
with the widest plate was stiffer than that with the narrowest, despite the cross sectional 
area of the widest plate having been 15.3% lower than the area of the narrowest. For the 
series 'c' plated beams at the high end of the range of shear span/depth ratios used, 
represented in Figure 4.23, the stiffness associated with the widest plate was greater than 
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that for both of the narrower plates. The relative positions of the curves in Figure 4.23 
are reflected in the maximum plate strains shown in Figure 4.24 - ie. the higher beam 
deflections with the narrower plates were associated with greater strains transferred to 
the plates, again despite the higher cross sectional areas. 
Therefore, these results suggest that, under a high shear span/depth ratio for a given 
beam depth, the member stiffness will not be Improved by increasing the plate cross 
sectional area if the width of plate decreases - ie. the width of beam covered by the plate 
is the important parameter in determining the structural stiffness, rather than the plate 
cross sectional area alone. However, under a low shear span/depth ratio, such as the 
series 'a' beams, an improvement in structural stiffness may occur due to an increase in 
plate cross sectional area even if the plate width decreases, unless the width is very low 
in which case the behaviour may be no different from that produced by a wider and 
thinner plate. 
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Figure 4.22 Deflection responses to applied load of the series 'a' beams 
After the internal reinforcement yielded, the plate carried further increments in the 
tensile component of the internal moment couple of the section, the rebars being now 
unable to contribute further stress. Therefore, the linear form of the curves after yield in 
Figure 4.24 reflects the linear nature of the tensile behaviour of the composite plate. 
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Figure 4.23 Deflection responses to applied load of the series 'c' beams 
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Figure 4.24 Plate strain responses to applied load of the series 'c' beams 
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The implication of the shear span/depth ratio parameter is that, at a given applied load 
level, the maximum applied bending moment is greater for a higher ratio; the section 
rotation is correspondingly greater, as confirmed by the demec; strain readings taken on 
the sides of the beams.. Therefore, the results indicate that, from a member stiffness 
point of view, it becomes increasingly important to maximise the plate width as the ratio 
of the applied bending moment to shear force increases. 
The implication of the increased section rotation, with rising shear span/depth ratio, is 
that a greater proportion of the ultimate tensile strain of the plate was reached before 
plate separation. This proportion, based on the maximum strain in the constant moment 
region, indicates how close the plated members were to failing by plate fracture rather 
than plate separation and, therefore, the efficiency with which the plates were used is 
shown. Although such values are based on the last datalogger strain reading before beam 
failure, so that the additional strain increment to failure is not known, it is clear by 
comparison that the widest and thinnest plate (ie. highest aspect ratio) produced the 
highest proportion of the ultimate plate strain for a given beam series, and the lowest 
aspect ratio produced the smallest proportion, consistent with the delayed failure using 
wider plates. The lowest proportion was 41% for beam Ma which used the narrowest 
plate without anchorage and failed at the lowest series 'a' failure load, while the highest 
was 87% for beam Albsupp, which had the widest plate with the best possible anchorage 
system - ie. under the beam supports. However, none of the maximum plate strains was 
as high as the ultimate tensile value and none of the CFRP plated beams experienced 
concrete compressive failure, consistent with the premature nature of the failures which 
did not allow the full flexural capacity to be achieved. 
It is clear that externally bonded plates increase the post-cracking and post-yield 
structural stifthesses of reinforced concrete members. The stiffnesses in the pre- 
cracking, post-cracking and post-yield regions of the loading range were found from the 
slopes of the load-deflection curves for the present beams. Table 4.6 shows that the pre- 
cracking stiffnesses of the plated beams were usually slightly greater than the unplated 
values, reflecting the increased resistance to applied load caused by the bonded plate. Of 
all the plated beams, the greatest improvement in pre-cracking stiffness over the 
comparable unplated beam was approximately 48% for beam Albsupp, not including the 
exceptionally high stiffnesses of beams A2b and Mbbolts to which no significance is 
attached. The improvement in member stiffness, over the unplated value, increased with 
progression through the loading range due to the large reductions in unplated stiffness 
after cracking and yield; the range of improvements in the post-cracking and post-yield 
stiffnesses were 34 - 111% and 783 - 4800%, respectively. 
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Table 4.6 I. Orn beam stiffnesses by deflection 
Beam Pre-cracking 
stiffness (Mrlmm) 
Post-cracking 
stiffness (k? Vlmm) 
Post-yield stiffness 
(k A r1m m) 
Unplated, beams 
A. VLa 
9.32 4.07 0.17 
A. vLb 9.15 
3.57 0.07 
A, vLc 
9.45 3.37 0.23 
Plated beams 
0.50 by 90mm plate 
Ala 13.33 6.09 2.42 
Alb 12.85 5.74 2.09 
AlbO. 3mm 13.05 5.89 2.38 
Albsupp_ 13.57 6.01 2.70 
Albclýmps 13.21 7.52 3.43 
Albangles 12.11 7.12 3.14 
Alc 10.00 6.30 2.50 
0.92 by 67mm plate 
A2a/l 12.25 6.59 3.04 
A2a/2 12.33 6.62 3.03 
A2a/3 13.07 6.62 2.99 
A2a, upp. 12.91 
6.96 3.52 
A2b 19.52 5.60 2.32 
A2br, FRp 9.69 4.56 0.83 
A2bsupp. 15.50 6.22 2.45 
A2bsupp., no a& 11.80 
4.75 1.66 
A2bb,, h 21.93 6.38 2.59 
A2c/I 9.61 5.92 2.93 
A2c/2 9.07 5.94 2.92 
A2csupp. 9.50 6.10 3.01 
1.13 by 47mm plate 
Ma 12.16 5.47 2.42 
A3b 11.04 5.52 2.29 
A3bsupp. 12.00 5.87 2.01 
MbboWl 9.56 5.73 2.45 
A3bbOW2 11.24 6.09 2.85 
Me 8.26 4.82 2.03 
The relatively low improvements in the pre-cracking stiffhesses are attributed to the fact 
that the plate cross sectional areas were small compared with the area of the beams, so 
the flexural rigidities, 'El', of the concrete members were increased little by plating. 
External plating has a greater effect on the flexural rigidity of the cracked concrete 
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section, consistent with the larger post-cracking stiffness improvements. For example, 
the elastic analysis of the section with the 0.50 by 90mm plate shows that the pre- 
cracking increase in 'El" was approximately 4%, whereas the post-cracking increase was 
around 34%. 
Table 4.7 Increases in member stiffness due to plate end anchorage 
Beam Pre-cracking 
stiffness increase 
r/0) 
Post-cracking 
stiffness increase 
No) 
Post-yield 
stiffness increase 
No) 
0.50 by 90mm plate 
Albsupp_ 1.8 4.7 29.2 
Alb, lampý 2.9 31.0 64.1 
Albangles -5.8 24.0 50.2 
0.82 by 67mm plate 
A2asupp. (based on A2a/1) 5A 5.6 15.8 
A2asupp. (based on A2a/2) 4.7 5.2 16.3 
A2, a, upp. (based on A2a/3) -1.2 5.1 17.5 
A2bsupp. -20.6 11.1 5.6 
A2bbolts 11.8 13.9 11.2 
A2cs, pp. (based on A2cII) -1.1 3.1 2.8 
A2csupp. (based on A202) 4.7 2.7 3.0 
1.13 by 47nun plate 
A3bsupp. 8.7 6.3 -12.2 
A3bb. lwl -13.4 3.8 6.9 
Mbbolts/2 1.8 10.3 24.6 
Comparing the stiffnesses, of the plated members with and without plate end anchorage, 
it is shown in Table 4.7 that the anchorage systems had an inconsistent effect on the pre- 
cracking bearn stiffnesses. The negative values, which suggest that the members with 
anchorage were less stiff than those without, are attributed to the error that may have 
been caused by determining the stiffnesses, from the few data points available below the 
cracking load of the beams with and without anchorage; all but one of the post-cracking 
and post-yield stiffness increases, based on many more points in the load-deflection 
curves, are positive. The post-cracking improvements in member stiffness were mostly 
lower than the post-yield improvements, indicating that plate end anchorage has a more 
pronounced influence on the deformation behaviour after the internal reinforcement has 
yielded. Therefore, the anchor-age is required most when the plate has to contribute more 
to the moment of resistance of the section, due to the almost complete loss of an internal 
steel contribution. The magnitudes of the post-yield stiffness increases are not consistent 
for beams of a particular load series and plate size, more tests being required to establish 
average stiffness values, so it is not possible to determine whether one anchorage system 
is better than another in terms of the stiffness improvement. The post-cracking and post- 
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yield stiffness improvement in beam Mc,,,, pp., based on both unanchored members, was 
low, suggesting that anchorage has little influence under high shear span/depth ratios. 
It is important, from a serviceability point of view, that the deterioration of the original 
stiffness of the plated member is as gradual as possible throughout the loading range; 
Table 4.8 gives the post-cracking and post-yield stifffiesses of the present beams as 
proportions of the pre-cracking stiffness. 
It is shown that the post-cracking and post-yield proportional stiffnesses, of the plated 
beams were usually at least as high as those of the unplated members, indicating the 
improved retention of structural stiffhess, generated by the bonded plate. The use of plate 
end anchorage increased the retention with the 0.50 by 90mm and 1.13 by 47mm. plates, 
an effect not apparent with the 0.82 by 67mm plate due to the high pre-cracking 
stiffnesses of those particular specimens. There appeared to be an increase in the 
stifffiess retention of the beams without anchorage as the length of shear span increased 
from series 'a' to V with each plate cross section, indicating a greater benefit of plating 
as the ratio of flexural to shear load increases. The same finding is made between the 
series 'a' and V beams in which the 0.82 by 67mm plate was anchored under the beam 
supports, beams A2aswp. and A2csupp.. The low post-yield proportional stiffnesses of 
beams AlbO. 3,,,, and A2bGFRp are consistent with the relatively high deflections 
experienced by the thin CFRP plate and the GFRP plate. 
Figures 4.25 (page 109), 4.26 and 4.27 show comparisons of the deflection responses of 
the series V beams with and without plate end anchorage for each plate cross section 
concerned; the pronounced improvement in stiffness beyond yield is shown in Figures 
4.25 and 4.26, while Figure 4.27 shows that the anchorage by bolts beside the plate was 
less effective in improving the member stiffness. The curves representing the beams 
with anchorage in Figure 4.25 follow similar paths, but anchorage under the beam 
supports allowed a greater ultimate deflection to be reached. The ultimate capacity of 
beam Alb,, Ips in Figure 4.25 was relatively low since the mechanical clamping force 
was not sufficient to prevent plate slippage after plate/adhesive interfacial cracking. The 
bolted anchorage system of beam A2bbolts (Figure 4.26) applied no clamping force but 
this system was able to prevent plate slippage, indicating the advantage of an integrated, 
bonded anchorage system over a low clamping force. 
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Table 4.8 Retained stiffnesses after cracking and yield of the I. Orn beams 
Beam Post-crackingproportional Post-yieldproportional 
stiffness (016) sI iffn ess (016) 
Unplated beams 
AunpLa 43.7 1.8 
AunpLb 39.0 0.8 
Au,, pl. c 35.7 2.4 
Plated beams 
0.50 by 90mm plate 
Ala 45.7 18.2 
Alb 44.7 36.4 
AlbO. 3mm 45.1 18.2 
Albsupp_ 44.3 19.9 
Albclampý 56.9 25.9 
Albangles 58.8 25.9 
Alc 63.0 25.0 
0.92 by 67mm plate 
A2aII 53.8 24.8 
Ala/2 53.7 24.6 
A2a/3 50.7 22.9 
A22,. pp. 53.9 27.3 
AD 29.7 11.9 
A2bGF" 47.1 8.6 
A2bsupp_ 40.1 15.8 
A2bsupp, no adh. 40.3 14.1 
A2bbýlts 29.2 11.8 
A20/1 57.6 27.3 
A2c/2 65.5 28.6 
A2csupp. 64.2 31.7 
1.13 by 47mm plate 
Ma 44.9 19.9 
A3b 50.0 20.7 
A3bsupp_ 48.9 16.8 
A3bb,, hol 59.9 25.6 
A3N)oW2 54.2 25.4 
Me 59.4 24.6 
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Figure 4.25 Deflection responses of series V beams with the anchored 0.50 by 90mm 
plate 
Figure 4.26 Deflection responses of series 'b' beams with the anchored 0.82 by 67mm 
plate 
4.3. Results of the experimental beam tests 109 
50 
40 
30 
I 
,a 
20 
10 -ý zz 
Unplated, A. pl. b 
0ý --- ---- - -- -- ii 
05 10 15 20 
Midspan deflection (mm) 
Figure 4.27 Deflection responses of series 'b' beams with the anchored 1.13 by 47mm 
plate 
The anchorage system under the beam supports, however, involved a high normal force 
against the CFRP plate, sufficient to prevent plate slippage. Although this anchorage 
system applied a high clamping force and the bolted system applied none, the difference 
in ultimate capacities was not large and there was no difference in the deflection 
response per unit applied load. 
The post-yield stiffness values of the beams with anchorage, in Table 4.6 (page 105), are 
based on the load-deflection curve immediately beyond yield. However, Figures 4.25 - 
4.27 show a progressive reduction in stiffness for the members with anchorage, most 
apparent for the anchorage under the supports which caused the greatest applied load 
and, therefore, the largest stiffness reduction. Such a progressive stiffness degradation 
was not found for the members without plate end anchorage, indicating that anchorage 
imparts a measure of ductility to the plated beam; the ductilities will be quantified later. 
Since the composite plate exhibited no nonlinear material behaviour at any stage in its 
stress-strain response, and since the internal reinforcement showed no further loss of 
stiffness after the onset of yield, the progressive stiffness degradation of the beams with 
anchorage is attributed to nonlinear straining of the concrete in compression at the 
elevated applied loads on these beams. It is acknowledged that adhesive cracking was 
occurring at these high load levels, but the progressive stiffness degradation is not 
attributed to this phenomenon because adhesive cracking occurred also in the beams 
without anchorage, in which no progressive loss of post-yield stiffness occurred, and the 
loss of stiffness would be expected to be less progressive if it had been due to the likely 
brittle nature of the adhesive cracking. 
- Not anchored, A3b 
- Anchored under supports, A3b, ýý UPP. 
- Anchored by bolts, A3bb,,,, /, 
- Anchored by bolts, A-3bboltv2 
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Figures 4.28 and 4.29 show the midspan plate strain responses of the series 'a' and 'c' 
beams with plate end anchorage under the beam supports. It is shown that the anchorage 
caused a post-yield stiffening of the beam, as expected, under the low shear span/depth 
ratio of 3.00 in the series 'a' beam, while no stiffening was apparent under the higher 
ratio of 4.00 in the series 'c' anchored member-1 the curves for the latter case are offset 
merely by the I kN difference in the yield loads. The lack of stiffening in Figure 4.29 is 
consistent with the negligible stiffening based on deflection, seen in Table 4.7 (page 
106). 
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Figure 4.28 Midspan plate strain responses of the series 'a' beams with and without 
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Therefore, under a high shear span/depth ratio, plate end anchorage is beneficial in 
providing a 'net' under the concrete member, as mentioned in the descriptions of the 
failure modes, but appears to have a negligible effect on structural behaviour in terms of 
stiffening. It will be suggested in section 4.3.1.2.3 (page 129) that the difference in 
stiffness increases is due to the differing improvements in composite action between the 
plate ends and the concrete member. 
The ductilities of unplated and plated beams are usually assessed by comparing the 
ultimate deformation with that at a given stage in the loading range; in the present study, 
ductility is defined both as the ratio of the ultimate midspan deflection to the deflection 
at yield of the internal reinforcement and as the ratio of the corresponding applied loads. 
These quantifies are appropriate because yielding of the rebars marks the onset of 
relatively large section rotations and, consequently, more widespread cracking (in plated 
beams) which is associated with the onset of plate separation - ie. the ductility indicates 
the post-yield reserve of deformation and load carrying capacity. Table 4.9 lists the 
ductilities of the beams with and without plate end anchorage 
It is clear that the ductilities by deflection of the plated beams without plate end 
anchorage were generally lower than the unplated values, indicating that plating without 
anchorage reduces the post-yield deflection capacity to failure. This is because the 
ductility of the unplated beams is based on a maximum deflection corresponding to 
concrete compressive failure, a more ductile mode of failure than plate separation. 
However, all the load ductilities of the plated beams were greater than the unplated 
values, reflecting the ability of the bonded plate to contribute to the post-yield moment of 
resistance of the section. The ductilities by load and deflection of beam AlbUmm, with 
the thinner CFRP plate, were both greater than the values for beam Alb, indicating a 
relatively low post-yield resistance to deflection provided by the thin plate, but a greater 
post-yield load carrying capacity due to a lower yield load and a similar ultimate load. 
The GFRP plate of beam A2bGmp resulted in a high deflection ductility, again due to a 
low post-yield stiffness, and the load ductility was higher than all other plated, 
unanchored values. The highest plated deflection ductility was given by beam Mbsupp., 
.. adh. in which the plate was not bonded between the anchorage positions. For a 
particular plate size, plate separation occurred at a greater proportion of the yield load 
and deflection in the series V beams without anchorage than the series 'a' members. 
The use of the bonded angle section anchorage had a negligible effect on ductility, 
whereas the other anchorages improved the ductility values over those without 
anchorage; the anchorage under the beam supports provided the greatest improvements. 
The improvement due to anchorage under the supports was lower in beam Mcsupp. than 
beam Ma,, pp., consistent with the lower increase in ultimate capacity of the series V 
beam. The increase in ductility due to the bolted plate end anchorage is in agreement 
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with the findings of Jones et al (1988) and Hussain et al (1995). 
Table 4.9 Ductilities of beams with and without plate end anchorage 
Beam Ductility by deflection Ductility by load 
Unplated beams 
AunpLa 6.76 1.21 
AunpLb 8.03 1.20 
A=pl. c 9.30 1.20 
Plated beams 
0.50 by 90mm plate 
Ala 3.15 1.72 
Alb 3.17 1.71 
AlbO. 3mm 3.84 2.07 
Albsupp_ 6.23 1.95 
Albc, 
amps 
3.51 2.32 
Albangles 3.14 1.80 
Alo 5.49 2.17 
0.82 by 67mm plate 
A2a/I 2.92 1.40 
A2a/2 3.01 1.34 
A2a/3 2.89 1.19 
A2asupp. 4.81 1.98 
A2b 2.50 1.62 
A2bGFRP 5.10 1.84 
A2b 
Supp. 
5.65 2.26 
A2bsupp, 
no adlL 
6.78 2.29 
A2bbolts 4.65 1.98 
A2c/l 4.41 1.82 
A2cI2 4.19 1.73 
A2cýupp. 4.67 1.83 
1.13 by 47mm plate 
Ma 1.78 1.28 
A3b 2.78 1.69 
A3b 
Supp- 
5.76 1.87 
Mbbý, kvj 4.46 2.29 
A3bbOW2 3.82 1.96 
Me 2.74 1.71 
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Figure 4.30 Section strain profiles for the series 'c' beams 
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Figure 4.30 shows the section strain profiles, found fmm the demec measurements, 
through the unplated and plated sections of the series V beams; the widest and 
narrowest plates are represented and the level of the CFRP plate is indicated. The strains 
at the level of the plate are the values recorded by the strain gauge bonded to the plate at 
midspan. The Figure shows that the tensile (ie. positive) strain at a height in the concrete 
section of approximately 10mm, the lowest level of demec discs, was lower at 8 kN in 
the plated beams than in the unplated beam, reflecting the ability of the plates to reduce 
the increment of section rotation per unit applied load. The tensile strain at the lowest 
level of demec discs was greater, at any given load level, in the beam with the 47mm 
wide plate than the 90mm, plated member. Since the concrete first cracked at an applied 
load of no more than 4 kN (Table 4.2 (page 91)) in these beams, the tensile strains in 
Figure 4.30 represent the combination of concrete straining and crack opening, the latter 
being the greater part. Therefore, in the series V beams which experienced the greatest 
flexural stresses per unit applied shear force, the narrowest plate was least able to reduce 
the tensile section strains in the concrete at the sides of the beam where the demec 
readings were taken. 
The inclined dotted lines for beam Alc in Figure 4.30 show that the strains in the plate 
lie on the profile of strains projected from approximately half way up the concrete. This 
indicates that the plate was strain compatible with the concrete - ie. composite action was 
maintained between the 90mm. wide plate and its parent beam; the deviation of the strain 
profiles from the dotted lines is due to concrete cracking. However, this composite 
action was not found at applied loads greater than 16 kN with the 47mm wide plate of 
beam A3c. The apparent loss of composite action was due to the fact that cracking 
progressed faster at the sides of the beam, where the demec readings were taken, than in 
the locality of the CFRP plate. This will be confirmed in the flexural analytical work 
presented in Part A of Chapter 8, where it will be shown that the strains in the 47mm 
wide plate were, in fact, consistent with the strains in the concrete over the width of the 
plate; therefore, this narrow plate was unable to control the concrete flexural section 
rotation over the full beam width of 100mm. The series V beam with plate end 
anchorage under the supports, beam Mbsup. 2 was the only other beam with a bonded 
plate to have shown such an apparent loss of composite action; this member was also 
strengthened with the 47mm wide plate. Therefore, only the 67mm and 90mm wide 
plates were able to control the concrete section strains over the full beam width. 
The level of the neutral axis, ie. the position of zero strain, lay at approximately 28mm 
from the top of beam A,,,, pl. c at the applied load of 8 W, as shown in Figure 4.30. 
However, in the plated beam, Alc, with the 90mm wide plate, the level was 42mm at the 
same load. This lowering of the neutral axis, by the addition of the bonded plate, arose 
due to the reduced section strains; the implication of the lowered neutral axis is that more 
4.3. Results of the expefimental beam tests 115 
concrete is used in compression, this being a favourable use of concrete. The neutral 
axis was found generally to be lower in the plated members, as shown by the distances 
from the top of the beam listed in Table 4.10 which includes data for the beams with 
plate end anchorage. The dashes indicate the loads at which demec measurements could 
not be taken, either due to impending plated beam failure or because the unplated beams 
had yielded. 
Table 4.10 Neutral axis depths of the I. Om bewns with and without anchorage (mm) 
Applied load (kA9 
Beam 8 12 16 20 24 28 32 
Unplated beams 
A. pl. a 30 29 13 
Ampi. b 30 27 - 
Ampt. c 28 
Plated beams 
0.50 by 90mm plate 
Ala 40 34 32 32 31 27 26 
Alb 39 36 36 35 30 26 - 
ABU= 40 34 32 30 28 24 21 
Albsupp. 44 37 36 35 35 28 25 
Albclwvs 43 39 37 35 31 26 25 
Albangles 45 41 38 33 32 27 26 
Ale 42 39 36 33 27 27 26 
0.82 by 67mm plate 
A2a/l 45 41 37 34 32 29 28 
A2asupp. 45 40 38 35 34 32 31 
AD 47 43 41 38 35 32 29 
A2bGFRP 35 34 33 24 
A2bsupp. 45 43 40 39 37 35 33 
A2bsupp., 
no adh. 35 33 26 18 15 14 14 
A2bl, olts 47 40 38 38 36 35 33 
A2c/I 35 33 28 22 19 - 
A2csupp. 40 35 30 26 22 20 20 
1.13 by 47mm plate 
Ma 41 38 35 33 32 - 
A3b 45 44 38 37 33 31 
A3bsupp. 44 42 40 37 35 27 25 
A3bbolts/I 46 43 40 35 35 33 30 
Me 38 34 30 25 21 
These neutral axis depths lead to the following observations. Beam MbUm,, produced 
lower neutral axis depths than its counterpart with the 0.50mm thick plate, Alb, 
indicating the greater section rotation with the plate of lower cross sectional area. The 
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cross sectional area of the GFRP plate of beam A2bGmp was also smaller than that of 
the CFRP counterpart in beam A2b, but the difference of 24.3% was much less than the 
40% between the plate areas of beams AIbO. 3,,,,,, and Alb. However, despite the smaller 
difference in plate areas, the difference in neutral axis depths associated with the GFRP 
and CFRP plates was greater than the difference associated with the two CFRP plates of 
different thicknesses. Therefore, the lower cross sectional area of the GFRP plate did not 
influence the neutral axis depths as much as the lower modulus of elasticity, confirming 
that the greater section rotations of the GFRP plated member were mainly caused by the 
lower plate stifffiess. 
The relative inability of the narrowest CFRP plate to reduce the concrete section strains, 
shown in Figure 4.30 (page 114), is reflected in the low neutral axis depths of beam A3c, 
compared with the values for the widest plate of beam AIc, throughout the loading 
range. 
The depth of the neutral axis did not appear to be significantly influenced by the 
introduction of plate end anchorage at applied loads below the yield load. However, 
after yield of the internal rebars, the neutral axis was generally lower in the section when 
anchorage was used, reflecting the reduction of section rotation and the increase in the 
depth of concrete placed in compression. No consistency is identified in the relative 
magnitudes of the neutral axis depths with the various anchorage systems for the three 
plate geometries adopted. 
Beam A2bsupp., no a&, whose CFRP plate ends were anchored under the beam supports 
but in which the plate was not bonded to the concrete between the anchorages, was 
associated with the lowest of the plated neutral axis depths, consistent with the high 
section rotation that caused the failure mode of concrete compressive failure and wide 
flexural cracking. No composite behaviour was exhibited between the concrete and plate 
in this beam, as shown in Figure 4.3 1. The linear strain distributions in the concrete 
itself show that plane sections remained plane, but the plate was not strain compatible 
with the concrete, even at low loads just after the onset of concrete cracking. The large 
rise of the neutral axis between applied loads of 16 kN and 24 W in Figure 4.31 is due to 
the increased section rotation that occurred after yield of the internal reinforcement. 
Such a rise occurred in all the plated beams but was less pronounced when the plate was 
fully bonded. 
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Figure 4.31 Section strains of beam A2bspp., no adh. with the unbonded plate 
The absence of an adhesive bond between the plate and concrete in beam A2bsupp., no adh. 
caused the plate to experience a uniform tensile strain throughout its length, as shown by 
the load-strain plots for the plate end and the loading position in Figure 4.32, rather than 
an increase in strain between the plate end and the constant moment region, as shown in 
Figure 4.33 for the fully bonded plate in the failed shear span of beam A2bsupp. which 
used the same end anchorage system. The insets in the Figures show that the plate end 
strain gauge positions are taken to be the locations equivalent to those in an unanchored 
member. 
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Figure 4.32 Tensile strains at plate end and midspan for beam A2bsupp- no adh. 
Figure 4.33 Tensile strains at plate end and midspan for beam A2bsupp. 
4.3. Results of the experimental beam tests 119 
Figure 4.32 shows that the unbonded plate experienced a gradual rise in tensile strain at 
the plate ends with increasing applied load, while Figure 4.33 indicates a dramatic 
increase in strain at the end of the bonded plate shortly before failure. The large 
increment in plate end strain, which reflects an accelerated transfer of tension to the 
plate, occurred when the horizontal cracking along the level of the beam soffit 
propagated to a position near the end of the plate in the failed shear span. It is clear that 
composite action between the plate and concrete is necessary throughout the whole 
plated length in order to achieve the maximum improvement in structural stiffness. 
Therefore, the r6le of the adhesive in achieving composite action is essential in order to 
reduce the section rotation and, consequently, the crack widths in the concrete. 
It was shown above that the GFRP plated beam was associated with lower neutral axis 
depths than the CFRP plated members, a result attributed to the lower modulus of 
elasticity of the GFRP. Figures 4.34 and 4.35 show comparisons of the midspan 
deflection and plate strain responses of the CFRP and GFRP plated beams, indicating the 
relatively high structural stiffness created by the greater modulus CFP'P plate. The 
concrete began to fail in compression at an applied load of 24 kN in the GFRP plated 
case, causing a reduction in member stiffness at the point marked A in the Figures, but 
this compressive failure did not propagate further until shortly before plate separation, 
allowing the beam to maintain its current stiffness up to failure. 
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Figure 4.35 Plate strain responses of the CFRP and GFRP plated beams 
Although the maximum deflection and plate strain of the GFRP plated beam were much 
greater than those with the CFRP plate, both members failed by the same mode of plate 
separation, le. that initiated by the vertical step at the base of a shear crack, at similar 
applied loads. Therefore, this mode of plate separation (Figures 4.12 (page 83) and 4.13) 
appears to occur at a given applied load rather than a given member deformation. This 
conclusion is drawn again by a comparison of the deformation responses of the CFRP 
plated beams with the 0.50mm and 0.30mm thick plates of 90mm width, beams AIb and 
Albo. 3rnm, respectively; Figure 4.36 shows the plate strain responses, the deflection 
responses having been of similar forms. The Figure shows the responses up to the load 
beyond which beam AI bo. 3nun was loaded rapidly so that its failure could be captured on 
high speed video. 
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Figure 4.36 Plate strain responses of the 0.50mm and 0.30mm CFRP plated beams 
Again, the flexural deformations exhibited a considerable difference (37% at the highest 
load shown) but the beams still failed at similar maximum loads of 38.50 kN and 41.30 
kN in the 0.50mm and 0.30mm cases, respectively (Table 4.2 (page 91)). 
4.3.1.2.2 Distribution of strain throughout the unanchored bonded plates 
The distribution of tensile strain throughout the length of the bonded plate is shown next 
to provide knowledge of the plate separation process, and of the influence of plate end 
anchorage under varying shear span/depth ratios. 
Considering first the series 'a' beams, the plate strain response, in the end 45mm of the 
plate in the failed and non-failed shear spans, is shown in Figures 4.37 and 4.38, 
respectively, for beam AIa with the widest and thinnest plate. The Figures show that the 
maximum plate end strain at each gauge position and, therefore, the tensile load was 
greater in the failed shear span, consistent with plate peel having occurred at that end. 
The plate strains were always greater throughout the failed shear span in the series 'a' 
beams; Figure 4.39 shows the strain distribution at various applied loads for beam Ma 
(1.13 by 47mm plate), these plots being typical of the general form for the series 'a' 
beams. 
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Figure 4.37 Plate end strain response in the failed shear span of beam AIa 
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Figure 4.38 Plate end strain response in the non-failed shear span of beam AIa 
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The reason for this behaviour is not certain, but it is clear that the failure mode shown in 
Figure 4.10 (page 8 1) was associated with a relatively high tension in the plate. 
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Figure 4.39 Distributions of tensile strain throughout the plate of beam A3a 
Figure 4.39 shows that the strain in the shear spans did not follow a uniform distribution, 
as indicated by the dotted line for the non-failed shear span at the applied load of 31 kN. 
The degree of non-uniformity became greater with increasing applied load, this effect is 
attributed to shear cracking of the concrete which raised the plate strain above that 
associated with flexure alone, by an amount equal to P_ at the failure of beam A3a. The 
plate strain distributions of the series V beams were of a similar form, although the 
magnitude of F. was expected to be greater due to the additional strain generated by the 
vertical step of Figure 4.12 (page 83), - the absence of a larger value of e was due to the 
strain gauges having been located away from the position of the vertical step so that its 
local influence was not detected. This influence of shear cracking on the plate strains in 
the series 'a' beams, the failures of which were not dominated by shear cracking between 
the load position and the plate end, indicates that the plate tension was sensitive to small 
relative displacements between the two halves of shear cracks, the beams having been 
provided with the high internal shear reinforcement quantity comprising the double links 
described in Chapter 3. 
ii 
Failed shear span 
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Figures 4.37 and 4.38 show that the plate end in the failed shear span experienced a 
greater rate of strain increase beyond the applied load of 25 kN, 8.7% more than the load 
at which the internal rebars yielded, while the plate end strain rate in the non-failed shear 
span did not increase sharply until 33 W, 43.5% more than yield. It was generally the 
case, in the series 'a' beams, that the failed shear span was associated with an increased 
plate end strain rate before the non-failed shear span, this increased rate being 
responsible for the higher maximum strain in the failed shear span. The increased rate of 
straining shows that the plate end, in the failed shear span under the lowest shear span/ 
depth ratio, was sensistive to the relatively large deformation associated with the loss of 
a stiffness contribution from the internal reinforcement. 
Figure 4.40 compares the plate end strain responses in the failed shear span for the three 
plate cross sections in the series 'a' beams. It is shown that the plate end strains in the 
failed shear span began to reduce in magnitude shortly before beam failure; no such 
reduction was recorded in the non-failed shear span in any of the series 'a' beams. This 
strain reduction is attributed to the plate end peel that took place after a shear crack 
occurred in the depth of the section at the end of the plate, ultimately causing the 
separation of the concrete cover layer as shown in Figure 4.10 (page 81). The strain 
reduction was sufficient to place the plate of beam A2a/I in compression, as Figure 4.40 
shows. 
The plots in Figure 4.40 show that the maximum plate end strains became lower as the 
plate cross section changed from 0.50 by 90mm to 1.13 by 47mm, consistent with the 
fall in ultimate applied load. In order to relate the series 'a' plate end strains to the beam 
failures, it is necessary to determine the plate tensile forces based on the moduli of 
elasticity of the three plates, the plate cross sectional areas and the maximum strains; the 
peak tensile forces at the plate end are found to be those listed in Table 4.11. Since the 
forces in the 47mm wide plate are based on final strain readings taken at 97% of the 
failure load, and the results for the wider plates are based on 100% of the maximum load, 
the forces in Table 4.11 are taken to be representative of the ultimate conditions. 
Table 4.11 Peak plate end tensile forces in the series 'a' failed shear spans 
Plate 5mmforce 15m m force 25mmforce 35mmforce 45mmforce 
dimensions (mm) (W (kN9 (W (kAq (W 
0.50 by 90 1.15 2.36 4.39 4.86 6.70 
0.82 by 67 1.18 2.21 2.99 4.05 6.35 * 
1.13 by 47 0.57 1.12 2.80 * 4.38 5.85* 
*These peak forces occurred at greater loads than all others for a given plate 
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Figure 4.40 Plate end strain responses in the failed shear spans of the series 'a' beams 
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The asterisks in Table 4.11 indicate that the peak tensile forces ftuther along the plate 
occurred at higher applied loads than nearer the plate end in the two narrower plates. 
This suggests that the initial onset of plate end peel, identified by the fall in strain 
magnitude after the peak, became concentrated nearer the tip of the plate as the aspect 
ratio reduced. With the 0.82 by 67mm plate the difference in applied load, between the 
peak tension at the 5mm, 15mm and 25mm positions and further along the plate, was 
0.50 kN. However, in the 1.13 by 47mm plate, no peak and subsequent reduction in 
strain occurred at the 25mm, 35mm or 45mm positions during the 2 kN applied load 
following the peak strain at the 5mm and 15mm positions, indicating the concentration 
of peeling near the plate tip. 
The magnitudes of the plate forces in Table 4.11 show that a lower maximum tension 
was transferred into the concrete at the 5mm and 15mm positions of the narrowest plate 
than the two wider and thinner plates; however, the tensions at the other three positions 
exhibited lower discrepancy. Since the concrete strength was nominally equal for all 
beams, it would be txpected that a lower plate tension would result in the same critical 
ultimate conditions for plate separation as the plate becomes narrower, since the tension 
is transferred into the concrete over a smaller plan area per unit length of plate. 
However, the fact that the 1.13 by 47mm plate end tensions, at the 5mm and 15mm 
positions, continued to fall from their peak values until the tension further along the plate 
reached values similar to those in the other plates, suggests that the tension further from 
the plate end was ultimately the critical factor. Therefore, the critical position of plate 
separation, assuming this to have occurred in the end 45mm of the plates, remains 
uncertain. It will be shown in Chapter 9, the study of plate separation, that the plate 
separation exhibited by the series 'a' beams is not analysed accurately using existing 
methods and that the critical values of stress in the concrete have not been universally 
identified, even after numerous previous studies. 
The onset and subsequent propagation of plate end separation could not be observed 
clearly in the beam tests since the failure was too abrupt. However, Figure 4.40 (page 
126) shows that the applied load, at which the plate end strains took their peak values, 
was 98.5%,, 97.3% and 90.9% of the ultimate applied load with the 90mm, 67mm and 
47mm wide plates, respectively, indicating that the plate peeling process occurred most 
abruptly with the widest plate, and most gradually with the narrowest. Therefore, while 
the widest and thinnest plate produced the highest ultimate capacity, the failure event 
was more brittle than with the narrowest and thickest plate. 
It has been shown, then, that the plate end strains in the failed shear span of the series 'a' 
beams exhibited variations, with applied load, characteristic of the mode of plate 
separation - ie. the strains were consistently greater than in the non-failed shear span, and 
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they always reduced in magnitude shortly before beam failure. However, in the failed 
shear spans of the series V and 'c' beams, the plate end strains did not consistently 
reduce in magnitude; also, the plate end strains in the non-failed shear spans did reduce 
in some cases, contrary to the series 'a' non-failed shear spans. Therefore, the variation 
of plate end strain, during the series V and 'c' beam load tests, provided no indication of 
which shear span would experience plate separation. 
Figure 4.41 shows the plate end strains in the failed and non-failed shear spans of beam 
A2b, strengthened with the 0.82 by 67mm plate under the shear span/depth ratio of 3.40. 
It is shown that the 25mm strain, at the maximum applied load, was approximately equal 
in both shear spans, and that the 5mm and 15mm strains were greater in the non-failed 
shear span. The strains at the 5mm and 25mm positions, in the failed shear span, 
exhibited reductions followed by subsequent increases in magnitude, a feature shown in 
either shear span of the series V and V beams without any apparent consistency. 
A comparison of plate end strains at given applied loads, for beams of different series but 
strengthened with the same plate, shows that the magnitudes were, broadly, similar. The 
two exceptions to this finding were the 25mm. strain in the failed shear spans of beams 
A2a/I and A2b, shown in Figures 4.40 and 4.41, and the strains of beams A2a/I and 
A2c/l, as will be seen in section 4.3.1.2.3 (page 129). Broadly equal plate end strains 
would be expected since, at a given applied load, the shear force and bending moment 
were equal at the plate end positions in the different series. Therefore, the reason for 
unequal strains is unclear, but it may be that the plate end strains were influenced by 
adhesive cracking not visible to the naked eye; the occurrence of such fine cracks was 
shown by Meier (1996) using acoustic emission methods. 
The plate tensile strains throughout the failed shear span were not consistently greater 
than in the non-failed shear span in the series V and V beams, unlike the series 'a' 
beams represented in the typical strain distributions of Figure 4.39 (page 124). The 
series V members exhibited an increased rate of plate end straining shortly after yield of 
the internal reinforcement as was the case in the series 'a' beams, but the series V plate 
end strain rate did not increase until the applied load was approximately 50% greater 
than the yield load, much more than the 8.7% for the failed shear span of beam Ala, for 
example. Therefore, the plate ends were not sensitive to the increased rate of beam 
deformation associated with rebar yield under the highest shear span/depth ratio. 
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Figure 4.41 Plate end strains in the failed and non-failed shear spans of beam A2b 
4.3.1.2.3 The influence of plate end anchorage on the plate end strains 
It has been shown that the use of plate end anchorage improves the stiffness of a plated 
beam, particularly beyond yield of the internal reinforcement. It will be shown next that 
the anchorage affects also the magnitude of the strain generated in the plate at its ends. 
It was seen in Figure 4.33 (page 119) that anchorage causes a large increase in strain 
shortly before beam failure; however, the plate end strain with anchorage is greater even 
well before failure, as shown in Figure 4.42 which shows the strain distribution, in the 
failed shear span, over the end 25mm of the 0.82 by 67mm plate with and without 
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anchorage under the beam supports, for the shear span/depth ratio of 3.00 - ie. beams 
A2asupp. and A2a/l, respectively. 
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Figure 4.42 Plate end strains with and without anchorage in the series 'a' beams 
No plot is shown for the applied load of 30 kN for beam A2asupp_, since the strains 
became high due to the onset of horizontal cracking at soffit level, so the strain 
magnitudes at this load and higher are not representative of the effect of anchorage on an 
intact concrete section. The distances represented in the plots are for corresponding 
positions along the plate, as shown in the inset of Figure 4.33 (page 119) which 
represents a different beam. Figure 4.42 shows that the anchorage caused an increase in 
the rate at which the strain increased, with respect to distance. 
The increased strain magnitudes and rate of strain increase reflect an improvement in the 
composite action between the plate and beam, not exhibited to the same degree under the 
highest shear span/depth ratio of 4.00 in the series 'c' beams, as shown in Figure 4.43. 
Again, this Figure shows the strain distributions up to the applied load beyond which the 
strain in the anchored plate became high due to horizontal soffit level cracking in the 
concrete. The Figure shows that the strain magnitudes were almost equal in the beams 
with and without anchorage, so the rate of plate strain development was not influenced 
by the introduction of the anchorage. The increase in plate end strain due to anchorage 
under the beam supports, in the series V beams, was between that shown for the series 
4a' and V members. Therefore, the improvement in plate end composite action, due to 
this anchorage method, became lower with increasing shear span/depth ratio. The more 
practical bolted anchorage system was not applied under the lowest and highest shear 
span/depth ratios in the four point bending tests, so the cantilever tests of section 4.3.2 
(page 149) were required to assess the influence of this anchorage method under varying 
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Figure 4.43 Plate end strains with and without anchorage in the series 'c' beams 
Although the composite action was improved due to plate end anchorage at low applied 
loads in the series 'a' beams, the greatest global stiffening of the plated member was not 
observed until after the internal steel yielded, as indicated by the stiffening magnitudes in 
Table 4.7 (page 106). 
By comparing the right hand graphs of Figures 4.42 and 4.43, it is seen that the series 'c' 
unanchored member experienced greater plate end strains than the series 'a' beam, these 
beams being the second exception to the finding that plate end strains were generally 
similar for the different series. 
4.3.1.3 Nominal plate end shear stresses in the adhesive 
It was noted in Chapter 2 that the plate separation failure mode has previously been 
related to the magnitude of the shear stress in the adhesive at the end of the plate, this 
having typically been the location at which separation has initiated due to the plate end 
peel observed in the series 'a' beams. It will be shown next how the peak shear stresses 
were calculated for the present beams without plate end anchorage. 
The electrical resistance strain gauges bonded to the composite plates recorded strain at 
discrete points along the length of the plate, A difference in strain between two 
neighbouring positions corresponds to a change in plate tensile force over the distance 
between the strain gauges, as depicted in Figure 4.44. This change in tensile load must 
be balanced by shear between the plate and concrete; the adhesive provides this shear 
action. 
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Figure 4.44 The quantities involved in calculating nominal shear stresses 
Considering longitudinal forces over a short length of plate, 81, the change in plate force 
is given by 
E -b -t Be. PI PI P1 0 
Eqn 4.1 
This change in force must be balanced by a shear force provided by the adhesive, given 
by 
-c - 51 - bpl* -.. Eqn 4.2 
Equating these two expressions and rearranging gives the shear stress as 
,t =E -1 -Le ..... Eqn 4.3 PI P1 81' 
In the limiting case when the length of plate being considered tends to zero, the shear 
stress is given by 
A 
dl' . -.. Eqn 4.4 
Therefore, the shear stress in the bonded joint can be estimated for any position along the 
plate by calculating the local plate strain gradient for that position. Shear stresses 
calculated in this way are average nominal values since they are based on average strain 
gradients between two points. 
Figure 4.45 shows a typical set of nominal shear stress distributions for the beams 
without plate end anchorage; the Figure represents beam Ala in particular, showing the 
distributions at 4 kN applied load intervals to 20 kN and then 2 kN to failure. The Figure 
shows positive stresses only, contrary to the usual convention of shear stresses being 
positive in one shear span and negative in the other, this is deliberate so that a 
comparison may be made between the values in the failed and non-failed shear spans. 
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Due to the large number of beams testedý not all beams were instrumented with five 
strain gauges at the plate ends; some had only three, sufficient to make comparisons of 
plate end strain behaviour but not enough to determine local maximum shear stresses at 
the plate ends. A minimum of four shear stress values, given by five strain gauge 
readings, were considered sufficient to estimate the peak plate end shear stress in the 
adhesive. Table 4.12 lists the peak plate end shear stresses for the present beams, 
together with the proportion of the maximum load at which the last plate end strains were 
recorded. The last column of the Table confirms that the stresses represent the plate end 
condition immediately before failure. The peak shear stresses for all the beams in Table 
4.12 occurred in the failed shear span. 
As expected, Figure 4.45 shows that the shear stress in the constant moment region was 
negligible compared with the magnitudes in the shear spans, since the applied shear force 
was zero in the constant moment region. 71be shear stress decreased towards the plate 
ends before rising sharply to the peak magnitudes at the ends. Figure 4.45 and Table 
4.12 show that the greatest shear stress in beam Ala occurred at a distance of 40mm 
4.3. Results ofthe experimental beam tests 133 
from the plate end. The stress magnitude at this position was a lone high value, caused 
by the sudden increase in strain difference between the 35mm and 45mm. strain gauge 
positions. As Figure 4.37 (page 123) shows, there was a continued increase in plate 
strain at the 45mm position at failure, and a reduction in magnitude at the 35mm position 
due to plate end peel. 
Table 4.12 Peak bond line nominal shear stresses in the 1.0m beams 
Beam Shearspanldepth Peakshearstress Proportion of Distancefrom 
ratio (Affla) maximum load (016) plateend(mm)_ 
0.50 by 90mm pWe 
Ala 3.00 4.05 99.7 40 
Alb 3.40 2.05 98.7 92.5 
0.82 by 67mm plate 
A2a/l 3.00 3.39 98.6 40 
A2bGFRP 3.40 0.16 98.0 20 
1.13 by 47mm plate 
Ma 3.00 4.16 97.2 20 
Me 4.00 6.89 99.3 30 
Figure 4.45 shows that the peak shear stress occurred in the failed shear span of beam 
Ala; this was the case for all the I. Om beams for which peak shear stresses were 
calculated. The Figure also shows that the shear stress distributions were approximately 
symmetrical until failure. 
43.1.4 Discussion of the initial 1.0m four point bending results 
4.3.1.4.1 General behaviour 
The basic flexural improvements due to external plating have been confirmed using the 
CFRP prepreg in the 1. Orn beams. The plate is well positioned to increase the flexural 
rigidity of the section; the high lever arTn of the plate ensures the stiffening achieved with 
a bonded plate is greater than with aditional internal rebars of the same cross sectional 
area (Jones et al, 1986). The reduced tensile strain in the internal reinforcement is an 
important effect of external plating since the concrete crack widths are controlled by the 
rebar struin (Beeby, 1971); therefore, plating has an obvious serviceability advantage. In 
this respect BS 8110 limits the crack widths, at the surface of the concrete, to 0.3mm so 
it is important to minimise cracking to stay within this serviceability criterion. The 
widths of cracks were not measured during the beam tests but it is clear, from the 
reduced section rotations of the plated beams, which are made up of concrete material 
straining and cracking, that crack widths are reduced by plating. 
Using the demec section strain measurements and the midspan strain in the bonded plate, 
it was shown that the plate is strain compatible with the concrete, this being confirmation 
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of the composite action between the beam and bonded plate. Such behaviour is of 
significance since composite action between the beam and plate is one of the most 
important structural requirements of plate bonding to ensure its success as a 
strengthening and stiffening technique (Swarny et al, 1987). Therefore, it will be 
important to achieve composite action over as much of the plated length as possible. In 
the present tests, composite action was achieved in the constant moment region in beams 
both with and without plate end anchorage, but the composite action near the plate ends 
was improved using plate end anchorage, particularly under a low shear span/depth ratio. 
The greatest structural stiffening is achieved with a plate of high modulus, as seen by the 
comparison of the deformation responses resulting from the CFRP and GFRP plates. 
The axial stiffnesses, 'EA', of the type 2 carbon plate (0.82 by 67mm) and the glass plate 
(0.64 by 65mm) were 6092 kN and 1501 kN, respectively - ie. that of the carbon 
composite was over four times greater. Despite this, the CFRP plated member stiffness 
was not as much as four times greater than that with the GFRP plate, as shown by the 
stiffness values in Table 4.6 (page 105); the ratios of CFRP to GFRP post-cracking and 
post-yield stiffnesses, based on deflection, were only 1.2 and 2.8, respectively. The 
corresponding ratios of stiffhess based on plate strain were also below four, being 1.3 
and 3.2. The section could be taken to be fully cracked after yield of the internal 
reinforcement when cracks were wide, and the improvements in the flexural rigidity of 
the cracked section, due to plating, were approximately 43% and 14% with the CFRP 
and GFRP plates, respectively. The ratio of these improvements with the CFRP and 
GFRP plates is 3.1, similar to the ratio of post-yield stiffness increases based on 
deflection and plate strain. Therefore, a given increase in axial stiffness of the plate will 
not be translated into an improvement of flexural rigidity by the same multiple so, to 
achieve a four fold (say) increase in member stiffness, the axial stiffness of the plate will 
need to increase by more than four times, the actual increase depending on the particular 
configuration and material properties of the beam. 
4.3.1.4.2 The effect of the shear span/beam depth ratio 
Little previous work has been undertaken to investigate the influence of the shear span/ 
depth ratio on the mode of plate separation, so the present tests are considered to be 
important in highlighting the fact that the loading configuration affects the way in which 
a plated beam fails. 
Jones et al (1980) subjected 1.2m long beams to loading under a constant spacing 
between beam supports, but varying load spacing, such that the shear span/beam depth 
ratio ranged from 1.7 to 3.7. A constant distance was maintained between the ends of the 
mild steel plates and the beam supports, as was the case in the present work. Plated 
beams with shear span/depth ratios of 1.7 and 2.4 failed in catastrophic shear of the type 
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shown in Figure 4.19 (page 96). At the ratio of 2.4, the addition of the bonded plate 
resulted in an improved shear capacity, while no increase in shear load was brought 
about under a ratio of 1.7, although the structural stiffness was improved. A shear span/ 
depth ratio of 3.7 resulted in concrete compressive flexural failure at the top of the beam. 
Under a shear span/depth ratio of 1.7, shear cracks were initiated near the beam supports 
in the unplated length and propagated diagonally towards the compression region of the 
beam, indicating the inability of the plated beam to reach its improved flexural capacity 
due to an inadequate shear capacity of the original unplated concrete section. Widening 
of the shear crack at its base caused plate end separation, a horizontal failure in the 
concrete cover layer at the end of the plate, similar to the series 'a' mode in the present 
work. Shear cracking began in the plated length under a shear span/depth ratio of 2.4, 
again propagating towards the top of the beam, and horizontal cracking, from the base of 
the shear crack towards the plate end, was responsible for a plate end separation. 
Therefore, the above tests by Jones el al (1980) confirmed that very low shear span/depth 
ratios will result in catastrophic shear failures, as are typical also of unplated reinforced 
concrete beams under such loading (Kotsovos, 1983; 1984). The failures of unplated 
beams fall into bands of shear span/depih ratio, usually based on the effective depth 
rather than the beam depth. As explained earlier, the ratios for the plated beams in the 
present work are based on the full beam depth since this takes into account the depth of 
concrete to the lowest level of tensile reinforcement (ie. the plate), this being the basis 
for defining unplated ratios. Unplated shear span/effective depth ratios greater than 6.00 
usually result in flexural failures. Ratios in the range 2.50 - 6.00 may be associated with 
flexure-shear cracking (Kong and Evans, 1987), in which a vertically rising flexural 
crack changes direction towards a loading position to become a shear crack. This was 
found in the plated series V beams with a shear span/effective depth ratio of 4.76 or a 
shear span/beam depth ratio of 4.00, indicating a similarity with unplated behaviour. 
Shear-bond failure of unplated beams, characterised by the destruction of the concrete/ 
rebar bond due to the rebars being pressed down under the applied shear force (Kong and 
Evans, 1987), occurs under lower shear span/effective depth ratios in the range 2.50 - 
6.00. The action of the vertical step in Figures 4.12 (page 83) and 4.15 (page 87) may be 
likened to a shear-bond failure, the tensile plate reinforcement having been pushed away 
from the bulk of the beam. This occurred due to a shear crack under a shear span/ 
effective depth ratio of 4.05 (shear span/bearn depth = 3.40) and a flexure-shear crack 
under a ratio of 4.76 (shear span/beam depth = 4.00) - ie. values tending towards the 
upper end of the unplated range. At approximately one-third of the range, with a shear 
span/effective depth ratio of 3.57 in the series 'a' beams (shear span/beam depth = 3.00), 
shear-bond was precluded by a plate end shear crack which gave way to a peel failure. 
Therefore, as with unplated beams, there appear to be bands of shear span/beam depth 
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ratios, a, /h, under which different forms of plate separation occur. Based on the present 
1.0m beam tests, the following list summarises the ratios that have been related to the 
modes of plate separation indicated: 
av/h = 3.00: plate end peel initiated by the occurrence of a shear crack at the end of 
the plate; 
av/h = 3.40: shear-bond separation of the plate under the action of a shear crack; 
av/h = 4.00: shear-bond separation of the plate under the action of a flexure-shear 
crack, perhaps better referred to as flexure-bond. 
The shear span/depth ratios of beams reported in the literature have been such that the 
first of the above-listed failure modes is the most commonly recorded. Table 4.13 lists 
the references that have provided sufficient detail, regarding the loading configuration 
and the mode of plate separation, to enable comparisons to be made with the present 
failure modes; these references are to tests of steel and composite plated beams. 
Table 4.13 Previously reported modes of plate separation 
Reference Shearspanlbeam 
depth ratio 
Failure initiated at end of plate 
Van Gemert and Maesschalck (1983) 2.22 
Swamy et al (1987) 3.00 
Swamy and Jones (1990) 3.00 
Ritchie et al (199 1) 3.00 
Oehlers (1992) 3.14 
Sharif et al (1994) 2.62 
Hussain et al (1995) 2.67 
Quantrill et al (1995) 3.00 
Failure initiated in shear span 
Jones et al (1988) 3AI 
Takeda et al (1996) 3.40 
Failure initiated near load position 
Irwin (1975) 4.02 
Jones et al (1982) 5.00 
Macdonald and Calder (1992) 4.52 
Meier and Kaiser (199 1) 4AO 
Takeda et al (1996) 4.00 
The Table confirms the shift of the initial failure position away from the plate end as the 
shear span/beam depth ratio increases. The modes of plate separation were investigated 
for finther shear span/beam depth ratios by the present author using the 1.0m cantilevers 
and the larger scale 2.3m and 4.5m beams, in order to propose ranges of values. 
Under the shear span/beam depth ratios of 3.40 in the present work, the onset of plate 
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separation was governed by the vertical opening of a shear crack, so the beam failure will 
have been governed by the factors that control the vertical opening of shear cracks in 
unplated beams. This opening is influenced by the diameter and spacing of the links 
across shear cracks and the following shear transfer properties of the concrete itself, in 
which the values in brackets are the proportions of the applied shear force carried by 
each action (Taylor, 1974): 
" the shear stresses carried by the intact concrete above the neutral axis (20% - 40%); 
" the dowel action of the internal tensile reinforcement (15% - 25%); 
" the vertical component of the aggregate interlock in the crack (35% - 50%). 
The exact interaction of these shear components is not fully understood, although it is 
known that the dowel action is the first to reach its capacity, resulting in a proportionally 
larger shear being transferred to the aggregate interlock (Martin et al, 1989). A higher 
tensile steel quantity results in greater dowel action and narrower crack widths, giving 
rise to improved aggregate interlock (Raj agopolan and Ferguson, 1967), but the strength 
of the rebars has no effect on the shear behaviour (Kong and Evans, 1987). The shear 
calculations of BS 8110 show that the design shear stress of the section decreases with 
increasing effective depth, so deep beams are not proportionately stronger in shear than 
shallow beams, consistent with the lower dowel action that rebars of a given diameter 
have on a larger section. In addition, the action of aggregate interlock does not increase 
in proportion to the beam depth (Kani, 1967). Therefore, the mode of plate separation 
initiated at the base of a shear crack is not expected to occur at a linearly increasing 
applied load as the beam becomes deeper, and the subsequent resistance to the shear 
crack opening will also not increase linearly. The beam width is not expected to 
influence the critical shear force in this mode of plate separation since the shear strength 
of an unplated concrete member has been found not to be affected by width (Kani, 1967), 
and the bonded composite plate is unlikely to raise the shear strength since the out-of- 
plane rigidity of the plate is small. 
The present work has shown that the shear span/beam depth parameter affects the 
maximum bending moment applied to a plated beam before plate separation, the position 
at which separation is initiated, and the direction along the beam in which separation 
propagates. Since the vertical shear force was uniform throughout the failed shear span, 
the position of the main crack, X, in Figure 4.14 (Page 85), and the associated tributary 
crack formation of Figure 4.15 (page 87), were influenced by high bending moments 
only. The fact that the maximum bending moment was greater, under the highest shear 
span/depth ratio than the lowest ratio, confirms the presence of a greater flexural 
influence at the position of plate separation initiation. 
As in the plate end peel action associated with the series 'a' beams, there will have been 
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a moment couple acting at beam soffit level due to the tension in the composite plate, as 
depicted in Figure 4.46. 
so, To end 
ofbewn 
e 
Tributary 
crack ) 
Plate tension Moment couple 
Adhesive thickness 
Figure 4.46 Moment couple acting at soffit level due the plate tension 
It is thought this couple was responsible for the formation and subsequent rotation of the 
'triangular' piece of concrete that occurred between the time of tributary crack formation 
and beam failure. If this were the case, it would be expected that this type of plate 
separation occurs at a given tensile strain in the plate, characteristic of the material 
properties and dimensions of a particular specimen configuration. Indeed, the maximum 
plate strains of the nominally identical beams, A2c/1 and A2c/2, were 7772 microstrain 
and 7875 microstrain, respectively; the similarity is consistent with the achievement of a 
characteristic moment couple. Also, since plate end anchorage has no structural effect 
under a high shear span/depth ratio, the same characteristic plate strain is to be expected 
when the plate ends are anchored; this was seen to be the case by the maximum strain of 
7927 microstrain in beam A2bsuw. $ a value only 1.3% greater than the average of the two 
unanchored strains. 
4.3.1.4.3 The influence of plate end anchorage 
It has been shown that a considerable improvement in the post-yield stiffness of a plated 
beam is brought about by plate end anchorage under the beam supports under a low shear 
span/beam depth ratio, but not under a high ratio. It was found that the plate ends 
develop tension more rapidly immediately after internal reinforcement yield under a low 
ratio, but not under a high ratio. The plate end strains are increased by anchorage, 
reflecting an improvement in composite action, under a low shear span/depth ratio, but 
not under a high ratio. Therefore, it is concluded that the member stiffness is increased 
by anchorage due to the improved plate end composite action when the plate end strains 
are sensitive to the beam deformation, a feature of relatively low shear span/depth ratios 
only. 
A. s will be shown in Chapter 9, which considers the analysis of plate separation in the 
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absence of plate end anchorage, it is generally accepted that strain is transferred from the 
concrete to the composite plate via shear in the adhesive layer. Therefore, the tension 
developed at the plate ends is dependent on the smain transfer ability of the adhesive, a 
property that appears to be improved by the use of plate end anchorage. The strain 
transfer r8le of the adhesive is associated with stress concentrations in the adhesive at the 
ends of the plate; the critical magnitudes of these stresses, and the tests that have been 
undertaken to assess them, are the subject of detailed discussion so they will not be 
considered until Chapter 9. 
It was shown in Figure 4.26 (page 109) that the deflection responses of the series V 
beams, with plate end anchorage under the beam supports and with the bolted anchorage, 
were similar. This similarity in behaviour, up to the maximum load of the bolted case, 
was reflected in the midspan plate strain responses also, indicating the same stiffness 
improvement due to both anchorages. A comparison of the plate end strain responses 
shows that these were also similar for both beams, reflecting the same improvement in 
plate end composite action with both anchorage systems, consistent with the similarity in 
the overall structural stiffness improvement Therefore, the magnitude of the externally 
applied normal force, which was zero in the bolted case and half the applied load with 
the anchorage under the supports, did not influence the improvement in composite action 
over the beam without anchorage. The beam with the bolted anchorage failed at a load 
8.4% lower than that with the anchorage under the supports; therefore, the high normal 
force did not have a clear influence on the ultimate capacity, since this percentage is 
within the 14.1% difference between the like specimens, A2a/1 and A2a/3 - ie. within the 
variability to be expected in tests using concrete samples. Therefore, the tests with 
anchorage suggest that a secure anchorage to the concrete, using bolts, creates the same 
improvement in structural performance as a high normal force against the plate when the 
anchorage lies under the beam supports. This finding indicates the ability of the bonded 
anchorage block to avoid damage to the CFRP plate due to the increased plate tension 
and its bearing against the shaft of the bolt, confirming the suitability of this anchorage 
system. The application of the bolted anchorage system is considered for the larger scale 
beams in the results of section 4.3.3.2 (page 153). 
Plate separation in the series V beams has been seen not to be initiated at the end of the 
plate, but at the base of a shear crack instead; therefore, the reason for the elevated 
ultimate capacity with anchorage was not the suppression of plate end peel, unlike in the 
series 'a" beams in which plate end peel was the unanchored failure mode. Instead, it is 
suggested that, due to the increased post-yield member stiffness with anchorage, a 
greater applied load was required to reach the beam deformation at which the plate 
separated at the base of the shear crack. Figures 4.25 (page 109) to 4.27 show that this 
critical deformation was not governed by a given midspan deflection; instead, it has been 
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proposed by Triantafillou and Plevris (1991a) that the plate separates when the ratio of 
the vertical to the horizontal displacement at the base of the shear crack, shown 
exaggerated in Figure 4.47, reaches a given magnitude. These authors related the 
applied shear force, V, at plate separation to this displacement ratio by the following 
expression: 
Voc 1-J: G - A, w ... -Eqn 
4.5 
where v and w are the vertical and horizontal displacements, respectively, and IGA is 
the total shear stiffness of the steel reinforcement and the composite plate. 
Shear crack 
Level of internal tensile reinforcement 
A 
B 
CFRP composite plate 
Figure 4.47 Shear crack displacement components in the series V members (points A 
and B will be referred to later) 
Tberefore, the shear behaviour of the section was the important factor governing the 
ultimate capacity of the series V plated beams; in this type of plate separation, the 
flexural cracks are spanned by the CFRP but do not influence the loading capacity 
(Meier el al, 1993a). Deuring (1993) noted this type of plate separation to be affected by 
the following parameters: 
- the applied bending moment and shear force at the position of the shear crack; 
the dimensions of the concrete beam,, internal reinforcement and bonded plate; 
the mechanical properties, particularly modulus and tensile strength, of the concrete, 
internal reinforcement and bonded plate; 
the geometry of the shear crack - ie. micro and macro roughnesses, crack width, w, 
and vertical crack opening, v. 
These parameters have not been studied specifically, so the constant of proportionality in 
equation 4.5 is not known. The shear behaviour of concrete members is an important 
aspect in structural design generally, but one that is less well understood than flexural 
behaviour. The uncertainty of the shear behaviour of reinforced and prestressed concrete 
is reflected in the numerous studies that have been undertaken since the turn of the 
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century (Regan, 1993). Despite the large number of shear studies, there is still no widely 
accepted rational procedure to predict the shear strength of concrete beams (Ashour and 
Morley, 1994). In externally plated beams, the shear behaviour is complicated by the 
additional interaction of the plate and concrete at position A in Figure 4.47; the 
magnitudes of the critical stresses at this position have not been investigated, so equation 
4.5 has yet to be calibrated, a requirement due also to the previously mentioned non- 
linear increase in shear strength and stiffness, IG. A, with beam depth. 
The improved stiffness, due to anchorage, appears to have been associated with a 
reduced rate of shear crack widening (yertically and horizontally), such that a greater 
applied load was required to reach the critical magnitudes of v and w in Figure 4.47 
(page 14 1). In the beam with the anchorage by bonded angles, Albangles, the failure load 
was greater than the load at which the unanchored member, Alb, failed by the mode of 
shear crack opening, a result consistent with the reduced rate of increase in v and w. 
Therefore) shear cracking through the beam depth had the opportunity to propagate as far 
along the beam as the position of the angles (Figure 4.21 (page 98)), giving rise to a 
series 'a' mode of plate separation as a result. 
Although anchorage under the beam supports caused a large improvement in the ultimate 
capacity under the shear span/depth ratios of 3.00 and 3.40 in the series 'a' and V 
beams., respectively, a low improvement of 5.8% was generated under the ratio of 4.00 in 
the series V beam, A2csupp_* This low increase is consistent with the lack of stiffening 
due to anchorage, such that it was not necessary to apply a considerably greater load to 
reach the critical state of concrete cracking associated with plate separation. This critical 
state is thought to have been governed by the magnitude of the vertical 'step' in Figure 
4.15 (page 87). 
The effect of the height of externally bonded angles is not known for the series V shear 
span/depth ratio of 3.40 since the failure mode observed with the angles depends on the 
propagation of a shear crack along either the top or side of the angle section. For the 
lower shear span/depth ratio of 3.00, associated with plate separation by plate end peel, 
Ritchie el al (1991) found it is advisable to extend the GFRP angles above the level of 
the internal rebars since beams without anchorage fail up to this level in this mode of 
plate separation. Although the ultimate capacity of the beam was raised by 29.21/6 using 
the angle sections, the failure mode was not changed so the plate did not provide a 'net' 
under the beam. Ritchie et al (199 1) also tried bonding GFRP plates over the full height 
of the beam at the plate ends and connecting these plates to the main soffit plate with 
bonded GFRP angle sections. This also resulted in a higher load capacity but, in most 
beams, the connection provided by the angles failed so the failure mode was not altered. 
The shear span/bearn depth ratio was 3.00, a value consistent with an improvement in 
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ultimate capacity and beam stiffness due to plate end anchorage. 
Therefore, the connection between the ends of the soffit plate and the beam must usually 
be expected to be lost after failure when the plate ends are anchored by bonded angles, so 
this anchorage method is not recommended. As with most generalisations, there will be 
exceptions, such as the GFRP angles that were formed as part of the soffit plate in tests 
by Sharif el al (1994), the beam having reached its full flexural capacity in compression, 
and the steel plated beam tested by Jones et al (1988) which also reached a flexural 
failure in concrete compression. However, for more certainty of maintaining the plate/ 
beam connection at the end of the plate, a bolted anchorage system is recommended for 
use in practice. The series V test, A2bb. Its, by the present author, has shown that the 
bolted anchorage system maintains the connection and provides a greater improvement 
in ultimate capacity than the bonded angles. Jones et al (1988) also found that bolts 
prevent the complete separation of the whole plate, further load having been carried after 
initial debonding at one end of the plate; the beam eventually failed in compressive 
flexure. Vardy et al (1989) acknowledged the potential benefits to be gained from the 
use of inclined bolts, in which pretension will induce compression in the concrete. The 
presence of bolt prestress was acknowledged to have the potential for reducing the 
likelihood of failure in the concrete cover layer, since tension-induced crack propagation 
would be counteracted by the compression generated in the concrete by the bolt 
prestress. 
Given that the failures in the series V beams began at a location relatively distant from 
the plate end, it is felt the plate end anchorage under the beam supports was located too 
far from the position at which it was required. The purpose of the anchorage is to 
prevent or delay the premature separation of the composite from the concrete, and its 
positioning must be chosen to enable it to fulfil this function; it would perhaps have been 
better to locate a bolted anchorage near the loading position in each shear span of the 
series V beams, given that plate separation began near a load point rather than at the end 
of the plate. 
Given the considerable effect of plate end anchorage under a low shear span/depth ratio, 
it may be necessary to apply additional shear reinforcement when a point load is 
positioned near a beam support in practice, in order to avoid the shear type of failure 
depicted in Figure 4.19 (page 96). The problem of an inadequacy in the existing shear 
reinforcement is expected to be most severe for beams with bolted anchorage systems. 
This is because a length of concrete beam, between the end of the composite plate and 
the beam support, exists without external plate reinforcement. If the shear capacity of 
this length is below the load at which plate separation or plate ftacture occurs, then the 
benefit to be gained by installing plate end anchorage will be offset by the need for shear 
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strengthening of the original member, this having been the problem caused by the 
installation of plate end bolts in the tests of GFRP plated beams by Sharif et al (1994), 
for example. In such a case, the externally bonded flexural reinforcement will not be 
used efficiently unless the member is enhanced in shear. In the case of anchorage under 
the supports, no unplated length exists within the loaded span, so the plate is able to 
provide resistance by suppressing the widening of shear cracks throughout the whole 
shear span. However, the composite plate cannot be relied upon to provide dowel action, 
since the out-of-plane stiffness of the plate is negligible. In this respect, steel plates have 
an advantage over polymeric composites, due to the greater modulus of elasticity and 
thickness of steel plates. The shear capacity of externally plated beams was studied by 
Ziraba et al (1993; 1994) and Baluch et al (1995). 
Based on the shear calculations of BS 8110, using the cross sectional area of each shear 
link (A, ) and the link spacing (s, ), it is found that the minimum shear reinforcement 
density, A, /s,, required to avoid a shear failure under the ultimate load of the bolted 
case, A2bb(, Its, was -equal to the value provided; this is consistent with the absence of a 
shear failure in the unplated length. 
When the shear capacity of the plated beam section becomes inadequate due to flexural 
strengthening, the quantity of externally retrofitted shear reinforcement needs to be 
balanced against the quantity of existing flexural reinforcement, a conclusion drawn 
from the results by Sharif et al (1994) using flexurally plated beams with composite side 
plates in the shear spans. These authors found that such a beam, with a bolted plate end 
anchorage system, reached its full flexural capacity in compression when the GFRP 
soffit plate was 2mm, thick, but a 3mm thick plate caused failure by the propagation of 
concrete cracking along a shear span, underneath the side plate, and up towards the load 
point at the end of the side plate. The latter beam exhibited no gain in strength or 
ductility over a comparable beam without side plates. 
4.3.1.4.4 The effect of the plate aspect ratio 
It has been shown that the ultimate capacity of a plated beam falls as the plate aspect 
ratio reduces; this is the case both with and without plate end anchorage. In the series 'a' 
beams, the plate end tension, acting at a distance from the concrete soffit, brought about 
a plate peeling action that initiated plate separation; the action of the peeling stresses 
over a smaller width caused earlier plate separation. However, in the series V and 'c' 
beams, the plate was pulled away from the beam due to the vertical opening of a major 
crack in the concrete. Referring to Figure 4.47 (page 141) for the series V beams, a 
layer of concrete was pulled away from position A due to the relative displacement 
between points A and B. Therefore, the two narrower plates will have caused greater 
stresses at point A, leading to the lower maximum applied load. This indicates that, for a 
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given cross sectional area of plate, the plate must be as wide as possible in order to 
maximise the failure load under all shear span/depth ratios. The influence of varying the 
plate cross sectional area was not studied here, since it was felt sufficient work had 
already been undertaken on this aspect, as will be shown in the plate separation review of 
Chapter 9. Also, while it is clear from the present tests that high aspect ratios can be 
achieved with composite plates, due to possibility of a small thickness and large width, it 
has not been possible to establish a critical value above which a tensile fracture of the 
plate will occur for a given combination of material and loading parameters, but Chapter 
9 will review the suggested design values based on research into steel plated beams. 
4.3.1.4.5 Plate end strains and shear stresses in the adhesive 
It is seen in Figure 4.45 (page 133) that the shear stress at the plate ends exhibited an 
elevated rate of increase, with respect to applied load, beyond the load of 32 W, this 
value being approximately 81% of the ultimate capacity. This increased rate is more 
pronounced than further in the shear spans, indicating that the plate end peel of the series 
V beams was associated with a locally accelerated rate of shear stress transfer to the 
concrete via the adhesive. 
It was shown in Figure 4.41 (page 129) that beam A2b exhibited no consistent trend of 
increasing plate end strain with applied load near failure, a feature of the series V and 
'c' beams generally. Therefore, the random variation of plate end strain near failure 
gave rise to apparently high plate end shear stresses, as shown in Table 4.12 (page 134) 
for beam Mc. The value for this beam suggests the concrete at the plate end, in the 
failed shear span, sustained a shear stress greater than the series 'a' values which were 
associated with the onset of plate separation at the plate ends. Assuming the average of 
the series 'a' values, 3.87 NTa, was characteristic of the concrete used, plate separation 
in beam A3c should also have started at the end of the plate, given the same concrete and 
the relatively high shear stress in this case. However, it will be shown later, using the 
results of the I. Om cantilevers, the 2.3m half beams and the 4.5m beams, that the plate 
end shear stress tends to become lower with rising shear span/depth ratio, so the value for 
beam A3c appears to be unrepresentatively high. The value for beam Alb, however, is 
consistent with the trend of falling shear stress with increasing shear span/depth ratio. 
Equation 4.4 (page 132) suggests low modulus plates are associated with low maximum 
shear stresses, a trend with which the value for beam A2bGFRp is consistent. 
It is likely that the actual maximum shear stresses were higher than those calculated from 
the strain gauge data, since high strain gradients at the plate ends would have led to stress 
concentrations that could not be determined easily with electrical resistance strain 
gauges bonded to the plates. The strain gauges would need to be located at very close 
spacings in order to estimate peak shear stresses more accurately. However, the values 
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determined here have confirmed that the plate end peel mode of plate separation is 
associated with high localised plate end shear stresses in the adhesive, although 
insufficient data are available to determine a characteristic value with confidence. 
Although all the peak shear stresses of the 1. Orn beams occurred in the failed shear span, 
this result is considered significant in the series 'a' beams only, since these were the only 
specimens in which plate separation was initiated at the end of the plate. 
It has been shown that the use of plate end anchorage increases the rate of plate end 
strain increase with distance, particularly under a low shear span/depth ratio when plate 
end peel is the dominant mode of plate separation in the absence of anchorage. This 
indicates an elevated average shear stress transferred to the concrete via the adhesive, a 
potentially detrimental influence but one that is prevented from accelerating failure due 
to the ability of the anchorage to suppress plate end peel. With anchorage, there can be 
no normal stresses acting on the plate at its ends, shear being the only action. Therefore, 
the introduction of plate end anchorage causes the elimination of plate end normal 
stresses and an increase in the shear stresses immediately beyond the anchorage block in 
the plated length, but these higher stresses do not appear to cause local shear failure of 
the concrete at its surface. 
The shear stress distributions of Figure 4.45 (page 133) show that the stress increases 
over the first 20mm from the plate end, before falling to a low value which is then 
followed by a second increase. It is to be expected that the shear stress rises initially, 
since the stress must be zero at the tip of the plate where a free face occurs. The drop and 
subsequent rise in the shear stress magnitude, after this initial increase, was caused by a 
reduction in the rate at which the plate end strain increased, as shown for each shear span 
of beam Ala in Figure 4.48; the uppermost curve in the Figure represents the strains at 
the maximum load sustained by the beam. 
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Figure 4.48 The development of tensile strain at the ends of the plate of beam AIa 
Figure 4.48 shows that, as failure approached, the plate tensile strain increased at an 
initially relatively low rate (path AB), before increasing to a more rapid rate (BO which 
was then followed by a much reduced rate (CD). In their attempts to model the 
behaviour of the plate end region, Van Gernert (1980), Swamy et al (1986) and Chajes el 
al (1996) used lap shear specimens, consisting of steel or composite plates bonded to 
concrete prisms, that revealed a similar plate end strain response to that shown in Figure 
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4.48. Chajes et al (1996) acknowledged that the tensile strain in the plate is generated by 
a shear flow in the adhesive, and they attributed the reduced rate, CD in Figure 4.48, to a 
lack of shear flow due to the onset of a shear failure in the surface of the concrete, 
parallel to the plate, over the length CD. Assuming this to have been the case in the 
series 'a' beams, the plate separation of beam Ala started due to a shear failure in the 
concrete between 25mm. and 35mm. from the end of the plate, in which case the peeling 
of the plate end away from the beam, due to the moment couple generated by the plate 
tension, was a secondary effect that led to the eventual failure. This sequence of events 
is consistent with the conclusion by Jones et al (1988) that the peeling stresses acting on 
the bond are relatively small and first become significant after plate separation has begun 
by the initiation of a horizontal shear failure in the concrete adjacent to the plate; the 
peeling stresses are associated with the subsequent rapid propagation of plate separation. 
At the maximum applied load of 39.5 kN, represented by the top curves in Figure 4.48, 
the reduced strain rate, CD, occurred over a greater length of plate in the non-failed shear 
span, suggesting that the initial shear failure was more localised near the end of the plate 
in the failed shear span. 
However, the occurrence of a shear failure over the length CD is brought into question 
by the fact that the reduced strain rate, CD, occurred well before failure in the non-failed 
shear span, suggesting the reduced strain rate was not indicative of a shear failure in the 
concrete. An alternative reason for the reduced strain rate, CD, may be that the curvature 
of the plate due to plate end peel, shown much exaggerated in Figure 4.49, was 
associated with a reduced increase in tension where the curvature was greatest. 
Figure 4.49 The curvature of the plate end due to the action of the plate tension 
The high strain rate in the failed shear span, DE in Figure 4.48, is likely to have occurred 
after the prior onset of plate separation within the length ABCD, giving rise to the 
additional transfer of tension to the length of plate not yet separated, ie. DE, causing the 
apparently high shear stress of 4.05 NTa in Figure 4.45 (page 133). Therefore, while the 
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peak shear stress in the end 45mm. of plate, at the moment of complete plate separation, 
was 4.05 Wa, the value corresponding to the initial onset of failure was lower, although 
its magnitude cannot be identified since it is not known when this initial onset occurred. 
The plate end strain profile of the series V and V beams also exhibited the 'stepped' 
form of Figure 4.48, but plate separation was not initiated at the plate ends in these cases 
so the region, CD, was not associated with a shear failure, due to the lower peak shear 
stress magnitudes and the initiation of plate separation away from the plate ends. The 
plate end strain magnitudes at beam failure were lower under the higher shear span/depth 
ratios, although a degree of peel will still have existed so the form of Figure 4.48 was to 
be expected. However, the difference in slope of the strain profile, between BC and CD, 
was smaller in the series V and V beams, consistent with a lower degree of peel than in 
the series 'a' beams. 
Therefore, high shear stresses have indeed been found to occur at the plate ends, but their 
influence on the peel mode of plate separation is questionable. Furthermore, shear was 
not the mode of plate separation under the higher shear span/depth ratios, so the 
apparently high shear stress magnitude in the case of beam A3c, for example, is below 
the value at which a shear failure would occur in the first few millimetres of the concrete 
depth adjacent to the bonded plate. 
4.3.1.4.6 Cracking of the adhesive layer 
Table 4.1 (page 90) shows that in those cases in which adhesive cracking was recorded 
in both shear spans, no consistency was found in the range of the plated length of shear 
span over which the cracks occurred. This finding is consistent with the random nature 
of the adhesive cracks, these having formed as a result of concrete shear cracking, itself a 
random phenomenon, with no consistency being shown in the lengths AC in Figure 4.18 
(page 89). The application of plate end anchorage did not appear to have any clear effect 
on the locations of the adhesive cracks, although the beams with anchorage did 
experience a greater number of adhesive cracks in either the failed or non-failed shear 
span, due to the greater opportunity for cracking created by the higher ultimate capacities 
with anchorage. 
4.3.2 I. Om cantilever tests of the effect of the shear span/depth ratio 
43.2.1 Objectives and test procedure 
It has been shown that the system of plate end anchorage under the beam supports 
provides a negligible improvement in ultimate capacity and member stiffness at the shear 
span/beam depth ratio of 4.00. The cantilever tests allowed the mode of plate separation 
to be observed under shear span/beam depth ratios greater than 4.00, and enabled 
confirmation of the influence of plate end anchorage under low and high ratios. The 
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cantilevers were manufactured as additional specimens with an internal reinforcement 
configuration as shown in Figure 3.8 (page 54); only the 0.82 by 67mm prepreg plates 
were used. 
The cantilevers were loaded in a purpose-made rig in which one end of each specimen 
was held between steel jaws to provide an encastr6 fixing, as shown in Figure 4.50. The 
free end was loaded by a hydraulic jack and the load was determined using a pre- 
calibrated load cell. Electrical resistance strain gauges were bonded to the CFRP at the 
plate end, mid-shear span and next to the encastr6 end. Load, plate strain and deflection 
data were recorded at time intervals of I second throughout each test. The datalogger 
readings were recorded by more frequent scanning than in the four point bending tests 
because loading was continuous, rather than being halted temporarily in order to collect 
demec data. 
4.3.2.2 Results of the cantilever tests 
Table 4.14 lists the shear span/beam depth ratios and the ultimate capacities of the 
cantilevers. No maximum applied load is given for cantilever Ca3 because the load was 
applied rapidly near failure so that the plate separation could be captured on the high 
speed video. The ultimate shear forces of the four point bending specimens are given for 
comparison in the last column. The maximum difference between the four point and 
cantilever shear forces was approximately 19%, the cantilever values having been 
greater in most cases, presumably due to the higher concrete strength of 64.3 Wa 
compared with 54 NTa in the four point bending specimens. 
Shear span, a, 
45mm 
CFRP plate 
Ih 
= loomm 
Encastri 
support 
Figure 4.50 Loading configuration of the cantilever specimens 
The maximum applied load on the cantilevers became lower with increasing shear span/ 
depth ratio, as expected, and the maximum bending moment (at the encastr6 support) 
became greater, as in the four point bending tests. The maximum bending moment 
appeared to reach an upper limit, as shown in Figure 4.5 1. The Figure shows the effect 
of the bolted plate end anchorage under a low and a high shear span/depth ratio; as in the 
four point bending tests, the anchorage clearly had a much greater influence under a low 
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ratio, the increases in capacity having been 97% and 2% under the ratios of 3.00 and 
7.72, respectively. In keeping with this, the effect on the plate end strain magnitudes, 
shown in Figures 4.42 (page 130) and 4.43 (page 13 1), was observed in the cantilevers, 
confirming the lack of improvement in plate end composite action under a high shear 
span/depth ratio. 
Table 4.14 Ultimate capacities of the I. Om cantilever beams 
Cantilever Shear span1depth Marimum Equivalenifour point 
ratio, alh applied load (kN) bending shear. force (U) 
Cal 3.00 16.45 1815.18.15,16.001 
Ca13.00 32.45 26.252 
Ca2 
--. - 
4.00 19.31 17.25,17.303 
Ca3 4.65 -- 
Ca4 5.87 15.43 - 
Ca5 7.72 11.33 - 
Ca5bolt, 7.72 11.59 - 
I Values for beams A2a/l. A2a/2 and A2a/3 
2 Value based on beam A2a,. pp. 
3 Value based on beams A2c/l and A2c/2 
Shear span/depth ratio 
Figure 4.51 Variation of ultimate bending moment with shear span/depth ratio in the 
I. Orn cantilevers 
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Since only one test was conducted in each case, it is unclear why cantilever CA reached 
a greater moment than Ca5. However, as mentioned above, the results suggest a limiting 
moment capacity, but this could not be confirmed with greater shear span/depth ratios 
since the test rig geometry had a limit of aA = 7.72. In terms of the failure mode, 
however, the tests confirmed that the mode of plate separation represented in Figures 
4.14 (page 85) to 4.18 (page 89) continues at shear span/beam depth ratios above 4.00, 
the upper limit of the four point bending tests; this failure mode will continue as long, as 
the combined rebar/plate area ratio is such that plate tensile fracture does not occur. At 
the low shear span/depth ratio of 3.00, plate end shear cracking and subsequent plate end 
peel were the causes of plate separation, as in the four point bending tests under the same 
shear span/depth ratio. Cantilever Calb,, Its failed in catastrophic shear of the form 
depicted in Figure 4.19 (page 96). No damage to the bolted plate end anchorage was 
found in cantilever Calb, )Its or Ca5b,, Its, confirming the adequacy of the bolted system to 
resist the large increase in plate tension associated with the improvement in composite 
action under av/h = 3.00. As in the four point bending tests, there was no apparent 
pattern in the locations of adhesive cracks and no influence on the structural performance 
was attributed to these. 
43.23 Discussion of the cantilever test results 
The tests have confirmed that, under a shear span/depth ratio greater than 4.00, plate end 
anchorage serves no purpose other than to provide a layer of material that retains broken 
concrete after plate separation. However, under the lowest shear span/depth ratio of 
3.00, the anchorage serves this purpose in addition to considerably enhancing the 
ultimate capacity and member stiffness. Shear span/depth ratios greater than 4.00 are 
still associated with randomly located adhesive cracks. Based on the cantilever results, 
the earlier list of failure modes, related to the shear span/beam depth ratios, can be 
updated as follows: 
" a, /h = 3.00: plate end peel initiated by the occurrence of a shear crack at the 
end of the plate; 
" aJh = 3.40: shear-bond separation of the plate under the action of a shear 
crack; 
" a, /h = 4.00 - 7.72: shear-bond separation of the plate under the action of a flexure- 
shear crack. 
It is to be expected that plate separation continues to be initiated in a region of high 
bending moments as the shear span/depth ratio increases, since the ratio of flexural to 
shear loading becomes greater so shear effects are precluded. Given that this mode of 
plate separation occurs when a critical tensile strain is reached in the plate at the position 
of the 'triangular' wedge of concrete, it is concluded that the applied bending moment at 
this position will also be a constant; the occurrence of an upper limiting bending moment 
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is consistent with this conclusion. Such an upper limiting bending moment will be 
demonstrated again using the results of the 2.3m and 4.5m beam tests, described below. 
The cantilevers demonstrated that the maximum plate end shear stress becomes lower 
with increasing shear span/depth ratio, associated with a reduction in the sensitivity of 
the plate end strain response after internal rebar yield, as in the four point bending tests. 
The fact that the more rapid increase in beam deformation, due to rebar yield, has no 
immediate influence on the plate end strains under a high shear span/depth ratio, is a 
reflection of the lack of additional strain transfer to the plate by shear through the 
adhesive. Therefore, under a low shear span/depth ratio, the shear flow between the 
concrete and plate, defined as the horizontal shear force per unit length along the beam, 
remains high as far as the end of the plate, whereas the magnitude of the shear flow 
diminishes towards the plate end under a high shear span/depth ratio, an effect termed by 
Zhang et al (1995) as 'shear lag'; there appear to be no other direct references to this 
effect (Raoof, 1997) since it is not fully understood and remains a topic requiring further 
study. 
4.3.3 Further four point bending tests using the 2.3m and 4.5m beams 
43.3.1 Introduction and objectives 
These larger scale four point bending tests, denoted as group B, were conducted in order 
to verify the structural responses of beams strengthened without plate end anchorage, 
Only three plated specimens were used since the larger beams were more costly and 
involved greater time and resources in their preparation for testing than the 1.0m beams; 
also,, it will be shown that a number of beams were required to investigate the influence 
of the quantity of shear reinforcement, this parameter having been included after 
uncertainty of its effect on the failure mode of the 2.3m length beams, and others were 
required for the prestressing tests of Chapter 5. 
As noted in Chapter 3, the 2.3m beams were cast in two batches with concrete 
compressive strengths of 47 NVa and 58 NVa. All the beams in the present tests were 
manufactured from the first batch concrete, providing a constant strength of 47 NTa. 
4331 Results of the 2.3m and 4.5m four point bending tests 
Table 4.15 lists the sizes of the beams and their characteristic loads. As the Table shows, 
beam B2 was loaded rapidly immediately before failure, so that the plate separation 
could be captured on high speed video and, unfortunately, the maximum load was not 
recorded. Also, the initial concrete cracking load of beam BI was not recorded since the 
hydraulic loading valve was inadvertently left open before the test began. 
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Table 4.15 Concrete cracking, steel yield and ultimate loads of the 2.3m and 4.5m 
bearns 
Beam Length Shear spanl Concrete Steel reharyield Ultimate 
(M) depth ratio cracking load (kNq load (kA9 load (kN9 
BunpIJ2.3m 2.3 3.67 7.00 52.50 55.00 
B1 2.3 3.67 - 75.00 100.30 
B2 2.3 3.67 7.00 76.00 89.00 * 
BunpL/2 bars/4.5m 4.5 6.63 4.00 26.50 28.50 
B3 4.5 6.63 4.00 42.00 60.00 
* Load was applied rapidly neu failiure and the mwdmum was not recorded 
Considering first the improvements in the characteristic loads due to plating, it is seen in 
Table 4.16 that the strengthening to cracking was zero, as in the I. Orn beams; the 
proportion of the plate cross sectional area to the beam area was lower for the 2.3m and 
4.5m beams than for the I. Orn beams, so no improvement in the concrete cracking load 
was expected. The strengthenings to yield and ultimate are lower than in the I. Orn 
beams, indicating the greater effect of plating on the smaller beams; this greater effect 
was due to the larger ratio of plate area to internal rebar area, and the smaller lever arm to 
the level of the rebars which resulted in a greater proportional increase in the flexural 
rigidity of the section due to plating. These effects arose from the fact that the plate 
dimensions in the I. Orn beams could not. be kept in the same proportions to the beam 
dimensions as in the larger beams, since the plates could not be manufactured 
suff iciently thin. 
Table 4.16 Strengthening achieved to cracIdng, yield and ultimate in the 2.3m and 4.5m 
plated beams 
Beam Shearspanl Strengthening to Strengthening to Strengthening 
depth ratio cracking (0/6) jdeld (016) to ultimate (Yo) 
BI 3.67 42.9 82.4 
B2 3.67 0.0 44.8 60.0* 
B3 6.63 0.0 58.5 110.5 
* Value not based on the actual maxiinun load 
The improvement in flexural rigidity was associated with the lowering of the neutral axis 
level, as shown in Table 4.17; beam BI is omitted because the pre-cracking of the 
concrete rendered the values unrepresentative. The section strain profiles, fmm which 
the neutral axis depths were determined, confirmed the midspan composite action 
between the beam and bonded plate, consistent with the I. Om. behaviour, also, initially 
plane sections remained plane in the present larger scale beams. 
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Table 4.17 Neutral axis depths of the 2.3m and 4.5m beams 
Applied load (kA9 
Beam 8 16 24 32 40 48 56 64 
BunpL/2.3m 76 75 71 69 69 --- 
B2 127 111 104 99 96 93 90 87 
BunplJ2 bars/4.5m so 69 67 - ---- 
B3 86 76 72 70 69 
Table 4.18 lists the serviceability loads of the beams, defined by the same concrete and 
rebar criteria as for the I. Orn beams. The serviceability condition in each beam is 
reached when the maximum concrete stress reaches half the characteristic cube strength. 
The strengthening to the serviceability load is marginally greater for the 4.5m beam, B3, 
because the internal rebar area was 4% lower than in the 2.3m beams. As in the I. Orn 
beams, the improvements in the serviceability load, due to plating, were lower than the 
yield and ultimate load improvements, indicating that little additional load may be 
applied to a plated beam before the deformation limitations are exceeded, but that a 
significantly greater load needs to be applied to render the beam structurally unsound. 
Table 4.18 Serviceability loads of the 2.3m and 4.5m beams 
Beam Length Shearspanl Serviceability Strengthening to 
(M) depth ratio load (kA9 serviceability load (016) 
BunpL/2.3m 2.3 3.67 39.29 - 
BI 2.3 3.67 44.84 14.1 
B2 2.3 3.67 44.84 14.1 
Bunpl/2 bars/4.5m 4.5 6.63 22.95 
B3 4.5 6.63 26.35 14.8 
Although the serviceability loads of the plated beams were greater than those of the 
unplated members, the platýd deflections at the serviceability loads were lower, 
reflecting the downward shift of the neutral axis which ensured the stress of 0.5feu at the 
top of the beam was reached at a lower maximum deflection. The reductions in the 
serviceability deflections, due to plating, were approximately 26% and No for the 2.3m 
and 4.5m beams, respectively, indicating the smaller serviceability benefit of plating 
under long shear spans for which the deflection is large. 
Two adhesive cracks were present in the failed shear span of beam B1 after failure but 
none was found in beam B2, consistent with the usual absence of adhesive cracking 
when failure occurs in the mode of Figure 4.10 (page 81). As in the I. Om beams, the 
2.3m beam failures were associated with a marked step in the plate end strain profile, 
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shown in Figure 4.48 (page 147) for the I -Orn cases, 
but the 4.5m length beam, B3, 
exhibited a much less pronounced step, consistent with the behaviour under the high 
shear span/depth ratio of the series 'c' I. Orn beams. The plate strains were higher in the 
failed shear spans of the 2.3m beams, as was the case when failure was initiated by plate 
end peel in the I. Om beams (Figure 4.39 (page 124)). 
Table 4.19 lists the post-cracking and post-yield retained stiffriesses of the beams (by 
deflection), indicating the elevated stiffness retention of the plated beams, as in the I. Orn 
cases. The similarity in the retained stiffnesses of the 2.3m. and 4.5m beams is due to the 
addition of equally sized plates to beams of similar concrete and steel cross sectional 
areas. The improvements in the stiffnesses, due to plating, are illustrated in Figure 4.52 
for the 4.5m beams, indicating no change in the pre-cracking stiffness due to the 
negligible change in the flexural rigidity of the uncracked section. 
Table 4.19 Retained suffnesses, of the 2.3m and 4.5m beams 
Beam Shear spaul 
depth ratio 
Post-cracking proportional 
stiffness (16) 
Post-Yieldproportional 
stiffness ft 
Bunpl. /2.3m 3.67 30.7 1.1 
B2 3.67 54.7 9.4 
Bunpl. /2 hm/4.5m 6.63 25.4 0.7 
B3 6.63 29.3 10.3 
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Figure 4.52 Deflection responses of the 4.5m beams 
As in the I. Om beams, the improved post-yield stiffnesses of the plated beams were the 
cause of an increase in the ductility by applied load-, Table 4.20 lists the values for the 
lated. 133 
Unplated, l3unpl. /2 bar%/4.5m 
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2.3m and 4.5m beams. While the ductility by load increased, that by deflection became 
lower, a trend consistent with the smaller scale behaviour. Although the actual value for 
beam B3 is not known, it is expected to be greater than for beam B I, given the higher 
shear span/depth ratio of B3 and the 1.0m beam trend of increasing deflection ductility 
with increasing shear span/depth ratio. 
Table 4.20 Ductilities of the 2.3m and 4.5m beams 
Beam Shearspanl Ductility by Ductility by applied 
depth ratio dej7ection load 
BunpL/2.3m 3.67 2.57 1.05 
BI 3.67 1.61 1.34 
BunpU2 bars/4.5m 6.63 2.41 1.08 
B3 6.63 1.26* 1.33 
* Ihe ductility was greater than this since the maximun deflection was not recorded 
The improved stifffiesses of the plated beams were associated with lower strains in the 
internal tensile reinforcement, a reflection of the lower deflections at a given applied 
load. Although the internal rebars were not instrumented, their strain could be 
determined from the demec section strain profiles, since the section strain at the level of 
the rebars was equal to the average rebar strain over the long demec gauge length of 16 
inches. Table 4.21 lists the reductions in midspan rebar strain and deflection, due to 
plating, for beam BI, the 2.3m. plated beam, while Table 4.22 lists the corresponding 
values for the 4.5m plated beam, B3. 
Table 4.21 The effect of plating on the 2.3m beam, BI 
Applied Reduction in Reduction in 
load (kAq rebar strain (016) deflection (0/6) 
8 41.0 1.7 
16 41.7 31 
24 46.9 22.9 
32 51.8 31.2 
40 52.5 35.4 
It is clear from Table 4.21 that the addition of the bonded plate had a greater influence on 
the strain in the internal reinforcement than on the deflection of the member, a finding 
consistent with that of Swamy el al (1987) who acknowledged this result to be 
significant from a structural point of view, since the reinforcing bar strains control the 
crack widths in the concrete. Table 4.22 shows the same effect for the longer 4.5m 
beams, but the difference between the reduction in rebar strain and deflection is lower for 
the 4.5m beams,, reflecting the less pronounced influence of plating under the longer 
shear spans. 
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Table 4.22 The effed of plating on the 4.5m beam, B3 
Applied Reduction in Reduction in 
load(W rebar strain r1q) deflection (016) 
4 39.4 9.7 
8 38.6 31.2 
12 31.5 32.4 
16 30.8 25.5 
20 29.8 20.0 
24 31.9 22.4 
The reductions in rebar strain and deflection will be greater for higher modulus plate 
materials and will be affected also by the quantity of internal reinforcement so the 
values in Tables 4.21 and 4.22 are specific to the present beams; nonetheless, they show 
the ability of composite plating to reduce the stress in the internal reinforcement. 
Ac M As entioned earlier, the 2.3m and 4.5m beams were additionally instrumented with 
electrical resistance strain gauges on their top surfaces, allowing the compressive 
response of the concrete to be recorded. Also, the proximity of the maximum 
compressive strain to the design ultimate value could be determined; by comparison with 
the plate tensile strain (as a proportion of its ultimate), the form of flexural failure, if 
premature plate separation had not occurred, could be determined, as shown in section 
4.3-3.3 (page 161). Figures 4.53 and 4.54 show the compressive strain responses of the 
2.3m and 4.5m beams, respectively. The strains in both Figures are the averages of the 
values at the two loading positions of the beams; the 4.5m plated averages are of greater 
magnitude than the unplated values since the strain magnitude was greater at one load 
position than the other, but no significance is attached to this. 
Unlike the unplated control beam, the compressive response of the plated 2.3m beam 
suggested no reduction in stifffiess at the concrete cracking load, indicating the ability of 
the bonded plate to slow the upward shift of the neutral axis and, consequently, the 
increase in compressive strain that would be necessary to generate a stress block of 
sufficient total compressive force to balance the tensile section force. However, the 
longer 4.5m, beam did experience a more rapid rate of compressive straining immediately 
after the concrete cracked in flexure, consistent with the lesser influence of plating on the 
deflection and tensile rebar strains. 
The maximum compressive strain magnitudes of the unplated beams, which ultimately 
failed in concrete compression (Figure 4.9 (page 79)), are those at the time of 
compressive failure at the top of each beam. Both unplated maxima are lower than 3500 
microstrain, the ultimate strain assumed in the design codes, BS 8110 and BS 5400, 
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based on the fact that, for the concretes typically used in construction, compressive 
disintegration of the concrete does not usually occur until this strain is reached (Kong 
and Evans, 1987). This discrepancy may be due to the possibility of the compressive 
failure having started a small distance away from the surface of the concrete where the 
stress was greater, in accordance with the parabolic compressive stress block in concrete 
beams (Hognestad, 1951); the form of the parabolic stress block will be illustrated in 
Chapter 8. 
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Figure 4.53 Concrete compressive strain responses of the 2.3m beams 
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Figure 4.54 Concrete compressive strain responses of the 4.5m beams 
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The shear span/depth ratio of the 2.3m plated beams lay between 3.40 and 4.00, the 
values at which plate separation in the I. Orn beams was initiated away from the end of 
the plate. However, the 2.3m beams failed in the same manner as the series 'a' 1.0m 
beams - ie. by plate end shear cracking followed by plate end peel (Figure 4.10 (page 
81)); the full concrete cover thickness was again separated from the internal rebars. As 
in the I. Om beams, the flexural and shear cracks were narrower but more numerous than 
in the unplated beam. The plate separation was again associated with a reduction in the 
plate end strain magnitude immediately before failure, indicative of the plate end 
peeling. This reduction in magnitude began at an applied load equal to approximately 
85% of the failure load in beam BI, slightly lower than in the I. Om beams. As was 
typical of this mode of plate separation in the I. Orn beams, the plate end strains of the 
2.3m beams were sensitive to the elevated post-yield deformation rate; the plate end 
strains began to increase more rapidly at applied loads 13% and 5% higher than the yield 
load in beams BI and B2. respectively. 
Therefore, the 2.3m plated beams failed in a mode that was inconsistent with their shear 
span/beam depth ratio, based on the I. Om results. However, the 4.5m plated beam failed 
in the fashion typical of shear span/beam depth ratios greater than 4.00, as observed in 
the I. Om beams and cantilevers. Figure 4.55 shows the failed shear span of beam B3; the 
shaded regions are the 'triangular' wedges of concrete depicted in Figure 4.15 (page 87). 
Adhesive rem g 
on concrete 
Figure 4.55 Concrete cracking pattern in the failed shear span of beam B3 (not to scale) 
The fact that a wedge occurred in the constant moment region is confirmation of the 
occurrence of this failure due to predominantly flexural loading. The region marked, 
'adhesive remaining on concrete', is the length over which adhesive/plate interfacial 
cracking occurred (Figure 4.18 (page 89)), leaving the adhesive layer bonded to the 
concrete. Adhesivelplate interfacial fracture was found at the centre of the constant 
moment region, over a length of 300mm, at a load representing 77% of ultimate; this 
occurred well clear of the wedge failure. This interfacial fracture was seen along only 
one edge of the plate, so it is uncertain how much of the bond width was fractured. The 
bond on either side of this length appeared to be intact, although it was not possible to 
confirm this. The ends of the visible length of interfacially damaged bond appeared to 
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lie near relatively wide flexural cracks in the concrete, possibly due to the interfacial 
crack arresting property of flexural cracks, considered in Chapter 9 which concerns plate 
separation. This was the only beam in which interfacial cracking occurred in the 
constant moment region, so this phenomenon is not typical of this region of the beam. 
The maximum average bond line shear stresses at the end of the plate were 1.65 NTa and 
0.60 NTa at failure in beams BI and B3. respectively, confirming the I. Oni beam trend 
of reducing plate end shear with increasing shear span/depth ratio. 
43.3.3 Discussion of the 2.3m and 4.5m beam test results 
These larger scale tests demonstrated the validity of the more rapidly obtained I. Oni 
results and confirmed the absence of scale effects on the general behaviour of the plated 
beams, the larger beams having shown behaviour broadly similar to that of the small 
beams. 
From a serviceability point of view, BS 8110 states that the maximum deflection of a 
member must not be greater than 1/250 times its span. Therefore, upper limits of 3.6mm, 
8.4mm and 17.2mm are placed on the deflection at the serviceability load in the 1.0m, 
2.3m and 4.5m beams, respectively. This serviceability criterion is important since a 
plated beam may fail to comply even if the strain criterion is met. The highest 
serviceability deflection of the 1. Orn beams was 2.6mm, for beam A2a/3, and the highest 
value of the 2.3m beams was 5. Omm, both within their respective limits. However, the 
serviceability deflection of 25.2mm for the 4.5m beam, B3, was well outside its 
allowable value, indicating that the serviceability strain criterion of this relatively long 
beam could not be reached without breaking the deflection limitation. It is a usual 
design requirement to limit the ratio of the span to the effective depth so that the 
serviceability deflection does not become visibly noticeable (Neville el al, 1977); the BS 
8110 limitation is that the ratio shall not exceed 20. The ratio in the I. Orn and 2.3m 
beams was 10.7 and 10.2, respectively, well below the upper limit but the ratio in the 
4.5m beams was 21.0, consistent with the deflection criterion having been broken. 
The rate of change of plate strain at 95 kN (the highest load at which strain readings were 
taken), with respect to applied load on the 2-3m, beam, B I, was 140 microstrain/kN, and 
the rate of concrete straining was -47 microstrain/kN. Based on these rates and the 
maximum strains recorded during the load test, the strain magnitudes at beam failure are 
expected to have been 5433 microstrain and 2051 microstrain in the plate and concrete, 
respectively, assuming the rates remained constant to failure. Both of these strains are 
somewhat lower than the respective ultimate values, consistent with the non-flexural 
premature failure mode. The same is true of the 4.5m plated beam, B3, for which plate 
and concrete strain magnitudes of 8570 microstrain and 2047 microstrain would be 
expected at failure. These magnitudes indicate the proximity of the premature plate 
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separations to full flexural failures; for the 2.3m beam, the ultimate plate and concrete 
strains would have been reached at applied loads of 138.4 kN and 131.1 W, 
respectively, indicating the closer proximity to concrete compressive failure than plate 
tensile fracture. However, the predicted compressive failure load is only 5.3% lower 
than the load for plate fracture, suggesting the failure would have been almost balanced. 
For the 4.5m plated beam, predicted applied loads of 68.7 kN and 89.1 kN correspond to 
plate fracture and concrete crushing, respectively, indicating that the actual failure load 
of 60 kN was much closer to plate tensile fracture, consistent with the initiation of plate 
separation in a predominantly flexural region of the beam. 
The significant point of interest, in the 2.3m beam behaviour, is the fact that the failure 
mode was inconsistent with the shear span/depth ratio, concrete shear cracking having 
occurred as far along the beam as the end of the plate. The occurrence of a shear crack at 
the end of the plate suggests the shear reinforcement provision of the 2.3m beams was 
too low to allow a failure consistent with their shear span/depth ratio, as determined from 
the I. Om beams. Indeed, the shear reinforcement density, AsAv, of the I. Orn beams was 
relatively high at 0.55 mm2/mm, while the value for the 2.3m beams was only 0.38 mm2/ 
mm. The value for the 4.5m beams was also only 0.38 mm2/mm, but the plated 4.5m 
beam failed in a manner consistent with its high shear span/depth ratio, suggesting the 
shear reinforcement density plays no role in determining the mode of plate separation 
under high shear span/depth ratios. This suggestion is consistent with the initiation of 
plate separation in a region of predominant flexure rather than shear. The lower shear 
reinforcement provision of the 2.3m beams is consistent with the initiation of plate end 
peel, after the occurrence of plate end shear cracking, at a lower proportion of the failure 
load, this having been 85% in beam BI and between approximately 91% and 99% in the 
1.0m beams. 
Iberefore, the 2.3m and 4.5m beam tests served primarily as confirmation of the smaller 
scale behaviour, and the main contribution of the larger tests is the suggested influence 
of the shear reinforcement provision on the mode of plate separation under the shear 
span/beam depth ratio of 3.67. This influence clearly required further investigation since 
it would affect the previously listed relationship between the shear span/depth ratio and 
the corresponding mode of plate separation. Consequently, the following tests of beams 
with a higher shear provision were undertaken. 
4.3.4 Tests of the influence of the shear reinforcement provision 
43.4.1 Introduction and objectives 
As explained above, these tests were conducted to determine the influence of the shear 
reinforcement provision on the mode of plate separation. The shear span/beam depth 
ratios adopted were 3.67 and 6.63, the values appropriate to the 2.3m and 4.5m beams. 
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Although the above 1.0m and larger beams suggested no influence of the shear 
reinforcement density, AA, on the mode of plate separation under the high shear span/ 
depth ratio, this was to be confirmed using fin-ther long shear spans in the present tests. 
The influence of the shear reinforcement provision needs to be understood for external 
plate bonding applications in general, since it may be necessary to enhance the shear 
provision of a flexurally plated beam in order that it may sustain the elevated applied 
loads associated with the improved flexural capacity; the subsequent mode of plate 
separation may be affected by the increased shear reinforcement provision, causing 
failure in a mode inconsistent with the shear span/depth ratio under which the beam is 
loaded, as will be shown below. 
Tberefore, it was not the intention here to study the use of externally bonded materials 
for shear strengthening, although the University is presently engaged in such work 
(Thorne el al, 1997), but merely to determine the influence of the shear provision under 
the particular shear span/depth ratios of the 2.3m and 4.5m beams. However, it was of 
interest to review the current state of knowledge on the additional shear reinforcement of 
plated beams, in order to be aware of the Rely effects of bonded shear material and the 
suitable methods of calculating its contribution; this review is presented next. 
43.4.2 Review of previous shear reinforcement studies 
In early research on steel plate strengthened beams without internal tension 
reinforcement L'Hermite (1977) reported shear failures of the concrete in beams 
without shear reinforcement, an expected result. The work was extended to the plating 
of beams with rebars and shear steel in the form of internal links and external shear 
hoops bonded to the perimeter of the beam. The shear cracks were controlled by the 
links and hoops such that failure occurred by concrete compressive failure under the load 
point. 
Orr and Kiely (1990) experimentally investigated the use of externally located steel 
shear straps to prevent premature plate separation. The straps were located around the 
webs of T-beams and through holes in the flanges to allow the straps to continue over the 
top face of the beams. The straps passed around the outside face of the steel soff'It plates 
to delay the plate separation; the whole length of each shear span was enhanced with the 
regularly spaced straps. It was noted that the straps could serve as additional shear 
reinforcement in cases for which insufficient internal reinforcement is available; the 
internal links were located at the greatest spacing allowed (by BS 8110) in order to 
observe potential shear failures. The plated beam without shear straps failed by plate 
separation, a mode avoided when the straps were used. The latter case failed instead by 
fractare of the strap at the end of the flexural plate reinforcement, presumably due to the 
tension transferred to the strap by the opening of a shear crack. When the thickness of 
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the strap at the end of the soffit plate was increased, the beam failed by shear throughout 
its depth in the unplated length and compression at the location of the beam support. 
These failures occurred after yield of the soffit plate at midspan, indicating that the 
beams were sufficiently enhanced in shear to permit the flexural capacity to be reached. 
In an experimental study of GFRP plated beams by Saadatmanesh and Ehsani (1991), 
one beam was relatively heavily reinforced in flexure while fewer and smaller diameter 
shear links were provided. Although this beam was under designed for shear, no major 
shear cracks were observed throughout the loading range and beam failure was reached 
in concrete compression rather than plate separation. A comparison beam, in which less 
internal tensile reinforcement was provided, and in which the cross sectional area of 
shear links per unit run of beam was around four times greater, failed by separation of 
the plate just before concrete compression failure, suggesting that a high provision of 
shear reinforcement may alter the failure mode from a flexural form to premature plate 
separation; however, since the failure was almost balanced, the influence of the 
additional shear reinforcement is not clear in this case. 
Rahimi and Hutchinson (1995) confirmed the concrete shear failures that occur when 
insufficient internal shear reinforcement is provided to sustain the increased applied 
loads made possible by CFRP flexural plating. In a study of the rehabilitation of pier 
beams, Malvar el al (1995) externally reinforced beams in both shear and flexure using 
bonded CFRP materials; no internal shear reinforcement was provided. As expected, 
concrete shear failure occurred in the absence of shear reinforcement. The beams were 
enhanced in shear by bonding a CFRP layer to the full beam depth over either half the 
shear span or the full shear span. The former resulted in concrete shear failure in the half 
of the shear span not reinforced in shear, while the latter prevented shear failure and 
allowed the soffit plate to reach its ultimate tensile strain. The former result corresponds 
with that of Quantrill et al (1995) in which GFRP side plates, located at the ends of the 
soffit plate, had little effect on the ultimate load and did not change the mode of failure 
from plate end peel. Oehlers (1992) also found that the quantity of shear reinforcement 
has no influence on the failure mode or capacity when plate separation is initiated by 
plate end peel, a mode suggested by Table 4.13 (page 137) to be associated with 
relatively low shear span/depth ratios. 
Al-Sulaimani et al (1994) experimentally studied the use of GFRP plates for the shear 
strengthening of initially shear-cracked concrete beams with a shear capacity 1.5 times 
lower than their plated flexural capacity. The internal shear links were spaced at 200mm 
centres, greater than the limiting spacing of 0.75d specified by DS 8110, where " d' is the 
effective depth. A low shear span/depth ratio of 2.7 was used, which would have 
ensured that shear was dominant in the beam behaviour. The shear repair comprised 
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three different systems, with and without the soffit plate in each case. One was the 
external bonding of 20mm. wide strips over the whole beam depth at regular intervals 
throughout each shear span. Another was the bonding of side plates throughout each 
shear span over 80% of the beam depth and located centrally in the depth. The third was 
the bonding of a U-shaped jacket throughout each shear span, covering the sides of the 
beam and the soffit plate. The beams repaired with side strips and side plates failed by 
diagonal tension, with dominant cracks at failure following the cracks initially present in 
the beams from the pre-loading stage. Concrete compression failure occurred in the 
beams with the jackets. The post-repair load-deflection behaviour indicated greater 
stiffness with the side strips than without, demonstrating that the strips were efficient in 
restoring the stiffhess lost by preloading. However, the strips were unable to generate 
enough shear capacity to enable a flexural failure or plate separation to occur, as was the 
case with the other two systems also. 
Sharif et al (1995) tested shear-enhanced beams with internal tensile rebars, but 
negligible internal shear reinforcement; the shear enhancement was in the form of 
externally bonded steel plates. The steel plates were configured as continuous U-shaped 
jackets throughout the shear spans, 20mm wide U-shaped jackets at regular spacings, 
continuous side plates and 20mm wide side strips. The total shear capacity was 
calculated as the sum of the concrete and external steel contributions, the latter based on 
the average shear stress in the steel/concrete bond. The study concluded that continuous 
U-shaped jackets throughout the shear spans are the most effective at improving the 
shear capacity, allowing a fully flexural failure to be reached in concrete compression. 
While the other shear repair schemes also improved the overall shear capacity, the steel 
suffered separation due to the tearing and splitting of the cover concrete. 
Chajes el al (1995a) tested T-beams with externally bonded composite shear 
reinforcement with aramid, E-glass and graphite fibres to allow comparison of the effects 
of different strengths and stiffnesses. The composite reinforcing fibres were oriented in 
the 0' and 90* or 45' and 1351 directions, relative to the vertical, and the composites 
were bonded as sheets to the soffit and web of all the strengthened beams. The internal 
tensile reinforcement in each beam was sufficient to avoid flexural failures and ensure 
shear failures instead; no internal shear reinforcement was provided. As expected, the 
shear-strengthened beams reached higher maximum loads before failure. Ile E-glass 
and graphite reinforced composites were damaged at beam failure by being tom along a 
line corresponding to a diagonal tension crack in the concrete, but the relatively high 
strain to failure of the aramid composite prevented this type of failure. All three shear 
reinforcement materials experienced relatively high rates of tensile strain increase, with 
respect to applied load, after cracking because the external reinforcement then provided 
all of the shear capacity of the beams. The beams reinforced with the 45"/135* fibre 
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composites experienced greater increases in ultimate load than the beams enhanced with 
the 0"/90* composites, although the flexural stiffness of the shear-reinforced beams was 
little different to that of the control beams. Knowing the shear contribution of the 
concrete from the control tests and the experimental ultimate shear capacity of the 
enhanced beams, the contribution of the external material was found by subtraction to 
compare well with theoretical values assuming the reinforcement behaved as links. 
Chajes et al (1995c) tested beams reinforced externally with CFRP plates on the soffit 
and sides to study the flexural and shear behaviours. The fibre orientation in the shear 
plates was only in the vertical direction of the beam. This orientation was believed to be 
the reason for the similarity in the load-deflection responses of flexurally strengthened 
beams with and without external shear material, the vertical fibres having little effect on 
the flexural behaviour of the beams. This result is in contrast to the finding of Al- 
Sulaimani el al (1994), that externally bonded strips improve the flexural stiffness of the 
beams. The composite material used by Chajes etal (1995c) had a thickness of 0.11mm 
and a tensile modulus of elasticity of 227.37 GPa, while the corresponding values for Al- 
Sulaimani et al (1994) were 3mm and 16 GPa. Therefore, per mm width of shear 
reinforcement, the axial stiffness, EA, of the Chajes material was 25.01 W and that of 
the Al-Sulaimani material was 48.00 M Therefore, although the former material was 
applied as a continuous sheet and the latter as discrete strips, the strips were better able to 
control shear crack opening due to their greater axial stiffness, resulting in reduced shear 
deflection. This result shows that, unlike the flexural soffit reinforcement, a thin sheet 
covering as much of the concrete as possible will not necessarily produce the greatest 
improvement in crack control where shear is concerned. Nonetheless, the sheets were 
able to avoid concrete shear fracture, the failure mode observed without the sheets, and 
allow tensile failure of the soffit composite instead, even when two layers of soff it 
reinforcement were used Chajes el al (1995c). 
Therefore, based on the above literature, the following four conclusions were drawn 
regarding externally bonded shear reinforcement: 
provided their axial stiffness is sufficiently high, bonded shear strips are effective at 
increasing the member stiffness, thereby raising the applied load at which the critical 
deformation, associated with plate separation, will occur; 
when plate separation is initiated by plate end peel, the quantity of shear 
reinforcement has no influence on the failure mode or ultimate capacity, this being 
justification for not using the series 'a' I. Orn beams in the following experimental 
work, 
when composite materials are used for shear strengthening, the fibre orientation must 
be selected to provide maximum restraint against shear crack widening; 
the contribution of externally bonded shear reinforcement can be determined as for 
internal links. 
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These findings enabled the shear reinforcement study to be undertaken as described next. 
4.3.4.3 Experimental work 
The investigation was conducted using 2.3m and 4.5m beams tested in four point 
bending (group S), and 2.3m beams tested as cantilevers in the fashion shown in Figure 
4.56; the cantilevers will be referred to as 'half beams' (group I-1) since they represented 
the shear spans of the 4.5m four point bending specimens. The half beams were used in 
order to leave sufficient 4.5m members for testing in four point bending in the 
prestressing tests of Chapter 5. The full constant moment length of a 4.5m beam was not 
provided in the half beams, but the maximum flexural strains were represented. 
As Figure 4.56 shows, load was applied to the half beams through a hydraulic manifold 
that allowed both jacks to be operated simultaneously. As the piston ofjackB extended, 
that of jack A receded, equal load having been applied to each, as confirmed by the 
output of the load cells placed in series with the jacks. 
A \\ Hydraulic manifold 
Heavy clamp 
300mm 1525 
Heavy support 
Securing prop 
Hydraulic pump 
Figure 4.56 Loading configuration of the 2.3m half beams 
Hydraulic jack II 
4.3. Results ofthe expefimental beam tests 167 
The influence of the shear reinforcement provision was studied by increasing the 1: 1 
provision in two ways, viz'. 
" bonding mild steel strips, 25mm. wide and 2mm thick, over the full depth of the 
concrete section, midway between the internal mild steel links on both sides of the 
bearns, as shown in Figure 4.57, and 
" providing a greater quantity of internal shear steel in the form of links in additionally 
manufactured beams. 
The externally bonded strips were used on both the four point bending and half beam 
specimens, while only some of the 2.3m four point bending beams were enhanced with 
the high internal shear provision. 
No ballotini beads were used in the glue line between the bonded strips and the concrete-, 
the Sikadur 31 PBA adhesive was used to bond the strips. To help prevent the separation 
of the strips from the beams, the ends of the strips were bent to form anchorage wings at 
the top and soffit of the beam, as shown in Figure 4.57; the soffit level wing was kept 
well clear of the CFRP composite plate. The need to anchor the external shear strips in 
the compression zone of the beam was noted by Neubauer and RostAsy (1997a) who 
found the steel strips separated from the beam with a thin layer of concrete remaining on 
the strips-, this premature mode of failure was avoided in the present tests. 
150nun 
i .1 
Coner 
beam 
Bonded shear strip 
CFRP plate ---i ý- 
10 
Figure 4.57 Section and elevation views of the externally bonded shear strips 
The internal link provision was increased using links of the same diameter (10mm) but 
their spacing was reduced from 150mm to 75mm. The shear reinforcement density was 
increased to 0.71 mm'/mm using the bonded strips and 2.09 mm2/mm in the beams 
heavily reinforced internally in shear-, the diameter and configuration of the longitudinal 
rebars was not changed from that shown in Figures 3.9 (page 55) and 3.10 for the 2.3m 
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link, (L 
20mm 
1. . 
and 4.5m beams, respectively. 
Table 4.23 shows the parameters of each of the tests conducted; the last column shows 
the batch of concrete from which the beams were cast, indicating the use of a new batch 
of concrete for beams Sunpi. /Heavyi, S4 and S5. The subscript, 'Heavy', indicates the 
unplated beam heavily reinforced internally in shear. The use of three different concrete 
strengths did not affect the validity of the comparisons between tests, as will be shown. 
Test H1 was filmed using the high speed camera and the rapid loading near failure 
prevented the maximum load being recorded; computer problems caused the loss of the 
load data in the repeat test, H2, so it was necessary to conduct a third test, ID. Test H4 
was to confirm the absence of any effect due to the increased concrete strength. The 
three beams with plate end anchorage were tested to confirm that anchorage would not 
affect the failure mode observed in the tests without anchorage. 
Table 4.23 Parameters of the beams to investigate the effect of the shear reinforcement 
Beam Test type Shear spanI 
depth ratio 
Method ofshear 
enhancement 
Concrete batch and 
compressive strength afPq) 
B3 4.5m 4-pnt bending 6.63 None I st batch: 47 Wa 
Sl 4.5m 4-pnt bending 6.63 Bonded strips I st batch: 47 Wa 
BI, B2 2.3m 4-pnt bending 3.67 None I st batch: 47 NTa 
S2 2.3m 4-pnt bending 3.67 Bonded strips I st batch. 47 NTa 
S3* 2.3m 4-pnt bending 3.67 Bonded strips 2nd batch: 58 N[Pa 
SunpL/Heavy 2.3m 4-pnt bending 3.67 Closer links Additonal batch: 61.5 NTa 
S4 2.3m 4-pnt bending 3.67 Closer links Additonal batch: 61.5 Wa 
S5 2.3m 4-pnt bending 3.67 Closer links Additonal batch: 61.5 N[Pa 
HI Half beam 6.63 None I st batch: 47 Wa 
H2 Half beam 6.63 None I st batch: 47 NTa 
113 Half beam 6.63 None I st batch- 47 UTa. 
H4 Half beam 6.63 Bonded strips 2nd batch: 58 NTa 
115 Half beam 6.63 Bonded strips 2nd batch: 58 N[Pa 
*'Ibese beams included theboltedplate end anchorage 
43.4.4 Results of the shear reinforcement tests 
Considering first the high shear span/depth ratios (beam S1 and the half beams), it was 
found that the failure mode was not changed by introducing the externally bonded shear 
strips. Plate separation was still the cause of structural collapse, having occurred again 
near a point load position due to the progressive fracture shown in Figure 4.15 (page 87). 
Although the failure mode was not altered, the member stiffness was increased by the 
strips, as shown in Figure 4.58 for the 4.5m four point bending tests. This slight 
improvement in stiffness, attributed to a reduction in the magnitude of the shear 
component of the deflection, was presumably associated with a more gradual opening of 
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the vertical step in Figure 4.15 (page 87). The failure load of beam Sl was 63.2 kN, 
marginally elevated from the 60 kN of beam B3, but it Is not confirmed that this was due 
to the improved stiffness. 
In addition to the exposed plate end length typical of the high shear span/depth ratios 
(Figure 4.14 (page 85)), beam SI exhibited adhesive/plate interfacial cracking within the 
non-failed shear span at a distance of 420mm from the load position, well away from the 
end of the plate, at 92% of the ultimate load. Adhesive/plate interfacial fracture was 
found also at a distance of 280mm from the adhesive crack adjacent to what became the 
exposed plate end length in the failed shear span. Although these were additional cracks 
not found in beam B3, without the bonded strips, no significance is attached to their 
presence and it is likely that some interfacial cracks remained undetected in beam B3. 
Figure 4.59 shows the plate strain responses of the 4.5m beams and the half beams; the 
4.5m applied loads are plotted as the shear force for consistency with the half beam data. 
The similarity in the responses of beams B3 and H3 confirms the validity of using the 
half beams to model the 4.5m beams. Comparable behaviour was to be expected 
because the 4.5m beams and the half beams were of similar dimensions and internal 
rebar areas; any discrepancy in the responses would be expected to lie in the yield loads, 
the half beams having had a rebar area 4% greater than the 4.5m beams. Table 4.24 lists 
the characteristic loads of the beams; the higher yield loads of the half beams are shown 
and no concrete cracking load is given for beam H5 since this member was inadvertently 
cracked during the test setup. 
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Figure 4.58 Deflection responses of the 4.5m beams with and without bonded shear 
strips 
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The similarity in the behaviour of beams SI and H4, as far as the yield load of beam S 1, 
confirms the absence of an influence of the greater concrete strength of beam H4, the 
greater yield load of the half beam is shown in Figure 4.59. As previously, the bolted 
plate end anchorage had no effect on the deflections or plate strains under the high shear 
span/depth ratio of the half beams. 
The increase in member stiffness, due to the bonded shear strips, shows these units 
behaved efficiently by contributing to the shear resistance of the section via the adhesive 
bond to the sides of the beam. No damage to this bond was observed at any of the 58 
strips in the 4.5m beam or the 22 strips in the half beams. 
35 
30 
25 
20 
a 
to 
0 
/ 
5 
Halfbearn with 
strips, 114 
4.5m bearn with 
strips, SII lalf bearn without 
strips, 113 
'P" 
4.5ni beam without 
strips, 133 
0 1000 2000 3000 4000 5000 6000 
Maxinwm plate strain (Mcrustrain) 
--- 11 -- 1 
7000 8000 9000 
Figure 4.59 Plate strain responses of the 4.5m four point bending and 2.3m half beams 
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Table 4.24 Concrete cracking, steel yield and ultimate loads of the beams in the 
additional shear reinforcement investigation 
Beam Test type Concrete Steel rebaryield Ultimate 
cracking load (kAq load (kiN9 load (kNq 
sill, 4.5m 4-pnt bending 2.00 23.00 31.60 
S2 2.3m 4-pnt bending 16.00 97.00 121.30 
S3 2.3m 4-pnt bending 16.00 96.00 131.00 
SmplJH,,,, 
y 2.3m 4-pnt bending 12.00 60.00 63.90 
S4 2.3m 4-pnt bending 13.00 90.00 114.80 
S5 2.3m 4-pnt bending 13.00 90.00 104.50 
HI Half beam 3.08 25.85 30.77 
112 Half beam - - 
I-B Half beam 3.03 25.74 29.03 
H4 Half beam 3.13 26.71 34.17 
115 Half beam - 24.49 30.14 
* These beam fitted with plate end anchorage 
a Values given as shear forces for comparison with half beam results 
Under the lower shear span/depth ratio of the 2.3m. four point bending specimens, the 
bonded strips and the high internal shear provision changed the mode of plate separation 
from plate end peel to the failure observed under the high shear span/depth ratio. 
Therefore, the increase in the shear reinforcement density prevented shear cracking as far 
along the beam as the end of the plate, confining the initial failure to a position near a 
loading point instead - ie. the critical mode of loading changed from shear to flexure. As 
in the 4.5m beams and the half beams, no damage was experienced by the adhesive 
bonds between the shear strips and the concrete. 
Figure 4.60 shows the deflection responses of the 2-3m beams with and without the 
bonded strips; it is seen that the strips again increased the member stiffness. 
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Figure 4.60 Deflection responses of the 2.3m beams with and without bonded shear 
strips 
It can be seen that the inclusion of plate end anchorage, beam S3, did not change the 
response from that obtained without anchorage, a finding consistent with the I. Om and 
4.5m beams in which plate separation was initiated near a loading position, plate end 
anchorage did not alter the response of the half beams or the 2.3m beams heavily 
reinforced internally in shear either. These latter beams experienced repeated losses and 
recoveries of stiffness throughout the loading range, most apparent in the shear spans 
where the plate strains increased in jumps, as shown in Figure 4.61 for the plate end 
strains of beam S4. 
With strips and anchorage. S3 
Without strips, B2 
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Figure 4.61 Plate end strains in the failed shear span of beam S4 (high internal shear 
reinforcement provision) 
This behaviour, which was not exhibited by the beams with the standard internal shear 
reinforcement provision (B I and B2), is attributed to frequent and abrupt losses of shear 
stiffness during the loading range of the beams with the initially high shear stiffness. 
The shear calculations of BS 8110 suggest the beams with the high shear reinforcement 
provision would start cracking in shear at an applied load of 51.58 kN, a value that 
compares well with the load at which the plate end strain started to increase in jumps. 
Therefore, it appears plate separation is initiated in a flexurally dominated region of the 
shear span when either of the following conditions applies: 
when the shear span/depth ratio is high in the presence of a low shear reinforcement 
provision, or 
when the shear span/depth ratio is low in the presence of a high shear reinforcement 
provision. 
Either way, the dominance of shear loading is eliminated so a high bending moment may 
be reached near the loading position, sufficient to cause plate separation from that 
location. As in the I. Orn beams, the critical bending moment to cause this type of plate 
separation was similar in the various present beams with the different shear span/depth 
ratios and shear reinforcement provisions, as shown in Table 4.25 which lists the 
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maximum moments. 
Table 4.25 Ultimate moments of the plated beams in the shear reinforcement study 
Beam Test type Ultimate moment 
(kNm) 
si 4.5m 4-pnt bending 48.19 
S2 2.3m 4-pnt bending 51.25 
S3 2.3m 4-pnt bending 5535 
S4 2.3m 4-pnt bending 49.50 
S5* 2.3m 4-pnt bending 44.15 
HI Half beam 46.92 
112 Half beam 
1-13 Half beam 44.27 
H4 Half beam 52.11 
115 Half beam 45.96 
* These bfnm included the bolted plate end anchorage system 
The average of these moments is 48.52 kNm and the standard deviation is 3.55 kNm, 
giving a low coefficient of variation of 7.3% which indicates the average is 
representative of the present 2.3m and 4.5m beams. 
43.4.5 Discussion of the shear reinforcement test results 
The majority of the work on steel and composite plate bonding has concentrated on the 
installation of external flexural reinforcement rather than shear reinforcement, although 
the latter is receiving growing attention (Oehlers and Ahmed, 1996). The main shear 
criterion has usually been that experimental beams should not fail as a result of the 
catastrophic shear fracture of the concrete section, a criterion met by selecting a 
sufficient quantity of internal shear steel. However, while an adequate shear 
reinforcement provision can prevent a shear failure, the quantity of shear reinforcement 
may also influence the mode of plate separation under certain shear span/depth ratios, as 
demonstrated by the present tests. 
The 2.3m beams heavily reinforced internally in shear had a shear reinforcement density, 
A, A, of 2.09 mm2/mm, a high value compared with those of the other beams. 
Therefore, the present tests have shown that, for the shear span/depth ratio of 3.67, no 
further change in failure mode occurs when the shear reinforcement density exceeds 0.71 
mm2/mm, the value for the beams with the bonded strips. This is to be expected since no 
change in failure mode can occur once the flexural form of plate separation is achieved. 
Table 4.26 lists the shear contribution provided by the concrete, internal links (where 
applicable) and external strips in the four point bending and cantilever specimens, 
covering the range of shear span/depth ratios tested. 
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Table 416 Concrete, link and external strip contributions to shear resistance 
Beam Shearspanlbewn 
depth ratio 
Plate size 
(MM) 
Vzr VWC 
(kAg 
Viinks 
(kA9 
VSm 
1.0m 4-pnt bend 
Ala 3.00 0.50 x 90 19.80 10.17 13.19 
A2a/l 0.82 x 67 18.25 10.17 13.19 
Ma 1.13 x 47 15.95 10.17 13.19 
Alb 3AO 0.50 x 90 19.25 10.17 13.19 
A2b 0.82 x 67 17.00 10.17 13.19 
A3b 1.13 x 47 17.78 10.17 13.19 
A2bGFRP 0.64 x 65 16.58 10.17 13.19 
Alc 4.00 0.50 x 90 19.50 10.17 13.19 
A2c/l 0.82 x 67 17.25 10.17 13.19 
Me 1.13 x 47 15.35 10.17 13.19 
2.3m 4-pnt bend 
BI 3.67 1.28 x 90 50.15 23.58 23.75 
S2 3.67 1.28 x 90 60.65 25.29 23.75 19.26 
S4 3.67 1.28 x 90 57.40 25.79 131.95 
4.5m 4-pnt bend 
B3 1525 1.29 x 90 30.00 25.02 23.75 
Sl 1525 1.28 x 90 31.60 25.02 23.75 19.26 
I. Om cantilevers 
Cal 3.00 0.82 x 67 16.45 10.76 13.19 
Ca2 4.00 0.82 x 67 19.31 10.76 13.19 
Ca4 5.87 0.82 x 67 15.43 10.76 13.19 
Ca5 7.72 0.82 x 67 11.33 10.76 13.19 
The four shear forces listed are the experimental ultimate (VWt (ep)) and the she ar 
contributions of the concrete without shear reinforcement (V,,,, ), the internal links 
(Vffi, k, ) and the external strips (Vstfips). The concrete contribution is found from the 
shear area of the section multiplied by the design concrete shear stress, v., given by the 
following equation which is to be found in BS 8110: 
II 
A, 3 op) 4 0.79 -I 
(100' 
T,,. d *(Id .... Eqn 4.6 7m 
in which the terms are defined as follows: 
A, area of tensile reinforcement; 
b, shear width of beam; 
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d effective depth of beam; 
YM partial safety factor (= 1.25). 
The safety factor has been included to account for the likely variation in the shear 
strengths between beams, and the values of v, have been additionally multiplied by (fUl 
25)0, a factor that enhances the concrete shear strength for characteristic compressive 
strengths, fu, greater than 25 MPa (Martin et al, 1989). The shear contributions of the 
internal links and external strips are found using the commonly applied truss analogy, in 
which the links and strips are assumed to provide a tensile force that crosses shear cracks 
at an angle of cc from the horizontal, as shown by the solid diagonal lines in Figure 4.62; 
the dashed lines represent the direction of compression in the concrete. The analogy 
assumes the links to be ties in a hypothetical truss, while the compression lines are struts. 
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Figure 4.62 Truss analogy to estimate the shear reinforcement contributions of the 
internal links and external strips 
Based on the number of links along the base of triangle ABC and the vertical component 
of their tension in the length AB, the shear contribution, Vs, is found to be 
V=Af. (d-d) o.... Eqn 4.7 S sv yv sv 
in which f. is the yield stress of the links and strips. In obtaining equation 4.7, it is 
assumed that 0 is 450 (ACI-ASCE Committee 426,1973) and a is taken to be 900 for the 
vertical links and strips. The assumption that the strips behaved as links is justified by 
the undamaged bond between the strips and concrete, and the fact that the strips created 
the same effect on the beam behaviour as the high provision of internal links. 
Alternative methods were used by Al-Sulaimani el al (1994) and Chajes el al (1995c) for 
externally bonded shear strips and sheets, respectively; the first was based on the shear 
stress in the bond between the strips and concrete, and the second on the vertical strain in 
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the shear reinforcement at the occurrence of shear cracking. 
After concrete shear cracking started, further increments of applied load were sustained 
by the internal links or the links and external strips; the difference between VWt (, P) and 
V,. is the shear force transferred to the links or links and strips. This assumes that no 
load is carried by the shear reinforcement before shear cracking starts, an assumption 
considered to be valid (Kong and Evans, 1987). The lowest shear span/depth ratios are 
associated with the greatest shear force transferred to the shear reinforcement although, 
in nearly all cases without bonded strips, the load transferred to the shear reinforcement 
was less than the shear capacity of the links, indicating that the links did not yield before 
plate separation. Therefore, although the series V I. Orn beams failed initially at the 
base of a shear crack, this was not caused by excessive crack opening due to the failure 
of the links at that position to carry further load. 
In the case of beam B1, with the standard internal shear provision, the difference 
between Vult (exp) and Vue exceeds Vlirlks, suggesting the shear reinforcement did yield. 
Vult (, xp) - V. is approximately 12% greater than Vlinks, not an unreasonably high 
difference given that V,. is made 25% more conservative by the safety factor, ym, of 
1.25. Clearly, the magnitude of VWt (eV) - Vur cannot exceed Vjinks in practice when no 
other shear reinforcement is provided. Therefore, it is reasonable to expect that V. was 
actually higher, due to strain hardening, or that the link yield stress of that particular 
beam was greater than the value of 350 NTa determined in Chapter 3. The omission of 
, p) - 
Vuc equal to 20.68 kN, lower than the link capacity of 23.75 kN, ym gives Vult (,, 
suggesting that the link spanning the widest shear crack at failure was nearly strained to 
capacity; the widest shear crack in this beam was at the end of the plate. 
The difference between Vult (,,,, p) and V,, is greater than VIjk-s for beam S2 also, this 
having had the bonded shear strips. In this case, Vult (ep) - V,. is 49% greater than 
Vjb, k,, far more than in the beam without strips, as expected. This magnitude of Vult (exp) 
- V. is 35.36 kN, a value that was carried by the combined resistance of the links and 
strips. Since the links and strips acted in parallel, their combined capacity of 43.01 kN 
was available to carry the 35.36 kN shear force after concrete shear cracking started. 
This post-cracking shear force represents 82.2% of the link plus strip capacity, indicating 
that the applied shear force approached the full shear capacity of the enhanced beam. 
However, for the 2.3m beam heavily reinforced internally in shear, beam S4, the post- 
cracking shear force represents only 24% of the high capacity of the large and closely 
spaced links, indicating that a shear-enhanced beam will not continue to reach a high 
proportion of its full shear capacity as this capacity increases. This finding is expected 
since the applied load will be limited to the value Corresponding to the critical bending 
moment at which plate separation is initiated near a load position. Under a high shear 
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span/depth ratio, this moment is reached at a low applied load so the shear reinforcement 
is not used efficiently since it is loaded to only a small proportion of its capacity. Ibis 
proportion was 21% for the 4.5m beam, B3, and 15% for the shear-enhanced beam, S 1. 
The present tests have shown, then, that the quantity of shear reinforcement aMcts the 
mode of plate separation under the shear span/beam depth ratio of 3.67. However, under 
the lower shear span/depth ratio of 3.14, Oehlers (1992) found that the shear 
reinforcement density has no effect on the failure mode of steel plated beams, this having 
been of the plate end peel type (Figure 4.10 (page 81)). The range of shear 
reinforcement densities considered by Oehlers (1992) was from 0.34 mm2/mm to 1.26 
mm2/mm. The absence of an effect of the shear reinforcement density, under low shear 
span/depth ratios in composite plated beams, has also been confirmed, values having 
ranged from 0.14 mm2/mm. to 0.94 mm2/mm under shear span/beam depth ratios of 2.62 
(Sharif el al, 1994) and 3.00 (Ritchie el al, 199 1; Quantrill el al, 1995). The absence of a 
shear reinforcement effect, when failure is dominated by plate end peel, is seen in the 
fact that the ultimate peeling capacity with links remains the same proportion of the 
capacity without links as the shear reinforcement density increases; this is because the 
peeling capacity of the member is dependent on the shear capacity of the concrete 
without shear reinforcement (0ehlers, 1992). 
4.4 Conclusions 
This Chapter has presented a number of fundamentally important issues related to the 
strengthening of reinforced concrete members using bonded CFRP plates. The basic 
findings of previous studies have been confirmed, namely that composite plate bonding 
generates significant improvements in ultimate capacity and that the stiffness of a 
member is increased, causing reductions in the maximum deflection and sectional 
deformation. In addition to these broad results, a number of specific conclusions can be 
drawn from the work, as outlined below. 
Ile initial I. Orn parameter study revealed results that lead to the following conclusions 
regarding the failure modes of plated beams without plate end anchorage: 
the widths of the concrete flexural cracks are reduced by plating and the cracks are 
located more closely in greater numbers, a reflection of the ability of the plate to 
transfer stress to the intact concrete between cracks so the intact material can 
contribute to the load carrying capacity; 
the addition of a bonded plate changes the failure mode of the beam from a ductile 
flexural form, characterised by high deflections and compressive fracture of the 
concrete, to a non-flexural failure characterised. by the separation of the plate due to 
failure of the concrete cover layer; 
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" when the ends of the plate are located near the beam supports under a shear span/ 
beam depth ratio of 3.00, the plate separation is characterised by shear cracking of the 
concrete followed by peeling of one of the plate ends; 
" the plate end peeling under low shear span/beam depth ratios is characterised by a 
reduction in the plate end strain magnitude, an effect not observed consistently under 
higher shear span/beam depth ratios; 
" before the reduction in the plate end strain magnitudes, the plate end, peeling mode of 
failure is associated with a relatively high plate tension, both at the end of the plate 
and throughout the rest of the failed shear span; 
" before this mode of plate separation occurs, the plate end strain rises at an elevated 
rate, with respect to applied load, when the member deformation increases more 
rapidly due to yield of the internal tensile reinforcement. The plate end strains 
become less sensitive to yield as the shear span/depth ratio increases, a finding 
attributed to the effect of shear lag; 
in keeping with the insensitivity of the plate ends under a high shear span/depth ratio, 
it is found that the peak average plate end shear stress becomes lower as the ratio 
increases, consistent with the reduction in shear flow over the long bond length 
towards the end of the plate; 
as the shear span/beam depth ratio increases at a constant shear reinforcement density, 
the position at which plate separation is initiated will move away from the end of the 
plate; 
with a shear reinforcement density of 0.55 mm2/mm, the shear span/beam depth ratio 
of 3.40 is associated with plate separation due to the vertical step at the base of a shear 
crack; 
" this type of failure is governed by the shear characteristics of the concrete section, 
comprising the shear strength of the intact and cracked concrete and the contribution 
of dowel action from the tensile rebars. While the cause of this form of plate 
separation is acknowledged, it remains to calibrate the failure mode so that a 
governing relationship, encompassing the various controlling parameters, can be 
established; 
" such calibration is necessary for the type of plate separation typical of high shear 
span/depth ratios also, for which the I. Orn cantilevers and the larger beams confirmed 
that failure occurs when the maximum bending moment reaches a characteristic 
value. In this case, calibration would entail the determination of this characteristic 
value for a range of dimensional and material property parameters; 
" under the shear span/beam depth ratio of 4.00, with a shear reinforcement density of 
0.55 mm2/mm, plate separation is initiated by the vertical opening at the base of a 
flexure-shear crack near a loading position. This failure occurs at a characteristic 
maximum applied bending moment for a given beam and plate configuration and 
material properties; 
" the vertical opening at the base of the shear or flexure-shear crack is associated with 
horizontal cracking along the base of the beam, becoming diverted into the adhesive 
and possibly causing adhesivelplate interfacial cracking, a phenomenon not 
associated with the lower shear span/beam depth ratio of 3.00; 
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the use of a GFRP plate confirmed that the failure mode of plate separation by the 
vertical shear step, under a shear span/beam depth ratio of 3.40, is unaffected by the 
plate modulus; 
the width of separated cover concrete will be equal to the full beam width throughout 
the failed shear span if the beam is plated over approximately its whole width, 
otherwise the separated cover width will become smaller towards the end of the plate. 
The following failure mode conclusions are drawn from the tests with plate end 
anchorage: 
when the plate ends are anchored, the shear strength of the concrete may become the 
limiting factor governing the ultimate capacity of the beam under a low shear span/ 
depth ratio, due to the elimination of plate end peel and the associated large increase 
in applied load; 
the failure mode is not affected by plate end anchorage when plate separation is 
governed by a vertical step at soffit level, either at the location of a shear crack or a 
flexure-shear crack; 
the plate end anchorage must take the form of a system securely anchored to or in the 
concrete member itself, rather than merely being bonded to the outside of the 
member; 
" the bolted anchorage system is the most practical and has the same effect on the 
failure mode as anchorage with a high clamping force under the beam supports; 
" under a low shear span/beam depth ratio, plate end anchorage is effective because it 
suppresses the normal component of plate end peel and prevents the shear component 
from damaging the concrete prematurely; 
" confidence can only be placed in the ability of the bolted anchorage to restrain the 
shear component if the bolts are placed through the composite plate via a bonded 
anchorage block. When the bolts are outside the plate width, there will be no 
guarantee that the plate will not slip; 
" the bonded anchorage block ensures the composite plate sustains no damage due to 
the introduction of the drilled hole which is associated with high localised stress 
concentrations. 
The following are the important conclusions regarding the strengthening and stiffening 
of beams due to plating without plate end anchorage: 
the difference in the plated member stiffness, between two different plate materials 
and/or cross sectional areas, is in direct proportion to the flexural rigidities of the 
beams rather than the axial stiffnesses of the plate. For this reason, an increase of x 
times in the axial stifffiess, 'EA', of the plate will result in an increase in member 
stiffness of less than x times; 
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" when plate separation is initiated by plate end peel, a wide plate is required to avoid 
the earlier failure caused by peel acting over a smaller width of concrete with 
narrower plates; 
" while a wide plate improves the ultimate capacity under this failure mode, the failure 
will be more brittle than with a narrow plate which will start peeling at an earlier stage 
in the loading range to failure; 
" under higher shear span/depth ratios, a wide plate is required in order to minimise the 
stress in the concrete at soffit level, caused by the downward shear-bond force acting 
on the plate due to the vertical step at the base of a shear or flexure-shear crack, 
" under all shear span/depth ratios, it is more important to maximise the plate width 
rather than the cross sectional area - ie. a wide plate will result in a greater ultimate 
capacity than a narrower plate of greater cross sectional area; 
" while the ultimate strengthening is dependent on the plate width rather than cross 
sectional area, the improvement in the serviceability and yield loads is dependent on 
the cross sectional area of the bonded plate, and the plate width and aspect ratio play 
no part in these pre-failure characteristic loads. The member stiffness is also 
dependent on the plate cross sectional area; 
" plated beams are associated with lower maximum deflections and section strains due 
to the increase in the flexural rigidity of the section, this increase being a maximum 
since the plate is positioned at the greatest possible lever arm in the section; 
" since the flexural rigidity becomes greater with increasing plate modulus, the member 
stiffness is improved more with a carbon composite plate than with a glass composite; 
the addition of the plate, which represents an extra layer of relatively high modulus 
material (compared with the concrete), causes a downward shift of the neutral axis, 
placing a greater depth of concrete in compression. This is an advantage since 
concrete performs best in compression. At a given applied load, the neutral axis is 
lowered more as the plate modulus increases; 
in addition to maximising the ultimate capacity, the use of as wide a plate as possible 
will ensure the maximum section rotation is minimised. The need for a wide plate for 
this purpose increases with a rising ratio of flexural to shear loading; 
the retention of the original member stiffness is greater for plated beams than for 
unplated members, and becomes greater as the ratio of flexural to shear loading 
increases. This is a reflection of the beneficial influence of plating on the flexural 
behaviour of a beam; 
the influence of plating on the flexural behaviour is made possible by the composite 
action between the beam and the bonded plate; 
the cross sectional area of the plate is small compared with that of the beam so the 
pre-cracking flexural rigidity of the section is not increased sufficiently to raise the 
applied load required to crack the concrete. The pre-cracking deflections and section 
strains also remain essentially unchanged; 
the strengthening due to plating becomes greater as the shear span/beam depth ratio 
increases, since the failure approaches a fully flexural form associated with cracking 
in a region of high bending moment, rather than with the plate end shear cracking 
typical of low ratios; 
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although plating causes improvements in the member stiffnesses and in the yield and 
ultimate capacities, the reserve of deformation after yield becomes lower, providing 
less visual warning that the yield and, therefore, the serviceability load have been 
exceeded. However, the reserve of load carrying capacity after yield becomes greater 
due to plating. The ductility by both deflection and applied load is greater with a 
GFRP plate than a CFRP composite; 
plating causes an increase in the applied load required to reach the serviceability limit 
state, although the serviceability deflection becomes lower. 
The study of beams with plate end anchomge leads to the following strengthening and 
stiffening conclusions: 
" plate end anchorage increases the strength of a concrete member by raising the post- 
yield structural stiffness, thereby ensuring a greater applied load is required to reach 
the critical deformation associated with plate separation; 
" the structural stiffness will only be raised by plate end anchorage if the composite 
action, between the beam and plate, is increased throughout the shear spans; 
" an improvement in composite action due to plate end anchorage will be achieved 
unless the comparable beam without anchorage experiences plate separation due to a 
vertical step at the base of a flexure-shear crack in a flexurally dominated region of 
the beam. This is a case in which the shear span/depth ratio is sufficiently high to 
ensure that shear is not transmitted in the adhesive as far as the plate ends, so that the 
anchorage is unable to be effective in reducing the horizontal movement of the plate 
ends relative to the concrete; 
" the adhesive is essential if composite action between the beam and plate is to be 
achieved, otherwise the plate will not be able to contribute effectively to the rigidity 
of the section; 
" although the anchorage has a negligible influence on the member stiffness under a 
high shear span/depth ratio, the anchorage is still required so that the plate may act as 
a 'net' under the beam in the event of failure; 
" the increase in the post-yield stiffness of the member is associated with a downward 
shift of the neutral axis, thereby placing more of the concrete section in the favourable 
mode of compression. 
The 2.3m and 4.5m beams served to provide confirmation of the smaller scale test 
results, in addition to generating the following further conclusions of plated beam 
behaviour: 
the bonded plate has a greater influence on the strain in the internal tensile rebars than 
on the maximum structural deflection, an important finding due to the influence of the 
rebar strain on the concrete crack widths; 
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as the shear span/beam depth ratio increases, the maximum section strains become 
greater, at a given applied load, and the bonded plate has less influence on the tensile 
strain in the internal reinforcement. Consequently, the difference between the 
reduction in rebar strain and maximum deflection becomes smaller, although the 
rebar strain is still reduced by a greater proportion than the deflection; 
at the serviceability load determined by the concrete or tensile rebar stress, the 
maximum structural deflection may exceed the serviceability deflection criterion if 
the shear span/depth ratio is high, indicating that the latter is the more important 
criterion for long members. The deflection will be kept within the serviceability limit 
by adhering to the BS 8110 requirement that the ratio of the span to the effective 
depth must not exceed 20; 
plate separation, under a shear span/beam depth ratio equal to or greater than 3.40, 
will be initiated away from the end of the plate if the shear reinforcement density is as 
much as 0.55 mm2/mm, but not if this value is as low as 0.38 mm2/mm. The latter 
value is low enough to allow shear cracking to propagate to the end of the plate, 
causing plate separation from that position instead. The threshold shear 
reinforcement density, at which failure starts to move away from the plate end, 
remains uncertain. 
In response to the influence of the shear reinforcement provision in the 2.3m plated 
beams, a number of beams were tested with more shear reinforcement, from which the 
following can be concluded: 
as the shear reinforcement density is increased, there will come a point beyond which 
ftirther increases cause no additional shift, away from the plate end, in the position at 
which plate separation is initiated; in the present tests, this value was 0.71 mm/mm. 
No further shift can occur once plate separation starts to be initiated in a region of 
predominantly flexural loading; 
when plate separation is initiated in such a flexural position, due to an elevated shear 
reinforcement density, plate end anchorage will have no influence on the structural 
stiffness, consistent with the behaviour under higher shear span/depth ratios with a 
lower shear reinforcement density; 
externally bonded steel strips are an effective method of increasing the shear 
reinforcement density since the strips behave as internal links. Consequently, their 
shear contribution may be determined as for links; 
the bonded strips increase the member stiffness by reducing the shear component of 
the deflection, thereby providing an externally bonded form of retrofitting that can 
add to the benefit of the externally bonded flexural reinforcement. 
It is acknowledged that a limited number of tests have been conducted in this study and 
that larger scale beams will need to be plated and load tested in order to verify the 
present results. To this end, the ROBUST project has included the testing of 18. Om long 
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beams removed from a bridge in need of replacement (ROBUST, 1996); the author has 
not been directly involved in this work but his finding, that the failure mode will not 
change with increasing shear span/depth ratio once the flexural form of plate separation 
has started, is confirmed under the shear span/beam depth ratio of 10.56 in these full 
scale members. The present Chapter has demonstrated a number of benefits and 
shortcomings of composite plate bonding and has highlighted the effects of several 
important parameters. As a result, the work forms a significant contribution to the 
current knowledge of the behaviour of members strengthened with initially unstressed 
plates. 
As stated at the beginning of the Chapter, initially unstressed plates are used for 
members that are able to sustain the stresses due to their own self weight but are unable 
to carry applied live loads without exceeding serviceability criteria. However, in 
seriously under-strength members, the plates may need to be prestressed to generate 
additional structural benefit; prestressing is the next step in the advancement of the 
composite plate bonding technique and is considered in detail in the next Chapter. 
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Table 4.27 Summary of the beam test parameters 
Beam Shearipan Shearip&Y'beam 
depth ratio 
Width 
Externally bordedplae 
Thic, 17irst Arpect 
(-4 rutio 
AMO 
emw) 
Cubestrength 
(111PO) 
Pkto old anchorage system 
1.0m be2ms 
At& 30D 3.00 90 0.50 ISO. 0 43.0 54.0 None 
Alb 340 3.40 90 0.50 190.0 4S. 0 54.0 None 
Albej_a 340 3.40 90 0.30 300.0 27.0 54.0 Nord 
Alb,,, 340 3.40 90 0.50 190.0 45.0 54.0 Plate -ends continued underbearn supports 
Albd-, 340 3.40 90 a50 180.0 45.0 54.0 Plate ends secured with mechardcally attached cL=ps 
Alb., j. 340 3.40 90 0.50 ISO. 0 45.0 54.0 Plus ends secured with qxterndly bonded CFR? angles 
Alc 400 4.00 90 Q50 190.0 45.0 54.0 None 
A2111 300 3.00 67 0.92 91.7 54-9 54.0 None 
. A-'L'2 30D 3.00 67 0.82 91.7 54.9 54.0 Nont 
A2313 300 3.00 67 0. r- 81.7 54.9 54.0 Nora 
ANS" 300 300 67 0. V. $1.7 54.9 54.0 Plate ends continLvd under beam supports 
A2b 340 3.40 67 0.92 $1.7 54.9 54.0 None 
A2bGMp 340 3.40 67 0.82 31.7 54-9 54.0 None 
A2b. p,, 340 3.40 67 0.82 81.7 549 $4.0 Plate ends continued under beam support3 
A2b,.,... dk 340 3.40 67 0.82 $1.7 54.9 54.0 Platt ends condntxd under beam suppom 
A2bb. k, 340 3.40 67 O. S2 81.7 54.9 54.0 Plats ends anchored by bob through the pkad 
AWI 400 4.00 67 0.1r. 81.7 54.9 54.0 None 
A-1402 400 4.00 all O. S2 81.7 54.9 $4.0 None 
AUX" 400 4.00 67 0.92 81.7 54.9 54.0 Plata ends continued undet be2m supports 
AU 300 3.00 47 1.13 41.6 53.1 54.0 None 
A3b 340 3.40 47 1.13 41.6 53.1 54.0 None 
A3b,,, 340 3.40 47, 1.13 41.6 53.1 54.0 Platt ends continued under bewn supports 
A3b.. M 340 3.40 47 1.13 41.6 53.1 34.0 Plate ends anchored by bolts beside plat# 
A3bkk., 340 3.40 47 1.13 41.6 53.1 54.0 Plate ends anchored by bolts beside plate 
Me 400 4.00 47 1.13 41.6 53.1 54.0 None 
2.3m bearns 
at 945 3.67 90 1,2S 70.3 113.2 47.0 None 
B2 945 3.67 90 1.29 70.3 113.2 47,0 None 
32 845 3.67 90 1.29 70.3 113.2 58.0 None 
S3 9: 5 3.67 90 1.2s 70.3 113.2 59.0 Plate ends anchored by bolts thiough the plate 
34 845 3.67 90 1.23 70.3 113.2 61.5 None 
33 845 3.67 90 US 70.3 1132 61.3 Plats ends anchored by bob through the plate 
, LSm bes ms 
03 1525 663 90 1.29 70.3 113.2 47.0 None 
31 1525 6.63 90 1.28 70.3 11S. 2 47.0 Nord 
I. Orn cantilevers 
Cal 300 3.00 67 0.82 81.7 54.9 64.3 None 
CAlkt, 300 3.00 67 O. S2 81.7 54-9 64.3 Plate ends anchored by bob Ovough the plats 
C92 400 4.00 67 0.82 81.7 549 64.3 None 
Ca) 465 4.65 67 OL V- $1.7 34.9 64.3 None 
C" 597 3.97 67 0.82 81.7 34.9 64.3 Nord 
w 772 7.72 6! 0.83 81.7 $4.9 61.3 None 
COWO 77-1 7.72 67 O. S2 81.7 54.9 64.3 Plats ends anchored by bolts through the plats 
IJai balf basins 
fit 1525 6.63 90 1.2s 70.3 115.2 47.0 None 
If: 1325 663 90 1.28 70.3 115.2 47.0 None 
fa 1525 6.63 90 1.28 70.3 113.2 47.0 None 
114 1525 6.63 90 1.28 7CL3 113.2 59.0 None 
1525 663 90 US 70.3 115.2 58.0 Plate ends anchored by bob through the plate 
V8 
Chapter 5 
Static tests of beams using initially stressed plates 
The strengthening and stiffening ability of externally bonded plates was seen 
experimentally in Chapter 4 using initially unstressed plates. It will now be shown that 
the method of rehabilitation using composite plates can be extended by prestressing the 
plates before they are bonded to the concrete. The advantages to be gained by this 
technique are highlighted by comparison with experimental results obtained using 
comparable non-prestressed beams. 
5.1 Introduction 
5.1.1 The principle of prestressing 
Kong and Evans (1987) described prestressed concrete as that in which 'internal stresses 
of such magnitude and distribution are introduced that the stresses resulting from the 
applied loading are counteracted to a desired degree'. In conventional prestressed 
concrete beams, the tensile stresses generated in the concrete by the applied loading are 
counteracted by compressive stresses established by the action of steel tendons whose 
tensile load reacts against the concrete. In practice, the tendons are located within the 
concrete, either cast into the concrete or positioned in ducts for pre-tensioned and post- 
tensioned construction, respectively. Therefore, when an external load is applied to such 
a prestressed member, the tensile cracking of the concrete will be restricted or 
eliminated, depending on the relative magnitudes of the applied load and tendon 
prestress. BS 8110 presents three categories of prestressed concrete, classes 1,2 and 3. 
These refer to the degrees of concrete cracking that occur under the serviceability load 
condition; class I prohibits any tensile stress, class 2 allows tension but no visible 
cracking, and class 3 allows surface crack widths no greater than 0.2mm in normal 
environments. 
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Prestressed concrete has significant advantages over reinforced concrete. The whole of 
the concrete section contributes to the load carrying ability of the prestressed member, 
whereas only the concrete above the neutral axis is effective in reinforced concrete. The 
use of curved tendon profiles enables part of the applied shear force to be carried by the 
tendons, thereby assisting the concrete and nominal conventional reinforcement in 
carrying the shear force. The widths of diagonal tension cracks are reduced by the 
precompression load transferred into the concrete by the tendon prestress. A given 
applied load can generally be carried by a lighter concrete section when the member is 
prestressed. This increases headroom and allows longer spans to be used (Kong and 
Evans, 1987). 
A significant advantage is gained by prestressing in segmental construction (Trinh, 
1990). This is due to the compressive strains generated by the prestress at the joints 
between segmental units, these locations experiencing high tensile strain in the absence 
of prestress. This high tensile strain is associated with high compressive strain at the top 
of a segmentally constructed member, resulting in failure by concrete crushing. 
Depending on the prestress magnitude, the likelihood of crushing at joints is either 
reduced or eliminated. 
Therefore, prestressing concrete members is a favourable technique in new construction 
when other cheaper systems are unavailable. However, the tendon prestress does not 
remain at its initial value throughout the life of the structure because various factors 
bring about prestress losses. One of the benefits of applying prestressed composite 
plates is that the original internal tendon prestress can be restored. This is necessary 
because the design of prestressed concrete members assumes the tendons to carry the 
majority of the tensile flexural load; only a nominal quantity of rebars is provided. 
Therefore, if the prestress loss is severe, the nominal tensile reinforcement will be unable 
to contain concrete crack widths to within the serviceability limit and the permissible 
applied load level will be reduced. The causes of prestress losses are considered next. 
5.1.2 The causes of losses in tendon prestress 
When designing conventionally prestressed concrete members, allowance needs to be 
made for the following prestress losses; the typical percentage of the originally applied 
prestress lost through each cause is indicated in brackets for post-tensioned construction 
(Kong and Evans, 1987): 
- relaxation of the tendons (50/o); 
immediate elastic deformation of the concrete that occurs when the tendon prestress is 
transferred into the beam (2 - 3%). Tendons that have already been prestressed will 
experience a loss of prestress due to the shortening of the beam upon the prestressing 
of subsequent tendons; 
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" creep and shrinkage of the concrete under the compressive prestress over the service 
life of the structure (10 - 20%); 
" slippage of the tendons at their end anchorages that occurs when the prestress is 
transferred into the anchorages; 
" friction between the tendon and its duct in post-tensioned members, this being less of 
a problem in simply supported beams with fairly flat tendon profiles (I - 2%) but 
more severe in continuous beams with their more profiled tendons (10% or more). 
Prestressing with externally bonded plates is also subject to prestress losses by 
immediate elastic deformation and long term creep of the concrete, although friction 
losses do not apply. As with tendon losses due to settlement and deformation at the end 
anchorages, bonded plates suffer a prestress loss due to the shear transferred through the 
adhesive and into the concrete by the plate tension. This shear action is sufficient to 
fracture the concrete even at low prestress levels so it is necessary to install end 
anchorages to resist this action; the subject of plate end anchorages is considered in 
sections 5.3.2 (page 195) and 5.4.1 (page 198). 
5.2 External prestressing 
5.2.1 Conventional methods 
The principles of conventional prestressed concrete apply also to externally prestressed 
members, in which the prestressing force acts outside the concrete. The external post- 
tensioning of structures has been practised for several years (Anon., 1964). This method 
involves the tensioning of high strength steel cables by reacting against the structure to 
be reinforced. The technique has been one of the major trends in construction in recent 
years (Virlogeux, 1990); it evolved in Germany, Belgium and France and the first 
application was in Germany in 1936. The reasons for its development included the need 
for a simple way of enhancing the load carrying capacity of existing structures with 
corroded internal prestressing tendons and a method that would avoid closing the 
structure during strengthening (Bruggeling, 1990). 
An improvement in the range of elastic behaviour, ultimate capacity and fracture 
behaviour are benefits gained from this technique. A reduction in structural material 
weight and improved fatigue behaviour also result from external prestressing, as noted 
by Saadatmanesh and Albrecht (1989a) for steel-concrete composite beams. However, 
various problems are associated with the method, both at the time of construction and 
during the service life. These include the need to maintain the lateral stability of girders 
during post-tensioning and the need to protect the cables against corrosion (Char et al, 
1994). 
External prestressing can be applied to new and existing structures. For example, the 
ultimate capacity of an existing steel-concrete composite beam in need of deck 
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replacement may be increased by prestressing the steel girders when the deck is being 
replaced (Saadatmanesh and Albrecht, 1989a). Fatigue behaviour is improved because 
prestressing the tension flange of a beam reduces the tensile component of the stress 
cycle (Saadatmanesh and Albrecht, 1989b), thereby delaying or preventing fatigue crack 
initiation and growth in steel girders or reinforcing bars in concrete. 
5.2.2 External prestressing with composite plates 
It is clear, then, that external prestressing is not a new concept and that it provides 
structural benefits throughout the life of a structure. The benefits of external prestressing 
using polymeric composite materials have been investigated only relatively recently. 
The requirement for further work in this field arises from the need to exploit the ease 
with which composites may be handled and applied, and the significant benefits gained 
from both the durability and structural points of view. 
When used in pre-tensioned structures, the tendons experience stress concentrations due 
to concrete cracking, possibly leading to fracture of the tendon as a result of the low 
tensile strain to failure of composite materials; this problem would be less severe if 
GFRP materials were used because these have relatively high ultimate strains, but the 
overall structural stiffness improvement is lower with GFRPs than CFRPs. The problem 
can be avoided by placing the tendons externally, in which case the tensile load is 
distributed uniformly along the tendon length. Mutsuyoshi and Machida (1993) found 
aramid and carbon fibre reinforced polymer tendons to give a beam stiffness at least as 
great as that provided by steel tendons. A tri-linear tendon profile was achieved using 
two externally mounted guides, as has typically been done with steel tendons in order to 
provide a shear contribution. This presented the problem of stress concentrations at the 
guides, such that tendon fracture occurred at only 80% of the tensile capacity. 
Although bonded plates do not experience this disadvantage, their contribution to the 
shear carrying capacity of the member is lower due to the absence of a calculated profile. 
However, the method of prestressing with plates is potentially simpler because no guides 
need to be mounted on the sides of the structure to achieve a profile. Also, the method 
can be applied to slabs, in which case plates are as effective as tendons because tendons 
cannot be externally profiled on slabs. Another advantage of plates, arising from the fact 
that they are bonded over their full length, is that composite action between the plate and 
concrete member is maintained, thereby providing the maximum structural stiffness 
improvement possible with the particular plate material adopted. As was seen in Chapter 
4 with beam A2bsupp., no adh., a plate bonded at 
its ends only does not provide full 
composite action so the concrete section experiences far greater rotation than would be 
the case if the plate were more involved in resisting the internal moment couple. 
The application of externally bonded prestressed plates involves four main stages, viz: 
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" the prestressing of the plate to that initial force, Pilit, which provides the required long 
term prestress after losses have been taken into account; 
" the bonding of the plate to the concrete member; 
" the installation of plate end anchorages that will resist the forces tending to fracture 
the concrete when the prestress is subsequently transferred into the member and when 
the member is subjected to an externally applied load; 
- the transfer of the plate prestress into the concrete. 
These stages are represented schematically in Figures 5.1 a-d. These Figures show that 
the prestressing force is not released until after the plate end anchorages have been 
installed. The anchorage shown in the Figure is a bolted system, although various other 
types may be applied in the laboratory as will be seen later. The release of prestress 
places a hogging moment on the beam (if plated on its soffit) which may be sufficient to 
crack the top of the concrete in an experimental beam. Figure 5.2 shows the system of 
forces and moments acting on the beam after the prestress has been released; P is the 
prestress after the plate tension has been transferred into the concrete section - ie. the 
effective prestress. 
The action of the prestressing force, P, is equivalent to the combination of an axial force 
(Figure 5.2a) and a bending moment (Figure 5.2b) that opposes the bending moment due 
, If 
(Figure 5.2c). The concrete at the top of the beam to the self weight of the member, Ke 
will be in tension if the tensile flexural stress at that level, due to the moment Re, 
exceeds the compressive stress due to the force, P, and the moment, Melf. The axial, 
bending and combined stresses due to prestressing are shown in Figure 5.3, where A is 
the cross sectional area of the section and Z is the section modulus. This Figure excludes 
the self weight stresses since it is assumed these are small in comparison with the 
stresses due to prestress transfer. 
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Ilk 
a: Plate prestress applied 
i1 -0- Pi. it I 
Pinit 
b: Plate bonded to beam 
--40- pi"it 
Figure 5.1 The four main stages in the prestressing operation 
c: Plate end anchorage fitted 
(bonded bolt shown. but vanous 
systems possible, as shown in text) 
d: Prestress released 
(experunental beam may crack but 
probably would not in practice) 
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- ------------ -------- ---- Mýaf 
b. Bending moment c. Self weight 
Figure 5.2 The combination of forces and moments established by prestressing 
P2-e"Z 
P /A PI. e/z 
I 
Uw plate prestress ED Low plati 
Low plate prestress 
- Hijh plate prestress 
High plate prestress 
Centroid level 
High plate prestress 
ee 
P, /A PI. e/Z 
Axial stresses Bending stresses Combined stresses 
ED Tensile stress 
eCompressive stress 
Figure 5.3 The stresses established in the concrete by prestressing the plate 
5.3 Previous studies of external plate prestressing 
5.3.1 Improvements in global structural performance 
e 
The use of prestressed composite plates for strengthening concrete members has been 
studied only relatively recently in comparison with investigations of non-prestressed 
plates, although the benefits of external prestressing with plate materials have been 
recognised for many years. For example, Peterson (1965) considered the external 
prestressing of timber beams using prestressed steel sheets and found significant 
improvements in bending stiffness and ultimate capacity. External prestressing with 
composite plates also provides these benefits as well as cost savings; Triantafillou and 
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t-restress cmTreiine 
a. Axial force 
Plevris (1991 a) noted that this method of prestressing is a more economical alternative to 
conventional prestressing methods used in new construction. 
Initial research on the strengthening of reinforced concrete beajrns by external plate 
prestressing at EMPA in Switzerland has been widely reported (Meier el al, 1992,1993a, 
1993b; Deuring, 1993; Meier, 1994a, 1994b). This work included the cyclic loading of a 
beam whose plate was prestressed to 50% of its strength; although this prestress ensured 
the mean stress level in the cyclic loading was high, there was no evidence of damage to 
the plate after 30 million cycles and the cracking of the concrete was well controlled. 
The non-prestressed beam loading tests reported by Deuring (19933) revealed failures by 
the initiation of plate separation from the base of a shear crack, similar to that 
represented in Figure 4.47 (page 141) for the shear span/depth ratio of 3.40 in the I. Om 
beams tested in the present study. It was found that the compression transferred into the 
concrete by the plate prestress could delay or even prevent this type of failure, thereby 
allowing the plate to reach its ultimate tensile strain so that the beam failed in flexure 
rather than by premature plate separation (Deuring, 1993). The ability of the plate to 
alter the failure mode from premature plate separation to flexure is influenced by the 
prestressing force and the cross sectional area of the plate. One of the conclusions of the 
work was that the greatest flexural resistance of a strengthened section is reached when 
the plate fractures in tension, either after or at the same time as yield of the internal steel 
rebars. 
Saadatmanesh and Ehsani (1991) conducted an experimental study of the strengthening 
of reinforced concrete beams using non-prestressed and prestressed GFRP plates. One 
of the two prestressed beams contained a relatively small amount of internal tensile steel 
reinforcement, while the other contained larger bars and was pre-cracked prior to 
bonding of the plate. The plate prestress in the pre-cracked case closed some of the 
cracks, indicating the benefit of prestressing from a serviceability point of view. The 
beam with little original reinforcement before plating experienced a large improvement 
in ultimate capacity due to the additional moment couple provided by the plate prestress. 
In both cases, the prestress was generated by cambering the beam before bonding the 
plate so that a tensile load was transferred to the plate when the camber was released. 
improved concrete crack control was observed with the prestressed plates, a clear 
advantage from a serviceability point of view. A previous experimental study by Ehsani 
and Saadatmanesh (1990a) also included the prestressing of a beam by cambering; this 
particular specimen had a low internal reinforcement area ratio of 0.32% (based on 
effective depth) so a very high increase in ultimate load (3323%) was observed as a result. 
The GFRP plate was not anchored at its ends and failure occurred by premature plate 
separation associated with the removal of a layer of concrete from the tension face of the 
beam. 
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Triantafillou et al (1992) tested reinforced concrete beams in three point bending with 
various quantities of internal reinforcement and magnitudes of CFRP plate prestress. 
Improved control of concrete cracking was brought about not only by a greater internal 
reinforcement provision, but also by higher plate prestress, indicating the serviceability 
advantage gained by prestressing the composite. It was noted that prestressed composite 
plates can potentially act as the sole tensile reinforcement in new concrete construction, 
and prefabrication is also possible due to the simplicity with which composites may be 
handled and applied. The confinement imposed by the initial compressive stress at the 
base of the beam was thought to be capable of improving the shear resistance of the 
member. Also, an advantage from a material cost point of view is that the same 
strengthening to failure may be achieved with a prestressed plate of relatively small cross 
section, as that achieved with a larger non-prestressed plate (Triantafillou et al, 1992). 
Char el al (1994) conducted an analytical parameter study to determine the effects of 
varying the cross sectional area and material type of the composite plate and the prestress 
in the plate. The parameter study revealed that prestressing a GFRP plate would not 
necessarily increase the ultimate moment capacity over that of a beam with a non- 
prestressed plate, for the particular beam configuration and prestress level considered. 
This was because both the non-prestressed and prestressed beams failed by plate 
fracture. It will be shown in the present study that prestressing with CFRP plates 
increases the ultimate capacity of a beam but the magnitude of the increase depends on 
the similarity or difference between the failure modes of the beams with and without 
prestress; the failure mode of the prestressed beam depends on the prestress magnitude. 
Wight et al (1995) reported encouraging data on the strengthening and stiffening 
achieved with prestressed CFRP plates. The control of concrete crack widths and 
numbers of cracks was improved by prestressing the plates. The beam with a non- 
prestressed plate failed by concrete fracture in the cover thickness within one of the shear 
spans of the four point loaded beam, whereas the prestressed beams failed by plate 
fracture in the constant moment region. The compression generated in the concrete near 
the beam soffit, due to the plate prestress, was sufficient to reduce the magnitudes of 
vertical displacements across shear cracks and to transfer failure into the plate, a finding 
recorded in the present study also. The avoidance of concrete failure in the shear spans 
was associated with a much improved ultimate load. 
5.3.2 Studies of the need for plate end anchorage 
The above review has shown that beams strengthened with unanchored prestressed 
plates usually fail by fracture in the layer of concrete cover to the internal rebars, a 
typical mode in non-prestressed beams also. However, the onset of premature plate 
separation in this way occurs earlier in the loading range of a prestressed beam because 
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the plate is already under tensile load before external load is applied, so the system of 
stresses tending to fracture the concrete exists at zero applied load. For this reason, it is 
necessary to install some form of anchorage at the ends of the plate so that concrete 
fracture is avoided when the prestress is transferred into the beam and when the beam is 
subsequently loaded. 
Meier et al (1992) noted that concrete fracture at the ends of the plate occurs even at low 
prestress levels due to the development of high shear stresses by the transfer of the plate 
tension into the beam. Tests by these authors showed that CFRP plates may cause such 
shear fracture when the prestress exceeds 5% of the plate strength. However, in order to 
achieve a technically and economically rational prestressing system for structures in 
service, prestress levels of the order of 50% must be considered (Meier et al, 1992). 
Triantafillou and Deskovic (1991) analysed the stresses developed in the adhesive and 
concrete at the end of the plate when the plate prestress is transferred into the beam. It 
was assumed that the governing mode of deformation in the adhesive is shear and that all 
materials involved are linear elastic, the failure of the plate end region is controlled by 
the lower of the strengths of the adhesive and concrete. In concrete members, the shear 
strength of the adhesive is the greater but the beam material may have a higher shear 
strength in timber members, for example. Figure 5.4 depicts the shear fracture in the 
concrete, in which the end region BC behaves nonlinearly due to the softening response 
of concrete in shear (Triantafillou and Deskovic, 1991); -cc* is the shear strength of the 
concrete. 
1'r * 
Figure 5.4 Plate/concrete interface shear stress distribution after prestress release 
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The analysis found an expression for the magnitude of the initially applied plate prestress 
that would be just sufficient to cause the onset of the shear fracture shown in Figure 5.4. 
It was concluded that, for a normal strength concrete beam, the critical prestress level is 
between four and five times lower than for a timber beam. Various methods were 
suggested for increasing the allowable prestress, such as increasing the thickness of the 
adhesive or improving the local shear strength of the concrete in new construction by 
including short fibre reinforcement; however, the first of these suggestions will not be 
practical and the second impossible in existing structures, so the installation of an 
additional anchorage system is necessary. 
Triantafillou and Deskovic (1992) prestressed timber beams with CFRP sheets and used 
their previously developed analysis to find the maximum initial prestress that would 
initiate a shear failure in the wood. The discrepancy between analytical and 
experimental data ranged between 11% and 17.5% for different prestress levels. While 
the authors concluded that their limited data added confidence to the suitability of their 
analytical method, it is likely in practice that the required prestress level will be 
somewhat greater than that which causes a shear failure, so an anchorage system will be 
needed. The analysis was applied to concrete beams by Triantafillou et al (1992) who 
found that the horizontal shear crack propagated until the remaining length of intact 
bonded concrete was just sufficient to sustain the originally applied prestress. These 
authors then load tested concrete beams with plates prestressed to between 75% and 98% 
of the calculated value required to cause plate end fracture in the concrete. All beams 
failed by CFRP peeling at the plate ends, followed by compressive failure of the 
concrete. It was concluded that beams prestressed in this way exhibit superior stiffness 
and strength which can be maximised with the use of plate end anchorages. Karam 
(1992) also analysed the plate end region of prestressed beams and found that, for a 
given prestress level, the likelihood of fracture is minimised by increasing the cross 
sectional area of plate towards the ends, either by increasing the thickness or flaring the 
sides of the plate in the plane of the soffit, although these results were not confirmed 
experimentally. 
Therefore, there is clearly a need for anchorage at the ends of the plate in order that the 
improved stiffness of a prestressed member may be realised up to the full flexural 
strength of the section. In the experimental beam tests conducted in the present work, 
plate end anchorage was applied in all prestressed cases so that the responses of the 
beams to prestress transfer could be observed and the subsequent responses to applied 
load could be studied in the absence of plate end concrete failure. 
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5.4 Experimental work 
The experimental testing in the prestressing prognunme was undertaken in the following 
two stages: 
"a basic study of the plate end concrete fracture that occurs upon prestress transfer in 
the absence of anchorage, and 
" static loading tests to failure of reinforced concrete beams strengthened with 
prestressed plates. 
The plate end concrete fracture in the absence of anchorage was first investigated using 
small scale concrete specimens so that a better appreciation could be gained of the 
cracking effects that occur upon prestress release, and so that the prestress levels 
required to cause cracking could be determined. The beam load tests enabled the 
structural benefits of prestressing to be observed for a range of specimen sizes, thereby 
identifying the influence of the test scale. 
5.4.1 Initial small scale prestressing investigation 
5.4.1.1 Test configuration and procedure 
Concrete blocks of 13 Omm length and I 00mm square cross section, reinforced internally 
with three rebars in the same configuration as the tensile reinforcement in the Lom 
beams (Figure 3.8 (page 54)), were used for these tests, as shown in Figure 5.5. The 
blocks were easy to handle and prepare and allowed this study to be undertaken without 
using finiher beams than the large number already manufactured for the non-prestressed 
and prestressed beam testing programmes. The blocks were made from the University 
concrete mix described in section 3.1.1 (page 3 1). Since the blocks were not subjected to 
loads normal to the test faces, only a nominal quantity of internal shear reinforcement 
was provided; this consisted of three equally spaced links per block, sufficient to locate 
the rebars. CFRP and GFRP coupon samples, of 300mm length and 25mm, width, were 
prestressed and bonded centrally to the concrete using either aI mm or 2mm thick layer 
of the Sikadur 31 PBA, described in section 3.1.4.1 (page 39). The purpose of using two 
different adhesive thicknesses was to determine whether or not this parameter has any 
effect on the extent and severity of the concrete cracking during prestress release. The 
two different composites were used to determine the influence, if any, of the different 
moduli of elasticity. The material used was that of the 0.82mm by 67mm CFRP and the 
0.64mm by 65mm GFRP plates used in the I. Om non-prestressed beam testing 
programme of Chapter 4. Two tests were conducted with each concrete block, one on 
each of two opposite faces, so three internal rebars were provided under each test face, as 
Figure 5.5 shows. The adhesive bond line stopped at a distance of 12mm from each end 
of the concrete block. In addition to observing the cracking that occurs upon prestress 
transfer into the concrete, these tests allowed observations to be made of the cracks that 
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initiate plate separation by plate end peel in beams with non-prestressed plates; the 
cracking effects at soffit level are difficult to observe in beam loading tests. The ends of 
the concrete block were unrestrained in each test. 
25mm 
6mm intemal bars 
6mm intemal bars 
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16mm cover 
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Figure 5.5 Specimen and loading configurations for initial prestressing trials (ends A 
and B referred to in text below) 
The concrete and composite surfaces were prepared for bonding by gritblasting and peel 
ply removal, as described in sections section 3.2.2.1 (page 58) and section 3.2.2.2, 
respectively; 'Ballotini' was used to create the desired adhesive thicknesses. The 
composite materials were placed in a 'Hounsfield' tensometer with a capacity of 20 kN 
and the adhesive was applied by palette knife to the prepared surface. After applying 
adhesive also to the concrete test face and placing the 'Ballotini' in the adhesive, the 
block was raised on a scissor lift to the level of the now stressed composite; bonding 
pressure was applied by continuing to raise the lift until adhesive was no longer seen to 
be displaced from between the concrete and composite surfaces. After the adhesive had 
been allowed to cure for at least 24 hours, the composite tension was slowly released 
until no load was applied by the tensometer, the concrete crack development was 
observed throughout this stage. A recording of the cracking was made immediately after 
load transfer and some days later, the second of these observations was made to check if 
finther cracks appeared, or if existing cracks propagated, due to the tension still in the 
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plate over its bonded length. 
The GFRP composite of one test specimen was loaded in tension to the 20 kN capacity 
of the 'Hounsfield' tensorneter after the prestress release test was conducted. This latter 
loading was intended to provide information on the concrete, adhesive and interfacial 
cracking behaviour that might be experienced by a bearn strengthened with an externally 
bonded prestressed plate. The conditions in an externally strengthened beam were not 
represented exactly in this test since the plate transferred load into the concrete, rather 
than the reverse case in a plated member, but the adhesive was placed in shear as would 
be the case in practice. It was felt the nature of adhesive and/or interfacial cracking 
responses needs to be recognised since the adhesive in a prestressed member is placed 
under additional shear due to the tensile load transferred through the adhesive during 
prestress release. 
5.4.1.2 Results 
Table 5.1 lists the values of the parameters used in each test. These tests were intended 
to be mainly qualitative so a large number of tests was not conducted. 
Table 5.1 Parmneters, adopted in the initial prestressing trials 
Test no. Adhesive thickness Initial tension Composite material 
(MM) (W 
116 GFRP 
214 GFRP 
314 GFRP 
416 CFRP 
516 CFRP 
626 CFRP 
It was difficult to estimate the widths of the concrete cracks but it was clear that they 
were wider in tests 1,4,5 and 6 than tests 2 and 3- ie. the crack widths were sensitive to 
a slight increase in prestress level. In all cases, the composite peeled away from the 
concrete prism during the release of the tensile load. Figure 5.6 shows the pattern of 
cracking at end B of the concrete block (Figure 5.5) in tests 4 and 6 with the CFRP 
material and test 2 with the GFRP; the pattern for test 4 was seen again in test 5 and the 
patterns for tests 2 and 3 were also similar. 
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Figure 5.6 Typical surface cracking patterns (not to scale) 
The lengths of the cracks in tests 2 and 3, with the 4 kN initial prestress in the GFRP 
plate, were as long as those in tests 4 and 5 with the CFRP plate and the higher prestress 
of 6 kN, suggesting that higher modulus plates cause less extensive cracking upon 
prestress release from a given initial tension. Since a limited number of tests were 
conducted with only two initial prestress levels, it is not confirmed that this is generally 
the case. However, the previous analytical methods mentioned in section 5.3.2 (page 
195) concluded that the cross sectional area of a plate with a given modulus must 
increase hyperbolically towards the free end of the concrete in order to keep the shear 
stress and strain in the concrete and adhesive below their elastic limits. An alternative 
way of interpreting this analytical conclusion is that the axial stiffness, 'EA', of the plate 
must increase towards the end. In the present tests, this quantity was greater for the 
CFRP plate than the GFRP material since the modulus of the CFRP was approximately 
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three times greater than that of the GFRP, as determined in the characterisation tests of 
Chapter 3. No new cracks or further propagation of existing cracks was seen one week 
after prestress transfer. Also, no cracks were found in the adhesive or at either of the 
adhesive interfaces. 
Figure 5.6 shows that the cracks propagated from the edge of the spew fillet at the end of 
the adhesive layer, this fillet was not formed by hand but occurred due to the application 
of the bonding pressure. The cracks were shortest in test 6, with the 2mm thick adhesive 
layer. It would be necessary to conduct several fin-ther tests to determine, with 
confidence, that this thickness effect is consistent, but it is thought the thicker adhesive 
experienced a greater maximum shear deformation so more of the original plate tension 
was lost through adhesive shear. The crack paths followed the aggregatelcement 
interfaces. By breaking the plate away from the prism, thereby removing a layer of 
surface concrete, it was seen that the depth of cracking at the end of the bond line was of 
approximately 2mm maximum magnitude. 
Table 5.2 shows the load levels at which concrete cracking was first detected audibly 
and/or visually during the release of the prestress. In their study of the maximum 
prestress that may be sustained before concrete shear fracture, Triantafillou and 
Deskovic (1992) and Triantafillou et al (1992) calculated this quantity as the difference 
between the initially applied prestress and the prestress at concrete failure; the last 
column of Table 5.2 gives these maximum achievable prestress levels for the present 
tests. 
Table 5.2 Prestress values to calculate maximum achievable prestress 
Test no. Adhesive thickness 
(MM) 
Inilialtension 
(kA9 
Tension at 
failure (W 
Max achievable 
pmstress (kV 
11 6.0 5.1 0.9 
2 1 4.0 3.2 0.8 
3 1 4.0 3.0 1.0 
4 1 6.0 4.7 1.3 
5 1 6.0 4.6 IA 
6 2 6.0 4.5 1.5 
The 2mm thick adhesive layer (test 6) was associated with a slightly higher achievable 
prestress than the comparable specimens with the Imm, layer (test 4 and 5), possibly 
because more load was transferred through adhesive shear in the thicker case. The 
GFRP material was generally associated with a lower maximum achievable prestress. 
This is consistent with the observation of longer cracks using the GFRP plate since, with 
this material, there was a greater applied load remaining to be transferred into the 
concrete after the initial onset of cracking. Test I and tests 2 and 3 were identical in 
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every respect except the initially applied plate tension; this was lower for tests 2 and 3 
but all three tests still gave a similar maximum achievable prestress, as would be 
expected for a constant concrete strength (36.3 NTa). 
The maximum achievable prestress levels in Table 5.2 relate to the 25mm wide 
composite samples used for these tests, but the 1.0m, 2.3m and 4.5m beams that were to 
be prestressed in the beam study would use plates of 67mm and 90mm widths for the 
1.0m and larger beams, respectively. As an estimate of the achievable prestress levels in 
the beams, it was assumed that the shear stress causing failure is a constant value so that 
the beams could be treated as a linearly larger scale version of these prism tests. An 
adhesive thickness of 2mm was to be used in the prestressed beams and the load per unit 
width of plate corresponding to the maximum achievable prestress of test 6 was 60 NI 
mm; when scaled up to the wider plates, this represents a maximum achievable prestress 
of 4.02 kN and 5.40 kN for the 67mm and 90mm. wide plates, respectively. Since it was 
intended to apply much higher plate tensions in the beam tests, the use of plate end 
anchorage would clearly be essential. 
After the period of one week following test 1, the plate of this specimen was loaded in 
tension to the full 20 kN capacity of the loading device. During this loading stage, 
cracking was detected visually and audibly in the concrete, adhesive and at the adhesive/ 
GFRP interface, but it was difficult to identify the loads at which these cracks occurred. 
However, the GFRP was sufficiently thin and opaque to enable the propagation of pale 
areas beneath the composite to be observed; these are shown as areas I-6 in Figure 5.7 
which represents the cracks at the load of 20 W. The composite was manually broken 
away from the concrete after the load was released again and it then became apparent 
that the pale areas were zones of adhesive/plate interfacial cracking; these areas were not 
evident after the initial loading to 6W in test 1. Figure 5.7 shows also the cracks 
emanating from the sides of the composite towards the edges of the concrete prism; at 
the ends of the prism, these cracks were diagonal which is consistent with the onset of 
failure by the removal of a pyramid of concrete at these positions. It is thought this type 
of failure was imminent because the ends of the prism were unrestrained; if the ends had 
been restrained in the direction of the applied load, the failure of a thinner layer of 
surface concrete would have been expected. 
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Figure 5.7 Cracking pattern at 20 kN in specimen previously used for test 1 
Cracks were found to have occurred through the thickness of the adhesive and some of 
these propagated along the adhesive/plate interface; their locations were not related to 
the pale areas so they were in addition to the interfacial cracking in the bond under the 
plate. 
5.4.1.3 Discussion 
It is clear that concrete fracture during prestress transfer cannot be avoided when 
applying a plate prestress above a very small value. The adhesive and its interfaces 
remain intact during transfer because the concrete is the weaker component of the joint. 
The concrete cracks follow the weakest paths which are governed by the locality of 
aggregate particles. A lower axial stiffness of plate causes more severe cracking during 
prestress transfer and is associated with a lower load to cause concrete cracking. 
However, it will be seen in Chapter 9 that, in a non-prestressed beam under applied load, 
a reduction of plate axial stiffness (ie. by reducing the plate modulus and/or cross 
sectional area) causes plate separation at a higher applied load because the stresses in the 
concrete at the end of the plate are reduced; this has been found experimentally, 
analytically and numerically to be the case. Therefore, there is a fundamental 
disagreement between these two cases. This disagreement arises because the shear stress 
concentration in the adhesive (and, therefore, the concrete) upon prestress release 
becomes lower with decreasing initial strain in the composite - ie. with increasing 
composite modulus, whereas the plate end stress concentration rises with increasing 
mismatch in the modulus of the plate and concrete in non-prestressed beams. 
It was found in the I. Om beam tests of Chapter 4 that the width of concrete removed 
during plate separation by plate end peel is similar to the plate width at the end of the 
plate when the plate does not occupy a large proportion of the beam width. It was 
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suggested that the reason for this similarity in widths is that the concrete cracked at soffit 
level along the aggregate/cement interfaces adjacent to the edges of the plate in a short 
length at its end, these interfaces having formed the weakest path. It was difficult to 
confirm this during loading in the beam tests but the present prism tests confirm that the 
concrete does indeed crack along this weakest path adjacent to the plate edges when 
plate peel is prevalent. 
Figure 5.7 shows that extensive concrete cracking at the soffit of a plated beam and 
adhesive cracking may occur under applied load. Cracking through the thickness of the 
adhesive was indeed found under shear span/bearn depth ratios larger than 3.00 in the 
non-prestressed beam testing programme of Chapter 4. However, it was not possible to 
observe the occurrence of adhesive/plate interfacial cracking over the width of the plate 
because the CFRP plates were not opaque, although it is now seen that such interfacial 
cracking may have occurred in the beams. The pale zones 1,2 and 6 in Figure 5.7 
confirm that the interfacial cracks may not necessarily propagate as far as the edges of 
the plate. A length of adhesive/plate interfacial cracking was seen at the edge of the plate 
in beam SI in Chapter 4, although its width of propagation across the plate width was 
uncertain; the pale areas 3 and 4 in Figure 5.7 confirm that this interfacial separation may 
extend only a short distance across the plate. 
Therefore, this subsequent loading of the test 1 specimen allowed cracking effects to be 
observed more clearly than is possible in beam loading tests. Cracking through the 
thickness of the adhesive may occur in non-prestressed beams and the beam tests 
described below allowed the occurrence or absence of adhesive cracks to be observed 
when the plate is prestressed. 
5.4.2 Static loading tests of beams with prestressed plates 
5.4.2.1 Introduction 
The non-prestressed beam loading tests of Chapter 4 have shown that externally bonded 
composite plates are effective in significantly improving the stiffhess and load carrying 
capacity of a reinforced concrete member (both at the serviceability and ultimate limit 
states). The additional benefit gained by prestressing the plate is now shown by way of 
similar four point bending tests. The principal objective of the prestressing tests was to 
determine the influence of plate prestress on the failure modes of reinforced concrete 
beams and on their structural behaviour throughout the loading range to failure. 
As in the non-prestressed beam tests, it was necessary to gain information on the 
technique rapidly and at an early stage in the work, so I-Om beams were tested first 
before progressing to the larger 2.3m and 4.5m length members. The prestressing 
procedure in the larger beams required rapid working to complete the tensioning of the 
plate and the bonding operation before the adhesive became unworkable; the I. Om 
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beams enabled the necessary experience to be gained for this task. The methods of 
surface preparation applied for the concrete and plate were the same as those described 
in sections section 3.2.2.1 (page 58) and section 3.2.2.2, respectively. The lower 
structural stiffness associated with GFRP plates was seen in Chapter 4 with the I. Om 
beam A2bGFRp, so no prestressing was undertaken with GFRP plates. The CFRP plates 
used in the I. Om and larger beams were the 0.82mm by 67mm prepreg and 1.28mm by 
90mm pultruded composites, respectively. 
It was found in the non-prestressed beam tests that the 340mm shear span (ie. shear span/ 
beam depth ratio = 3.40) was associated with plate separafion initiated at the base of a 
shear crack in one of the shear spans, as shown in Figures 4.12 (page 83) and 4.13 (page 
84). In order to investigate the possibility of eliminating this mode of separation using 
plate prestress, it was decided to use the same length of shear span in the I. Orn 
prestressed beams. The use of the 300mm. and 400mm shear spans in the I. Orn 
prestressed beams was precluded by the extra time and beams that would have been 
necessary. However, the testing of prestressed 4.5m four point bending specimens and 
2.3m half beams (Figure 4.56 (page 167)) allowed the prestressing of a high shear span/ 
depth ratio to be studied. Furthermore, a 2.3m beam with the standard shear 
reinforcement (R6 links at ISOmm centres) was prestressed with the intention of 
investigating the influence of prestress on a member whose non-prestressed failure mode 
was plate end shear peel, while a 2.3m beam heavily reinforced internally in shear (RIO 
links at 75mm centres) was prestressed to observe the effect of prestress in the presence 
of a high quantity of shear reinforcement. 
5.4.2.2 Method of prestress application 
The composite plates were prestressed in a purpose-built reaction frame, shown in Figure 
5.8. This Figure shows that the beam was positioned upside down (ie. with its soff-it 
uppermost) under the plate. This configuration was convenient for the purpose of 
applying the adhesive and allowed excess adhesive to be removed from each side of the 
plate so that a clean bond line could be achieved, important when identifying cracks in 
the adhesive. Since the beams were prestressed upside down their self weight, which 
was small for the size of member tested, was reversed during the prestressing operation 
but this was restored when the beams were turned upright for testing. The prestress load 
was monitored on the load cell connected in series with the plate. Electrical resistance 
strain gauges were bonded to the plate on the face opposite the bonding surface; these 
were located in the positions that would be in line with the loading points, midspan and 
at the ends of the plate in the load tests of the beams. This distribution of gauges over the 
plate length was used to confmn that the plate was straining uniformly and relaxing 
uniformly during prestress application and transfer, respectively. 
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Figure 5.8 Prestressing frmne used to apply the plate tension 
The prestress load was applied by a hydraulic jack located in series with the plate, as 
shown in Figure 5.8. The tension was transferred into the plate through 2min thick 
aluminium tabs bonded on each side of the composite at each end of the plate; Figures 
Figure 5.9 a and b show the configurations of these end details for the plates used in the 
I. Om and larger beams, respectively. The adhesive used to bond the tabs was initially 
the Sikadur 31 PBA, but it was found that the plate suffered longitudinal splitting at 
elevated tensile loads with this adhesive so the 3M adhesive was used in subsequent 
tests. Those plates that split after the application of the plate tension, but before the plate 
and beam were brought together, were discarded; section 5.4.2.4 (page 214) gives the 
details of the manner in which the fracture occurred for the plates that suffered splitting 
at this stage of the procedure. Aluminium. was chosen for the end tabs due to the 
similarity between its modulus of elasticity and that of the adhesive, an advantage with 
respect to the minimisation of stress concentrations in the adhesive, necessary in order to 
limit the likelihood of adhesive and/or cohesive fracture of the bond. As Figures 5.9 
show, a matrix of twelve 6mm. diameter holes was drilled through the aluminium/CFRP/ 
aluminium sandwich; these holes accommodated steel bolts that located a steel cover 
plate on each side of the sandwich. The cover plates are shown in Figure 5.10 which 
represents a general arrangement. These cover plates were required to connect the plate 
end details to the horse shoe couplings at the ends of the prestressing frame, as shown in 
Figure 5.8. The use of bonded aluminium tabs encouraged the transfer of load into the 
composite plate over an area rather than by bearing of the bolts at each of the holes in the 
CFRP plate. It is likely that the composite plate would have experienced fracture at the 
locations of the holes in the absence of the bonded tabs since the composite material was 
reinforced with unidirectionally aligned fibres and no transverse reinforcement was 
included. In order to encourage additional strength in the aluminium/CFRP/aluminium 
sandwich, the bolts were tightened spanner-tight against the cover plates. 
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In each case, the plate was initially positioned with its bonding surface uppermost and a 
small amount of prestress was applied so that adhesive could be spread by palette knife 
onto the plate. The adhesive and 'Ballotini' beads were applied to the concrete surface 
before the beam was moved on skates into its required position underneath the plate. 
The plate was then turned again so that the bonding surface now faced the beam and the 
remaining prestress was applied; after reaching the desired prestress, the load was locked 
off by tightening threaded attachments so that the pressure in the jack could be released, 
thereby avoiding prestress loss due to hydraulic effects. 
The beam was raised on its supporting bed (Figure 5.8) using scissor lifts until excess 
adhesive was no longer seen to be displaced from between the concrete and the plate; the 
out-of-plane rigidity of the plate, achieved due to the prestress, allowed the bonding 
pressure to be applied, by raising the beam, without deflecting the plate out of its present 
line. 
Having now prestressed the plate, the adhesive was allowed to cure for at least 24 hours 
before the plate end anchorages were installed; the prestress could then be transferred 
into the beam after the anchorages were fitted. Section 5.4.2.3 below describes the 
anchorage systems and shows the beams on which each system was used. Demec discs 
were mounted throughout the depth of the concrete and the section strain was recorded 
after the prestress was transferred into the beam. 
In these laboratory beams, it was possible to use the prestressing reaction frame to apply 
the initial plate tension but such a convenient method would not be possible on site 
without the use of extensive and costly scaffolding to support the prestressing 
mechanism. A more practical method for actual structures would be to attach one end of 
the plate to the concrete member, with the plate end anchorage installed, and to apply a 
tensile load at the other end by reacting against the member itself, this would induce a 
compressive strain in the concrete, as in conventional post-tensioning with steel tendons. 
To simulate the combined compression of the beam and tension in the plate, one of the 
I. Orn beams, P50/1/1-0m, was loaded axially in compression to a load equal to the tension 
in the plate; this was achieved using an additional hydraulic jack and associated 
components fitted to the prestressing fi-ame. Strain readings taken on the concrete beam 
during the prestressing operation indicated that the compressive strain was of low 
magnitude; also, it will be shown in section 5.4.2.5.2 (page 238) that the precompression 
had no detectable influence on the subsequent response of the beam to applied load, so 
precompression was discontinued after this initial trial. 
The prestress levels applied to the plates were nominally 25%, 40% and 50% of the 
composite material strength. The upper limit of 50% was chosen because it had been 
suggested in the literature (Meier el al, 1992) that this level is required to achieve a 
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viable prestressing system, taken to mean that lower levels would not provide a sufficient 
improvement in structural performance to justify the additional costs associated with the 
prestressing operation, and because it was necessary to verify the adequacy of the plate 
end anchorage systems under high plate tensions. The level of 25% allowed the effects 
on structural behaviour of a relatively low prestress to be studied, thereby confirming, or 
otherwise, that a high prestress is necessary. These prestress levels also provided data 
for comparison with analytical results over a wide range. Since it was difficult to apply 
exactly the nominal prestress with the hand controlled hydraulic jack, and since the 
prestress load fell slightly due to settlement of the prestressing frame components when 
the load was locked off, the actual prestress levels applied were usually a little lower than 
the nominal values; actual prestress levels are quoted in the results tables that follow and 
the corresponding nominal values are shown in the beam notation. 
All the prestressed beam notations start with the letter IP followed by a string of subscript 
entries. The first of these is the nominal prestress level - ie. 25,40 or 50%; the second 
and third subscript entries depend on the size of beam, Lom or 2.3m and 4.5m. For the 
I. Om beams, the second entry is the beam test number with the 25% and 50% prestress 
levels, and the third entry is 'I. Om' to indicate this size of beam. For the 2.3m beams, 
the second entry is '2.3m' for the member with the standard internal shear reinforcement 
and 'Heavy' for the beam heavily reinforced in shear. The second subscript entry for the 
4.5m beams is either '2 bars' or '3 bars' to indicate the number of internal tensile rebars 
used, and the third entry is '4.5m' to indicate this beam size. Therefore, beam P25/2/1.0m 
is the second I. Om beam with the nominal 25% prestress level, beams P40/2.3m and P40/ 
Heavy are the nominally 40% prestressed 2.3m beams with the standard and heavy shear 
reinforcement provision, respectively, and beam P40/3 bars/4.5m had 3 rebars and was 
prestressed to the nominal 40% level. The notations of the non-prestressed beams have 
been explained in Chapter 4. 
After the prestressing and anchorage installation stages were completed, the beams were 
turned upright and load tested incrementally to failure, as described in section 3.3 (page 
63). 
The 2.3m prestressed beam with the standard internal shear reinforcement provision, P40/ 
2.3m, was one of the second batch of six 2.3m beams, with a characteristic concrete 
strength of 58 Wa compared with the first batch strength of 47 NTa, and the higher 
strength has been taken into account when calculating the serviceability load of the 
prestressed beam. 
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5.4.23 Installation of plate end anchorages 
Table 5.3 shows the beams tested in this work and the anchorage system adopted in each 
case. The two anchorage types were the installation of steel bolts through the plate and 
into the concrete, and the continuation of the plate under the beam supports. These 
anchorages were applied also in the non-prestressed beam tests of Chapter 4, as shown 
by the non-prestressed entries in Table 5.3, included for comparison with the results of 
the prestressed beams. It will be noted from Table 5.3 that the anchorage under the beam 
supports was used in three of the prestressed I. Om beams only; this is because the test 
programme was aimed mainly at verifying the suitability of the bolted system which is 
more practical, anchorage under the supports having been a convenient initial system. 
The procedure for installing the bolted anchorage system in the non-prestressed beams 
has been described in section 4.2.2 (page 71), along with the details of the bolts 
themselves. The sequence of events involved in installing the bolted anchorage in the 
prestressed beams was as follows. While the plate prestress was still applied in the 
reaction frame, a mechanical steel clamp was placed at each end of the beam as shown in 
Figure 5.11; these clamps allowed the prestress to be released and the beam to be 
removed from the prestressing frame so that the bolt bores could be drilled elsewhere. 
The anchorage blocks, used to transfer load from the CFRP plate to the bolts after 
prestress release and during the subsequent beam load testing, were next bonded to the 
plate and the adhesive was allowed to cure for at least 24 hours; the anchorage blocks 
had been pre-drilled with the bolt holes in the required positions, so the blocks provided 
a template for the drilling of the bolt bores through the plate and adhesive and into the 
concrete. The steel anchorage blocks described in section 4.2.2 (page 71) were used in 
the I. Om beams, while the GFRP blocks were used in the 2.3m and 4.5m beams. The 
Sikadur 31 PBA adhesive was used to bond the anchorage blocks to the CFRP plate in 
the I. Om beams, while the 3M adhesive was used in the larger beams to be sure of 
avoiding anchorage failures under the relatively high plate tensile loads. After the 
adhesive had hardened, the bores to accommodate the bolts were drilled to the intended 
depths in the concrete of 75mm. After bonding the bolts into their bores and allowing 
the adhesive to cure, the plate tension was transferred into the beam and the steel clamps 
were removed from the ends of the beam. The length of composite extending beyond the 
anchorage blocks at each end of the beam was next cut free using a hacksaw, as shown in 
Figure 5.12. When the temporary clamps were removed, the prestress in the plate over 
the excess length caused the concrete to crack, as shown by the fracture AB in Figure 
5.12; this crack did not extend as far as the sawcut and had no influence on the structural 
behaviour in the subsequent load tests of the beams. The form of this cracking was as 
shown in Figure 5.6 (page 201). 
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Table 5.3 Plate end anchorage systems used for the non-prestressed and prestressed 
beams 
Beam Plate end anchorage method 
I. Om beams 
AunpLb None: beam unplated 
A2b None: plate not prestressed 
A2býupp. Plate continued under beam supports: plate not prestressed 
A2bb, ft, Plate ends bolted: plate not prestressed 
P25/1/1.0m Plate continued under beam supports: plate prestressed to nominal 25% level 
P2512/1.0m Plate ends bolted: plate prestressed to nominal 25% level 
P25/3/1.0m Plate ends bolted: plate prestressed to nominal 25% level 
P50/1/1.0m Plate continued under beam supports: plate prestressed to nominal 50% level 
P50/2/1.0m Plate ends bolted: plate prestressed to nominal 50% level 
P50/3/1.0m Plate continued under beam supports: plate prestressed to nominal 50% level 
2.3m beams 
BunpL/2.3m None: beam unplated 
BI None: plate not prestressed 
P40/2.3m Plate ends bolted: plate prestressed to nominal 4(YYo level 
Sunpi. /Heavy None: beam unplated 
S4 None: plate not prestressed 
S5 Plate ends bolted: plate not prestressed 
P40/Heavy Plate ends bolted: plate prestressed to nominal 40% level 
H4 None: plate not prestressed 
H5 Plate end bolted: plate not prestressed 
P25/Half Plate end bolted: plate prestressed to nominal 25% level 
4.5m beams 
Bunpl. /2 bars/4.5m None: beam unplated 
B3 None: plate not prestressed 
P25/2 bm/4.5m Plate ends bolted: plate prestressed to nominal 25% level 
Bunpl. /3 bars/4.5m None: beam unplated 
P25/3 bm/4.5m Plate ends bolted: plate prestressed to nominal 25% level 
P40/3 bars/4.5m Plate ends bolted: plate prestressed to nominal 40% level 
P50/3 bm/4.5m Plate ends bolted: plate prestressed to nominal 50% level 
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Cross 
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Figure 5.11 Temporary mechanical clamps to secure plate ends 
block 
Figure 5.12 Separation of excess composite from beyond anchorage block 
In the I. Om beams, P25/1/1.0m, P50/1/1.0m and P50/3/1.0m, the plate was anchored under the 
beam supports; the mechanical clamps were located at a spacing of 900mm (the loaded 
span of the beam) and the cross member of the clamps (Figure S. 11) was used as the load 
spreading pad on the support rollers, shown in Figure 3.11 (page 59). 
The rationale for testing the I -Oni prestressed beams was that two beams with the bolted 
anchorage system were to be tested with both the 25% and 50% nominal prestress levels 
in order to confirm the ability of this system to sustain the high tensile loads of 
prestressed plates. Based on the knowledge of how this anchorage system performs, it 
was then to be applied to the larger beams to confirm the suitability of this practical 
system on realistically dimensioned members. It will be seen from Table 5.3 that two 
I. Orn tests with the bolted anchorage were undertaken at the 25% prestress level, but 
only one was performed at the 50% level. This is because the plate of beam P50/3/1.0m 
experienced splitting during the prestress application, as explained in section 5.4.2.4 
below, so it was decided to subsequently anchor this plate under the beam supports to 
provide a clamping force effect which would help avoid slippage of the plate from out of 
its end anchorages. With the larger beams, one prestressed case was studied 
experimentally with the bolted anchorage system for comparison with the non- 
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prestressed data, except in the 4.5m beams with 3 rebars for which three different 
prestress levels were applied. 
5.4.2.4 Plate and concrete strains during prestress application and transfer 
As expected, the plate strained uniformly over its length during its tensioning. Figure 
5.13 shows the variation of plate strain with time for each of the I. Orn beams and Figure 
5.14 shows this for the 4.5m beams. Each of these plate tension profiles consists of three 
distinct periods: a period of approximately constant tension during cure of the adhesive, 
an immediate drop in tension as the prestress was transferred into the beam, and another 
period of approximately constant tension after the prestress had been transferred into the 
concrete. It is noted from Figure 5.14 that the plate tension of the nominally 40% 
prestressed case, beam P40/3 býý4.5m, was low in comparison with the 50% case, beam 
P50/3 bars/4.5m; this is because the plate tension was inadvertently locked off at too low a 
strain so the actual tension was low compared with the intended value. 
The small increase in plate strain at the end of the first period, immediately before 
transfer, arose because the hydraulic jack had to be re-applied in order to slacken the 
locking mechanism to release the prestress. It is clear from Figure 5.13 that the 
immediate loss of prestress during transfer was greater for the nominally 50% prestress 
levels than the 25% levels in the I. Orn beams. This reflects the higher bending moment 
applied to the section with a greater prestress, leading to a larger section rotation before 
the internal moment couple of the beam balanced the moment applied by the plate. The 
prestress loss in the 4.5m beam, P50/3 bars/4.5m, was 387 microstrain, while that of beam 
P40/3 bars/4.5m was 369 microstrain, only 4.7% lower even though the initial tension of the 
latter beam was 27.9% lower than that of the former. Therefore, the 4.5m beam section 
was better able than the I. Orn section to resist the curvature and axial load induced by 
prestress transfer when the initial prestress increased by a large amount The 4.5m beam 
section had a significantly larger cross section and internal reinforcement lever arm than 
the I. Orn section so smaller prestress transfer deformation was to be expected in the 
larger beams. The relatively large rise in the loss of prestress, with increasing initial 
tension in the I. Orn beams, is seen in the fact that the initial tension rose by 90.8% 
between beams P25/2/1.0m and P50/2/1.0m, for example, with a rise in prestress loss of 
335.4%, whereas the 80.0% increase of initial tension between the 4.5m beams, P25/3 
bars/4.5m and P50/3 bars/4.5m, caused an increase in prestress loss of only 149.7%. 
It is seen from Figure 5.13 that the plate tension of the I. Om beam, P50/3/1.0m, fell 
dramatically after approximately 3 hours into the adhesive cure period. This was 
because the plate suffered longitudinal splitting after it and the beam were brought 
together, the plate was not removed because it was of interest to determine the influence 
on the subsequent beam response to applied load of this form of prestress loss. The 
nature of the longitudinal splitting, shown in Figure 5.15, was the same as that of the 
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plates that were discarded due to splitting before they and their beams were brought 
together. 
Adhesive cure period Post-transfer period 
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Figure 5.13 Plate tensile strain during prestressing operation for the I. Om beams 
6000 - 
5000 
4000 
2000 
1000 
0 
0 10 
PSO/3 bar&/4.5m 
Figure 5.14 Plate tensile strain during prestressing operation for the 4.5m bearns 
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Figure 5.15 Longitudinal splitting of the plate for beam P50/3/1.0m C, 
Figure 5.15 shows two strips of plate bounded by splits but the number of splits vaned 
between plates. These strips lay centrally on the lines of the bolt holes and were 6mm 
wide, equal to the hole diameters. The occurrence of each pair of splits resulted in a strip 
of composite in which the tensile load was too high to be carried by the bond in 
aluminium/CFRP/aluminium sandwich, causing slippage of the strip from beneath the 
aluminium tabs. The grey shaded areas in Figure 5.15 represent lengths of the Sikadur 
31 PBA adhesive that appeared from beneath the tabs due to the slippage, these lengths 
consisted of Just traces of the adhesive remaining on the plate. The strain gauges were i r: 1 
located along the centreline of the composite plate (le. along one of the bands of 
slippage) and the large drop in strain shown in Figure 5.13 reflects the slip. The first slip 
to have occurred was in the strip nearest the plate edge, followed by the centreline strip. 
The centreline plate strain was not affected by the loss of tension in the first strip and, 
since the adhesive had cured further before the second slippage, it is assumed that the 
strain in the remaining intact plate was not affected by the loss of tension in the second 
strip. Since the centreline plate strain was low immediately before prestress transfer, the 
further fall in strain during transfer caused the strain to become slightly negative, as 
shown in Figure 5.13. Therefore, the plate was partly prestressed and partly unstressed 
immediately before the beam was load tested. 
The occurrence of this type of plate fracture in the I. Om beam trials provided a warning 
that the system of prestressing the plate needed to be improved before the larger plates 
were prestressed for the 2.3m and 4.5m beams. The plate end detail consisting of the 
bonded and bolted aluminium. tabs was found to be simply and rapidly applied in the 
laboratory, although the adequacy of the Sikadur -331 PBA adhesive in this application 
was called into question. Therefore, the wider and thicker pultruded plates were 
prestressed with the same plate end detail shown in Figure 5.9 (page 208) but the -3)M 
adhesive was used instead, this material is more suitable for bonding composites. The 
fact that the bond between the CFRP and aluminium failed along the lines of the bolt 
holes indicates that the holes were directly responsible for the splitting and slippage. 
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Table 5.4 shows the fall in plate strain during the period of adhesive cure, and the 
prestress loss during transfer for each of the prestressed beams, as a proportion of the 
initially applied tension; a value is not included for beam P50/3/1.0,,,, because the strain 
reduction of the plate was not representative in this case. The low reductions in strain in 
the period before transfer confirm that the prestress available after the adhesive had 
cured was virtually the full tension applied initially. The small reductions in strain 
during the cure period are likely to have been caused by settlement of the components of 
the prestressing frame and/or shear deformation of the bond in the aluminium/CFRP/ 
aluminium sandwich. 
As already mentioned, the I. Om beam sections experienced greater deformation upon 
prestress transfer as the initial prestress increased, a result reflected in the relatively large 
percentage losses of the nominally 50% cases in Table 5.4. The prestress losses due to 
transfer are all greater than the 2- 3% typically experienced in practice because the 
beams were prestressed upside down, as shown in Figure 5.9 (page 207), so there was no 
self weight bending -moment to resist the section rotation that occurred upon prestress 
transfer. However, the self weights of these experimental beams were low so relatively 
large prestress losses would still have been expected if the beams had been prestressed 
the right way up. It is shown below that the section rotations were sufficient to crack the 
concrete. 
Table 5.4 shows that the proportional prestress loss (47.2%) in the plate of beam P50/j/ 
1.0m, which was precompressed in addition to the plate prestress, was marginally higher 
than that of beam P50/2/1.0m (45.2%). Therefore, the absolute loss of tension was greater 
in the precompressed beam, since its proportional prestress loss is based on a greater 
initial plate tension (as shown in Figure 5.13 (page 215)), so the initial compression in 
the beam appears to have contributed no resistance to the loss of prestress in the plate. It 
will be seen in Chapter 8 that an initial axial precompression in the concrete should 
reduce the prestress loss in the plate, so there is no clear reason why the prestress loss in 
the plate of beam P50/1/1.0,,, was a greater proportion of its initial tension; although the 
initial plate prestress of beam P50/1/1.0m was higher than that of beam P50/2/1.0m, it would 
be expected that the proportional prestress loss should have been the same or lower than 
that for beam P50/2/1. Orn, so no significance is attached to the marginally higher 
proportional loss of beam P50/1/1.0m. Therefore, the precompression of this beam 
brought about no obvious advantage or disadvantage, this having been the reason for not 
applying precompression in any other beams. 
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Table 5.4 Prestress losses as a proportion of the initially applied tension 
Beam Proportional strain reduction Proportional immediate prestress 
before transfer (016) loss due to transfer(106) 
I. Om beams 
P2511/1.0m 1.10 7.07 
P25/2/1.0m 1.09 7.07 
P25/3/1. Oin 1.69 6.97 
P501111.0m 0.73 16.19 
P50/2/1.0m 0.74 16.14 
P50/3/1.0m - - 
2-3m he s 
P40/2.3m 1.62 5.65 
P40/Heavy 0.92 6.92 
P251H& 1.68 5.11 
4.5m be s 
P25/2 bars/4.5m 2.61 5.28 
P25/3 bars/4.5m 1.73 5.42 
P4&3 bars/4.5m 1.14 9.25 
P50/3 bars/4.5m 2.42 7.52 
The plates were not monitored for extended periods of time after prestress transfer in all 
cases, but Figure S. 13 shows that the fin-ther losses of prestress in this third period were 
negligible for the I. Om beams. Since the I. Om sections experienced greater rotation due 
to the plate prestress, it is expected that the further prestress loss in the post-transfer 
period would have been greater in these beams than the larger beams; the higher post- 
transfer loss of the two 501/6 prestressed I. Om beams was 0.44% so the plate prestress at 
the time of beam load testing is taken as equal to the value immediately after transfer for 
all the beams. 
Figure 5.16 shows the section strains generated in the concrete of beams P25t211.0m and 
P25/3 bars/4.5m which were prestressed to actual levels of 23.7% and 26.2%, respectively. 
It can be seen that the maximum tensile and compressive strains were higher in the Lom 
beam than in the 4.5m beam. This was despite the fact that the prestress load in the plate 
was higher for the 4.5m beam than the 1.0m beam, values having been 38.75 kN and 
18.41 kN, respectively, due to the large difference in plate cross sectional area. While 
this indicates that the smaller beams were relatively severely loaded by the transfer of 
plate prestress into the concrete, it will be shown that these members revealed data 
during the subsequent load tests that were comparable to the behaviour of the 4.5m beam 
tests and that highlighted the effects of plate prestress. The tensile strain at the top of the 
I. Om beams exceeded the ultimate value so the beams were cracked. The same result 
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was found for the larger beams, as shown in Figure 5.18 (page 220) for the 4.5m 
members. 
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Top level of demec discs in 4.5m beam 
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Figure 5.16 Prestress transfer strains in the concrete of the nominally 25% prestressed 
I. Orn and 4.5m beams 
Figure 5.17 shows the concrete section strains for each of the 4.5m beams with three 
internal tensile rebars. As expected, the strains increased with rising prestress so the 
neutral axis moved towards the compressed face (ie. the soffit) of the concrete. The 
Figure includes the level of the CFRP plate, at which the prestress loss during transfer is 
plotted. It is seen that the plate prestress loss due to transfer was strain compatible with 
the concrete section strains so conventional calculations for finding the immediate loss 
of prestress may be applied. 
The concrete tensile strength of the 2.3m and 4.5m beams was 2.6 Mpa and the modulus 
of elasticity was 35 GPa, so a corresponding ultimate tensile strain of 7.4 x 10-5 is 
calculated. Figure 5.17 shows that the tensile strain at the top of the concrete section was 
far greater than this value, indicating that the concrete was cracked as a result of prestress 
transfer. Figure 5.18 shows the positions of the cracks in the 4.5m beams, although the 
beams themselves are not drawn to scale in this Figure, the crack lengths and positions 
are to scale relative to the beams. 
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Figure 5.17 Prestress transfer strains in the concrete of the 4.5m beams with 3 rebars, 
Beam P25/3 bars/4.5m Av. crack length 31 mm 26.2% actual prestress 
Beam P40/3 bars/4.5m Av. crack length 50Eam 33.61/o actual prestress I 
Beam P50/3 bars/4.5m Av. crack length 53mm 46.6% actual prestress 
Figure 5.18 Cracks at the top of the concrete after prestress transfer in the 4.5m beams 
with 3 rebars 
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The cracks in Figure 5.18 are shown straight for simplicity, but the actual paths followed 
what were, presumably, the weakest aggregate/cement interfaces. The greatest crack 
lengths in the beams are consistent with the depths of tensile strains shown in Figure 
5.17; therefore, the crack lengths became greater with increasing prestress, as shown in 
the cracking diagrams. The prestress transfer cracks were distributed throughout the 
beams, as expected due to the uniform bending moment applied by the uniform plate 
tension. The presence of the cracks confirms that a prestressing force, applied outside 
the boundaries of the kern region, may crack the concrete if the force is high enough. 
5.4.2.5 Results of the beam load tests 
As in Chapter 4, the results of the load tests are presented in terms of the failure modes, 
characteristic loads and deformation responses to applied load of the beams. 
5.4.2.5.1 Failure modes and characteristic loads 
Table 5.5 lists the actual prestress before transfer and the failure mode of each of the 
beams tested. Descriptions of the failure modes for the unplated and non-prestressed 
plated beams have been given in Chapter 4 so only the prestressed failure modes are 
described in detail here. 
Considering first the I. Orn beams, beam P25/1/1.0m failed in the same manner as the 
comparable similarly anchored non-prestressed beam, A2bSUpp - ie. plate separation 
initiated at the base of a shear crack through the depth of the concrete, as shown in 
Figure 4.12 (page 83). The propagation of the shear crack along the beam soffit, as 
shown in Figure 4.13, was observed in the prestressed case and the soffit level crack 
travelled into the adhesive and along the plate/adhesive interface, again as in the non- 
prestressed beam. As is typical of this mode of plate separation in the non-prestressed 
beams, the prestressed plate remained in a sagging shape after failure, with the intemal 
rebars exposed and a layer of concrete still bonded to the plate; the concrete above the 
neutral axis did not show compressive failure. 
The second nominally 25% prestressed I. Om beam, P25t2/1.0m, failed in an exceptional 
fashion, not representative of the behaviour of prestressed beams. Rather than failing 
due to effects arising from bending within the loaded span, the beam failed in shear 
through its depth at one end, between the end of the bonded plate and the beam support. 
This occurred because two of the tensile rebars were broken at that location during the 
drilling operation to provide the bores for the bolted plate end anchorage. The rebars 
presumably moved at some stage during manufacture of this beam; the problem was 
experienced in only one other beam, that being the 2.3m beam, P40/2.3m. The bending 
moment at the section through which failure occurred was very small because the 
affected position was close to a beam support and shear was the predominant load. The 
final failure occurred by widening of the crack in the concrete with an associated rise in 
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the rate of change of beam deflection (with respect to applied load), leading to the 
eventual explosive fracture of the single intact rebar. The failure mechanism observed 
for this I. Om beam did not become apparent until loads near ultimate were reached. 
Concrete cracking and rebar yield occurred first in the constant moment region of the 
beam in the absence of beam end failure development so the load data relating to 
cracking and yield are valid. Again, the concrete at the top of the beam did not reach its 
ultimate compressive strain. 
Table 5.5 Prestress levels and failure modes of the beams 
Beam Prestress (016) Failure mode 
Urn beams 
AunpLb - Steel yield followed by concrete crushing 
A2b 0.0 Plate separation at base of shear crack 
A2bsupp_ 0.0 Plate separation at base of shear crack 
A2bbofts 0.0 Plate separation at base of shear crack 
P2511/1.0m 23.5 Plate separation at base of shear crack 
P25/2/1.0m 23.7 Shear failure outside plated length at end of beam 
P25/3/I. OM 21.1 Plate separation at base of shear crack/bolt shear 
P501111.0m 47.2 Tensile fracture of composite plate 
P50/211. Om 45.2 Shear through plate end anchorage/plate shear fracture 
P50/3/1. Orn 45.2 Plate slip from end anchorage 
2.3m beams 
BunpIJ2-3m - Steel yield followed by concrete crushing 
B1 0.0 Plate end shear peel 
P40/2.3m 403 Plate end anchorage failure 
SunpUlieavy - Steel yield followed by concrete crushing 
S4 0.0 Plate separation near loading position 
S5 0.0 Plate separation near loading position 
P4WHeavy 40.6 Tensile fracture of composite plate 
H4 0.0 Plate separation near loading position 
H5 0.0 Plate separation near loading position 
P25/Half 23.7 Concrete crushing followed by plate tensile fracture 
4.5m beams 
BunpIJ2 barV4.5m Steel yield followed by concrete crushing 
B3 0.0 Plate separation near loading position 
P25/2 bars/4.5m 263 Tensile fracture of composite plate 
BunpU3 bars/4.5m Steel yield followed by concrete crushing 
P25/3 bars/4-5m 26.2 Concrete crushing followed by plate tensile fracture 
P40/3 bars/4.5m 33.6 Tensile fracture of composite plate 
P50/3 bars/4.5m 46.6 Tensile fracture of composite plate 
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The failure of beam P25/3/1.0m, the third nominally 25% prestressed case, was in two 
parts; the first was plate separation initiated at the base of a shear crack, as above, and the 
second was the shear fracture of the bolts in the plate end anchorage at one end. The 
propagation of a concrete shear crack along the beam soffit and through the adhesive was 
observed in this test The second part is thought to have occurred because the whole of 
the tensile load in the plate was transferred to the bolted anchorages after plate separation 
in the failed shear span; the separation of the plate was explosive so the shafts of the 
bolts were loaded suddenly to a high level of shear, transferred via the anchorage blocks, 
and the particular bolts used at that end of the plate were unable to resist this rapidly 
applied high load. The concrete experienced compressive failure in the instant following 
bolt shear fracture, due to the high deformation caused by the load being applied to a 
now unplated member. 
Beam P50/1/1.0ý. failed by plate fracture before compressive or soffit level concrete 
damage could occur. The fracture occurred by strands of material separating from the 
bulk of the plate, the total number of separated strands having increased with rising 
applied load on the beam. The first fracture was at midspan, followed by fracture under 
the point load positions. Once approximately one third of the cross sectional area of the 
plate had fractured progressively, the remainder failed as a single unit, leaving two 
lengths of plate bonded to the concrete, one in each shear span as shown in Figure 5.19. 
The concrete cover to the internal steel separated from the steel in the constant moment 
region; the thickness of separated concrete decreased throughout the shear spans towards 
the support pad of the beam, as shown by the hidden detail in Figure 5.19. The plate 
came to rest in a permanent curved shape, presumably caused by some of the prestress 
remaining in the composite plate; the prestress is unlikely to have been lost completely 
because the plate remained bonded to a layer of concrete, as Figure 5.19 shows. 
Longitudinal splitting occurred along several lines throughout the width of the plate of 
this beam; longitudinal fracture of the adhesive and the separated concrete cover was 
observed along these lines. Inspection of the composite plate, after the beam test, 
revealed delamination of the CFRP throughout its thickness. No soffit level propagation 
of a shear crack was found and the adhesive was not cracked through its thickness or at 
its interface with the plate. However, a shear crack characteristic of premature plate 
separation (Figure 4.12 (page 83)) was evident when the plate fractured, but the vertical 
shear displacement played no role in the beam failure. 
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Appried load 
Level of internal rebars 
--------- --- --I Varying depth of fractured concrc Support pad 
Layer of separated 
Split and delaminated plate concrete 
Figure 5.19 Plate fracture and concrete separation in bearn P50/1/1.0, n 
Beam P50/2/1.0m had its plate anchored with the bolted system and it was the anchorage 
that failed first. Figure 5.20 shows the condition of the beam shortly before the concrete 
cover to the internal reinforcement separated explosively, causing the plate to be 
fractured at its junction with the anchorage block, location A in Figure 5.20. 
Applied load c 
Bonded bolt, 
Level of internal rebars 
JA Composite plate Support pad 
Figure 5.20 Condition of beam P5Ot2/j. 0,,, shortly before failure 
The shear crack through the plane of the bolts widened with increasing load and it 
appeared the bolt was pulled out of its bore over the length of bore above the shear crack; 
this was confirmed after failure when the bolt was sufficiently exposed to enable areas of 
poor bond to be spotted in this length of the shank. Although the adhesive was applied 
both in the bore and to the bolt before inserting the bolt, there was no operator control 
over the displacement and final distribution of the adhesive after the bolt was placed. 
The vertical opening of the shear crack was sufficient to cause the separation of the 
concrete cover layer from the internal rebars at the anchorage position, leading to cover 
separation over the remainder of the plated length with sufficient violence to fracture the 
plate at position A due to the downward momentum of the separating cover layer. The 
plate and adhesive at position A appeared to have experienced a 'clean break' such that 
the end face of the adhesive was flat, rather than jagged, and the plate did not show signs 
of splitting; this appearance is consistent with a vertical shear fracture through the 
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adhesive and plate due to the downward movement of the cover layer relative to the 
anchorage block. 
Beam P50/3/1.0m was the one whose plate suffered longitudinal splitting during prestress 
application, this having been the reason for anchoring the plate ends under the beam 
supports. The propagation of a concrete shear crack along the beam soffit and through 
the adhesive, as depicted in Figure 4.18 (page 89), occurred in this beam. The beam 
failed due to concrete cover separation from the internal rebars along the plated length 
between the end anchorages; this failure was initiated by slippage of the plate from 
beneath the beam support at one end. Evidence of this slippage was provided by 
striations in the surface of the CFRP, caused by the movement of the plate against the 
metal pad on which the beam was supported. The lengths of the striations were not 
uniform throughout the plate width; the strips of plate that lost their prestress, during the 
plate tensioning operation, exhibited longer slippage than the remainder of the plate in 
which the prestress was the full amount. Since these strips lost their prestress after the 
adhesive had started to cure, the CFRP/adhesive bond was, presumably, not as strong, 
after full cure, as it was over the remainder of the plate in which the prestress was 
retained. Therefore, although these strips were under lower tension in the beam load test 
immediately before slippage from under the support, they were pulled out of their 
anchorage due to the disturbed bond. Figure 5.21 shows the appearance of the adhesive 
after the mechanical clamps, which provided the plate end anchorage, were removed so 
that the slipped portions of the plate were able to fall away from the rest of the plate. 
Exposed adhesive 
Figure 5.21 Appearance of adhesive under plate that split during prestressing for beam 
P50/3/1.0m 
In addition to these slippage bands, further strips of plate slipped out of the plate end 
anchorage during the bearn load test, as a result of the formation of longitudinal splits in 
the plate shortly before failure during the test; however, these additional strips of CFRP 
could not be removed easily from the adhesive. Figure 5.21 shows that the adhesive was 
split in the slipped bands. The Figure represents a plate length of 200mm in the shear 
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span in which slippage under the anchorage occurred; the adhesive cracks were 
randomly distributed throughout the plated length and there was no obvious correlation 
in the positions of the cracks in each slippage band. Also, the cracks through the 
thickness of the adhesive, due to the propagation of the concrete shear crack along the 
soffit and into the adhesive, bore no relation to the positions of the cracks in Figure 5.21. 
Therefore, it is thought the adhesive cracks in Figure 5.21 occurred as a result of the 
adhesive movement that would have occurred when the two strips of plate slipped during 
the prestressing operation; the adhesive was still workable at this stage and the cracks 
were openings that set as the adhesive hardened. If the cracks had been caused by the 
progression of a soffit level crack into the adhesive layer, they would have been located 
in similar positions within each of the two bands in Figure 5.21. 
Figure 5.22 shows the flexural and shear cracks in the concrete after failure of two of the 
I. Gm prestressed beams, together with the crack pattern of the non-prestressed beam, 
A2b, for comparison. The line of concrete separated from the internal rebars, is omitted 
for clarity. Although the beam dimensions are not to scale, the cracks are shown in the 
correct relative positions with respect to the beam and each other. The lines AB, CD and 
EF in Figure 5.22 will be referred to later. 71be cracking pattern shown for beam A2b is 
broadly representative of that for the comparable beams with plate end anchorage, 
Mbsupp. and A2bb,, Iw and the patterns for the prestressed cases represent those for the 
other similarly prestressed beams. 
It is shown that the number of cracks did not change between the 01/6 and 23.5% 
prestressed cases, although the second of these crack patterns represents a higher failure 
load so it is clear that concrete cracking was less extensive, per unit rise in applied load, 
in the prestressed beam; the same is true for the 47.2% prestressed beam, with 2 fewer 
cracks and a similar failure load to the lower prestress case. The shear cracks extended 
further into the failed shear span than the non-failed shear span in the non-prestressed 
case, whereas the reverse was true for the 23.5% prestressed beam, both having 
experienced the same mode of plate separation at the base of a shear crack-, the positions 
of failure initiation are indicated in Figure 5.22. Since concrete cracking is a random 
phenomenon, and the same failure mode was associated with different extents of shear 
cracking in the failed shear span for the non-prestressed and prestressed cases, no 
significance is attached to this difference in the distance to the outermost shear crack. 
However, the distribution of cracking was approximately symmetrical about midspan in 
the 47.2% prestressed beam, this member having failed by plate tensile fracture. 
The distance to the outermost shear crack at soffit level (in either shear span) became 
lower with increasing prestress for the three beams shown in Figure 5.22. Table 5.6 lists 
these distances from the load position for the I. Om beams; the fourth column shows the 
5.4. Erperimental work 
226 
shear span in which the outermost shear crack occurred. 
Al 
Max. load 34.00 IN 
Beam A2b, no prestress 
(representative of beams A2bsupp. and A2NOIts) 
cl 
Max. load 49.60 kN 
I- 
"tated here 
Beam P25/1/1.0m, 23.5% prestress 
(representative of beam P255/1.0m) 
F 
E 
Xa3 
Max. load 50.50 kN 
Beam P50/1/1.0,,, 47.21/o prestress 
(representative of beams P50/2/l. om and P50j3/1.0m) 
Figure 5.22 Concrete cracking patterns of a selection of the prestressed beams (beams 
not to scale but cracks in correct relative positions and paths) 
It is clear that the outermost shear crack was not consistently located in either the failed 
or non-failed shear span. The distance and shear span entries for beam P25/2/1.0m in 
Table 5.6 are blank because this beam failed outside the plated length so the collapse was 
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not representative. Beam Mbsupp. and P25/1/1.0m exhibited the same outermost shear 
crack distances, consistent with their almost identical failure loads and the similarity in 
their modes of failure; beam P25/3/1.0m, also with nearly the same failure load, was 
cracked in its shear span to a similar maximum distance. These distances were not as 
high as that for the non-prestressed beam, A2bbolts, despite the lower failure load of this 
beam which would be expected to cause shear cracking to a shorter distance into the 
shearspans. 
Table 5.6 Extent of shear cracking in the I. Om beams 
Beam Prestress (016) Distance to outermost 
shear crack (mm) 
Shear span Failure load 
(M 
A2b 0.0 220 Failed 34.00 
A2b,, pp. 0.0 115 Non-failed 49.65 
Mbbolts 0.0 190 Non-failed 45.50 
P2511/1.0m 23.5 115 Non-failed 49.60 
P25/2/1.0m 23.7 - 43.65 
P25/3/1.0m 21.1 130 Failed 49.00 
P501111.0. 47.2 90 Note 1 50.50 
P50/2/1.0m 45.2 260 Failed 57.00 
P5013/1.0m 45.2 185 Non-failed 56.00 
I Plate separation did not cause collapse so neither shear span was failed or non-failed 
As mentioned above, beam P50/j/1.0m showed less widespread shear cracking than the 
beams with the lower prestress level, although the reduction from I 15mm to gomm was 
small; based on the similarity in the failure loads of this nominally 50% prestressed beam 
and those of the nominally 25% beams, a similar outermost shear crack position would 
be expected. The other two nominally 50% prestressed beams exhibited more 
widespread cracking than this first 50% case. The reason for this in beam P50/2/1.0m was, 
as seen above, that a shear crack propagated through the plane of the anchorage bolts at 
the end of the plate, so the outermost distance was the full 260mm plated length in the 
shear span. The failure load of beam P50/3/1.0m was somewhat higher than that of the 
similarly anchored beam, P50/j/1.0m, and the distance to the outermost shear crack was 
correspondingly higher. 
The lines AB, CD and EF in Figure 5.22 show that the slopes of the shear cracks became 
lower with increasing prestress - ie. al. > a2 > 0. Since these cracks are caused by 
diagonal tension stresses, their directions are governed by the angles of the maximum 
principal tensile stress in the concrete section; as will be shown in the discussion of 
section 5.4-2.6 (page 272), these angles vary in such a way that the shear cracks become 
shallower. 
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The characteristic loads of the I. Orn beams are shown in Table 5.7. 
Table 5.7 Concrete cracking, steel yield and ultimate loads of the I. Om beams 
Beam Prestress 
NO. ) 
Concrete cracking 
load (kA9 
Steel rebaryield 
load (kA9 
Mimate load 
(kN9 
A, mLb 3.00 12.40 14.85 
AD 0.0 3.00 21.00 34.00 
A2b, wp. 0.0 3.00 22.00 49.65 
A2bbolts 0.0 3.00 23.00 45.50 
P25/1/1.0m 23.5 11.00 33.00 49.60 
P25/2/1.0m 23.7 12.00 31.00 43.65 
P25/3/1.0m 21.1 12.00 34.00 49.00 
P50/1/1.0rn 47.2 20.00 43.00 50.50 
P50/2/1.0m 45.2 20.00 43.00 57.00 
P50/3/1.0m 45.2 19.00 42.00 56.00 
The Table shows that the concrete cracking, internal reinforcement yield and maximum 
loads were significantly greater for beams with prestressed plates than for comparable 
beams with non-prestressed plates; these loads became greater with increasing applied 
prestress. The observed maximum load of beam P2M/1.0,, ý,, is unrepresentatively low due 
to the failure of the section in shear beyond the plated length. Table 5.8 gives the 
strengthening achieved, over the unpIated member, for each of the plated beams. The 
improvements in the load to cause concrete flexural cracking were greater than the 
improvements in yield and ultimate strengthening for all of the prestressed I. Orn beams. 
This is because the cracking load of an unplated member is low and prestressing causes a 
significant increase in the load required to cause the section rotation necessary to reach 
the ultimate tensile strain of the concrete at the bottom of the member, the significant 
improvement arises from the fact that the compression at soffit level must first be 
reversed before the concrete is loaded in tension. As with the yield and ultimate loads, 
the cracking load rises with increasing prestress, an advantage from a serviceability point 
of view. As noted in Chapter 4 and shown in Table 5.8, the non-prestressed plates 
generated no improvement in the cracking load. 
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Table 5.8 Strengthening achieved to cracking, yield and ultimate in the I. Om beams 
Beam Prestress Strengthening to Strengthening to Strengthening 
0/0) cracking r1o) yield r1q) to ultimate (01o) 
Ampl. b --- 
A2b 0.0 0.0 69.4 128.9 
A2b,,, pp. 0.0 0.0 77.4 234.3 
A2bbolts 0.0 0.0 85.5 206.4 
P25/l/I. Orn 23.5 266.7 166.1 234.0 
P25/2/1.0m 23.7 300.0 150.0 193.9 
P25/311.0m 21.1 300.0 174.2 230.0 
P501111.0m 47.2 566.7 246.8 240.1 
P50/2/i. orn 45.2 566.7 246.8 283.8 
P50/3/i. orn 45.2 533.3 238.7 277.1 
In keeping with the behaviour of non-prestressed beams, the strengthening to the 
ultimate limit state of the prestressed beams was usually greater than to yield because the 
ultimate capacity of an unplated beam is little more than the yield load, whereas plated 
beams have a considerable post-yield load carrying capacity. The ultimate loads and, 
therefore, the strengthening to ultimate of beams A2bsupp_ and P25/1/1. OM were almost 
identical, these beams having been similarly anchored at their plate ends. These two 
beams failed by the same mode of plate separation, that initiated at the base of a shear 
crack, so it appears the initial plate tension in the nominally 25% prestressed case was 
insufficient to prevent this premature form of failure in the subsequent load test. The 
ultimate strengthening of the nominally 50% prestressed beam, P50/1/1.0m, also with plate 
end anchorage under the beam supports, was only slightly greater than that of the 25% 
prestressed beam, P25/1/1. N, but the failure mode with the higher prestress was plate 
tensile fracture rather than premature plate separation. Although the strengthening to 
ultimate of the higher prestressed beam was only slightly greater than that of the lower, 
the strengthening to yield of the higher prestressed case was significantly higher than 
that of the lower. Therefore, due to the higher initial tension in the plate of the nominally 
50% prestressed beam, it was necessary to apply a greater load to cause yield of the 
rebars, but the total tensile stain in the plate of this beam was then near ultimate so little 
further load had to be applied before the ultimate strain of the plate was reached. 
It was shown in Chapter 4 that the serviceability loads of plated beams are greater than 
those of comparable unplated members. Table 5.9 below shows the serviceability loads 
of the non-prestressed and prestressed beams. The loads of the unplated and plated non- 
prestressed members are based on the criteria of BS 5400, that the serviceability 
condition is defined as the load corresponding to a maximum compressive stress in the 
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.,, or a 
tensile stress in the rebars of 0.75fy, whichever is the lower. concrete of 0.5f, 
These same criteria are applied for the prestressed beams, although BS 5400 defines the 
serviceability load of conventional prestressed concrete beams as that which causes the 
compressive stress in the concrete at the top of the beam to reach 0.4f,, rather than 
0.5fcu. However, this BS 5400 definition applies to cases in which only a nominal 
quantity of tensile rebars is provided, the main tensile reinforcement being the 
prestressing tendons. The present study, however, concerns the subsequent prestressing 
of existing reinforced concrete beams in which the tensile rebars provide a considerable 
proportion of the load carrying capacity. For this reason, it is prudent to determine the 
serviceability loads of all beams using the definition appropriate to reinforced, rather 
than prestressed, concrete. 
Table 5.9 Serviceability loads of the I. Om beams 
Beam Prestress Serviceability Strengthening to serviceability 
r1o) load (W load (106) 
A,, pl. b 9.92 - 
A2b 0.0 15.16 52.8 
A2bsupp. 0.0 15.16 52.8 
A2bb, fts 0.0 15.16 52.8 
P25/1/1.0m 23.5 17.01 71.5 
P25/2/1.0in 23.7 17.02 71.6 
P25/3/1. Orn 21.1 16.81 69.5 
P50/1/1-0m 47.2 18.92 90.7 
P50/211. Orn 45.2 18.76 89.1 
P50/3/1. Orn 45.2 Plate split so initial prestress is unknown 
'17he serviceability data are omitted for beam P50/3/1.0m because its plate split during 
prestressing so the initial prestress load, required for calculating the stresses after 
transfer, is not known. As before, the serviceability loads are found from an elastic 
analysis of the transformed cracked section. For the prestressed beams, the stresses due 
to prestress transfer at the top of the concrete and in the tensile rebars are calculated 
using a section modulus, Z, that assumes the top of the beam does not crack, this 
produces stresses in excess of the concrete tensile strength which are subsequently added 
.u 
to find the total change in stress that must be brought about to reach e to 0.5f, th 
serviceability condition. Likewise, the compressive stress in the rebars is added to 
0.75fy to find the corresponding change in stress. The serviceability loads of both the 
non-prestressed and prestressed beams are reached by the rebar stress condition since the 
concrete compressive strength of the beams, 54 NTa, is sufficiently high to prevent the 
,u 
being reached first. This would not have been the case if the stress of 0.5f, 
characteristic strength of the concrete had been lower or if the plate had been of greater 
cross sectional dimensions; in the event of the latter, the neutral axis of the section would 
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be lower so higher stresses would be reached in the concrete at the top of the beam. 
Considering next the 2.3m prestressed beam with the standard shear reinforcement 
provision, P40/2.3m, a crack in the concrete occurred during prestress transfer at one of 
the plate end anchorage positions and this crack propagated during load testing so that 
the beam failed prematurely by plate separation rather than the anticipated mode of plate 
fracture. Figure 5.23 shows, exaggerated, the appearance of the affected end anchorage 
position before the beam was load tested. 
80mm N 
Level of internal rebars --------------------------------------------- 
------------- ------------------------------- 
Short bolt length ii due to plate tension 
111. 
-1 
Composite plate support pad L--j GFRP anchorage block 
Figure 5.23 Plate end concrete cracking in bearn P40/2 3. after prestress transfer 
It is shown that the bolt was shorter than normal, extending only as far as the intemal 
reinforcement because the rebars lay in the plane of the bolts and it was decided not to 
drill through the rebars and risk the premature beam end shear failure mode that was 
observed in the I. Oni beam, P25/2/1.0m- Consequently, in the subsequent 2.3m beam load 
test this shorter length of bolt was insufficient to adequately anchor the plate end under 
its high tensile load (40.3% of the plate strength, a load of 59.6 kN) because the bolt 
itself was bonded only below the relatively weak concrete/rebar interface. The 
premature plate separation of this beam occurred before yield of the internal rebars 
because the high plate prestress elevated the yield load and mobilised the failure of the 
plate end region. The appearance of the beam after failure was that typical of the plate 
end peel mode of plate separation - ie. exposure of the rebars thmughout the shear span 
with the full thickness of cover concrete still bonded to the plate, as shown in Figure 4.10 
(page 8 1). 
The above 2.3m beam was intended to provide a check on the ability of plate prestress to 
prevent premature plate separation, and encourage full flexural failure instead, when the 
beam is not heavily reinforced internally in shear - ie. to allow a high shear force to be 
carried but to prevent a shear failure; in the event this check was not achieved. Beam 
P40/Heavy, heavily reinforced internally in shear, achieved full flexural failure. This 
beam failed by plate tensile fracture, initiated in the constant moment region; the 
appearance of the beam in each shear span was as shown in Figure 5.19 (page 224) for 
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the I. Om beam, P50/j/1.0,,,, although the concrete was separated from the soffit level in a 
layer approximately 2mm thick throughout half of each shear span, rather than varying 
as shown in Figure 5.19. The plate fractured into many narrow strands in the constant 
moment region, while fewer and wider strands were found in the shear spans. Plate 
fracture began at an applied load of 127 kN, 97% of maximum, beyond which the 
fracture continued progressively with increasing load to 131 W, the maximum load 
reached. At this load, further fracture in the constant moment region created a total 
current area of fractured plate sufficient to cause the load to drop back to 127 W; as the 
load was subsequently restored, the plate fracture continued at an increased rate until the 
beam collapsed at its original maximum load of 131 W. Therefore, the fracture of this 
pultruded plate was progressive, becoming gradually more widespread with increasing 
applied load, rather than the more sudden fracture of a few larger proportions of the total 
plate area experienced by the prepreg of beam P50/l/I. O.. In contrast to beam P50/1/1.0., 
the concrete cover layer was not separated from the internal tensile rebars in the 2.3m 
beam; instead, the adhesive layer peeled away from the soffit of the beam, as shown in 
Figure 5.24 which indicates that the adhesive layer in the constant moment region was 
fractured, thought to have been caused by the separation of the plate when composite 
tensile fracture occurred at position P, for example. 
B 
line of concrete separated at soffit level 
Surface concrete 
Adhesiv-e-'-ý: Zý.. - 
P 
Fractured composite 
4' '4 
' I 
Figure 5.24 Cracking of the adhesive layer in beam P40/11,, avy 
The progression of plate fracture was through the thickness of the plate as well as its 
width, and the interlaminar fracture was clearly seen after beam collapse. Figure 5.24 
shows that some of the plate remained bonded to the adhesive in the form of failed 
strands that hung down from the adhesive; these were the result of the interlaminar 
failures. The fewer wider strips of fractured plate in the shear spans extended as far as 
the bolted plate end anchorage in each shear span, although the integrity of the 
anchorages was not impaired and there was no apparent adhesive interfacial fracture 
between either the CFRP and the Sikadur 31 PBA or the CFRP and the 3M adhesive. No 
shear crack propagation along the level of the beam soffit and into the adhesive was 
5.4. Experimental work 
233 
found in this beam. A shear crack through the depth of the beam existed at the position 
of the anchorage at one end but this had no influence on the integrity of the anchorage. 
The prestressed 2.3m beam tested as a half beam, P25MW (ie. representing the shear span 
of a 4.5m beam), failed in concrete compression followed by plate tensile fracture. The 
concrete began to show visible signs of compressive failure at approximately 90% of the 
maximum load carried by the beam; the compressive failure was progressive and led to 
the increased deformation that caused plate fracture. As with the above 2.3m beam 
heavily reinforced in shear, the plate fractured progressively throughout its width and the 
fractured strips of plate in the shear span extended as far as the plate end anchorage 
without impairing its performance. The thickness of separated concrete was again thin in 
comparison with the full cover to the internal rebars and the adhesive remained in the 
curled shape shown in Figure 5.24 for beam P40, Heavy. Interlaminar fracture of the plate 
was evident, having extended as far as the plate end anchorages without affecting their 
integrity. The series of cracks through the thickness of the adhesive, observed in the 
non-prestressed half beam, was not seen in this prestressed member. 
Plate tensile fracture occurred in the 4.5m beam, P2R2 bars/4.5m, in the same fashion 
described for the above 2.3m beams, and the thickness of separated soffit level concrete 
was also similar. The cracking pattern shown in Figure 4.17 (page 88), for the 
comparable non-prestressed beam, occurred near one of the loading positions shortly 
before beam collapse, although these cracks did not appear to influence the final failure 
mode of the beam and were narrower than in the non-prestressed member, beam B3. No 
soffit level propagation of shear cracks was found and, consequently, no cracks through 
the thickness of the adhesive were found in the shear spans. However, adhesive cracks 
were seen in line with the widest flexural cracks in the constant moment region. 
Beam P25/3 bars/4.5m also experienced plate fracture, but compressive failure of the 
concrete occurred first. The composite plate again fractured into relatively narrow 
widths in the constant moment region and wider strands in the shear spans. Concrete 
crushing started at 70 kN, 99.3% of maximum, and the beam then experienced relatively 
high deflection, per unit increase in applied load, until the onset of plate fracture. This 
result indicates that plate fracture was caused by high strains brought about by large 
deflection, but the original failure of the beam was by concrete crushing. The composite 
plate again fractured throughout its thickness and this interlaminar failure propagated to 
the plate end anchorage positions. As in the previous 2.3m and 4.5m prestressed beams, 
the adhesive was damaged in an arched fashion and the concrete cover layer did not 
separate from the internal reinforcement. Adhesive cracks were not present. 
Beam P40/3 bar., /4.5m experienced the failure of fibres in the CFRP plate at a load of 60 kN 
in the constant moment region of the beam. This continued until the maximum load of 
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72.8 kN, at which plate fracture progressed more rapidly with the failure of a larger 
number of strands between the loading positions of the beam. The accelerated failure of 
the plate caused a drop in load to 66 W, at which the plate broke completely. 
Compressive failure of the concrete occurred in the time during which the applied load 
fell from 72.8 kN to 66 kN. The load tests of all the beams were load-, rather than 
deflection-, controlled but opening of the loading valve did not apply any further load 
after 72.8 kN had been reached. This was because the beam was deflecting rapidly due 
to the progressive failure of the plate. The plate end anchorages were again intact after 
beam collapse and the widths of failed plate strands were again narrowest in the constant 
moment region. The failure of the plate into two separate lengths was associated with 
separation of the concrete cover to the internal rebars in the constant moment region, 
similar to the failure mode of beam P50/1/1.0. shown in Figure 5.19 (page 224), rather 
than the arched adhesive failure observed in the previous two 4.5m beams with a 25% 
nominal prestress level. Again, adhesive cracking did not occur. 
Composite plate fracture occurred in beam P50/3 ban/4.5m also. Neither concrete 
crushing, nor plate end anchorage damage, was recorded. The fracture of the plate was 
associated with the exposure of the internal rebars, due to separation of the concrete 
cover layer over a short length in one of the shear spans. The plate fractured into wider 
strips in the shear spans than in the constant moment region and interlaminar failure also 
occurred, but adhesive cracking was not evident. 
Table 5.10 lists the distances at which the outermost visible shear cracks were located in 
the shear spans of the 2.3m and 4.5m beams; these distances are again taken from the 
load position in the appropriate shear span. As in the I-Om beams, the shear cracks 
extended further in the non-prestressed members and the extent of shear cracking 
decreased as the prestress became greater, despite the increase in ultimate load which 
would be expected to cause more widepsread cracking. It was difficult to detect a clear 
change in the angle of inclination of the shear cracks between the non-prestressed and 
the 26.5% prestressed 4.5m beams with 2 rebars, and between the 26.2% and 33.6% 
prestressed beams with 3 rebars, but there was a reduction in the value of a (Figure 5.22 
(page 227)) between the 26.2% and the 46.6% prestressed cases with 3 rebars, for which 
the increase in prestress was relatively high. 
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Table 5.10 Extent of shear cracIdng in the 2.3m and 4.5m beams 
Beam Prestress 
(0/0) 
Distance to outermost 
shear crack (mm) 
Shearspan Failure load 
(kA9 
2.3m. beams 
B1 0.0 805 Failed 100.30 
P40/13m 40.3 805 Failed 68.00 
S4 0.0 705 Non-failed 114.80 
S5 0.0 725 Failed 104.50 
P40/Heavy 40.6 815 Note 1 131.00 
H4 0.0 1260 Note 2 34.17 
H5 0.0 1200 Note 2 30.14 
P25/H& 23.7 1015 38.21 
4.5m beams 
B3 0.0 1050 Non-failed 60.00 
P25/2 bars/4.5m 26.5 935 Note 1 63.80 
P25/3 bars/4.5m 26.2 1195 Note 1 70-50 
P40/3 bam/4.5m 33.6 1000 Note 1 72.80 
P50/3 bars/4.5m 46.6 960 Note 1 76.50 
I Plate separation did not cause collapse so neither shear span was failed or non-failed 
2 The half bearns had only one shear span 
Table 5.11 lists the characteristic loads of the 2.3m and 4.5m beams and Table 5.12 gives 
the strengthening values. Table 5.12 excludes strengthening data for the 2.3 half beams 
because no unplated member was tested. The concrete cracking load entries for beams 
BI and H5 are left blank because, as explained in Chapter 4, these beams were 
inadvertently cracked before the test began. No steel rebar yield load is given for beam 
P40/2.3m because the premature plate end anchorage failure occurred before yield of the 
rebars. Considering the strengthening to cracking of beams S4, S5 and B3, it is found 
that the non-prestressed plates provided little or no improvement in the load required to 
crack the concrete, as was the case with the I. Orn non-prestressed beams, but the 
prestressed members experienced considerable improvements. Table 5.12 shows that 
the improvements at each of the three stages of the loading range (cracking, yield and 
ultimate), due to prestressing, were lower than in the I. Om beams (Table 5.8), indicating 
the less pronounced effect of prestressing on the larger sections; this was the case even at 
the prestress of 46.6%, the highest used in the 2.3m and 4.5m beams, at which the initial 
prestressing force was high (68.9 kN) compared with the greatest force for the I. Om 
beams (35.4 kN). 
The characteristic loads of these beams also increased with rising plate prestress and the 
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strengthening achieved to the ultimate limit state was again greater than to yield. The 
two 4.5m beams with the 25% nominal prestress level, beams P2R2 bars/4.5m and P25/3 
bars/4.5m, experienced very different strengthening values, despite their almost identical 
initial plate tensions. The former, with only 2 bars, was strengthened more than the 
latter, with 3 bars, because the characteristic loads of the unplated former member were 
lower than those of the latter. This shows that strengthening values are affected by the 
reinforcement provision in the original structure before plates are bonded; a lower 
provision is associated with greater strengthening. 
Table 5.11 Concrete cracking, steel yield and ultimate loads of the 2.3m and 4.5m 
beams 
Beam Prestress Concrete cracking Steel rebaryield Ultimate load 
NO load (kA9 load (kA9 (M 
2.3m beams 
BunpL/2.3m 7.00 52.50 55.00 
BI 0.0 - 75.00 100.30 
P40/7-3m 40.3 40.00 - 68.00 
SunpL/licavy - 12.00 60.00 63.90 
S4 0.0 13.00 90.00 114.80 
S5 0.0 13.00 90.00 104.50 
P40/Heavy 40.6 40.00 120.00 131.00 
H4 0.0 3.13 26.71 34.17 
115 0.0 - 24.49 30.14 
P25/Half 23.7 6.96 33.07 38.21 
4.5m be s 
BunplJ2 bars/4.5m 4.00 26-50 28.5 
B3 0.0 4.00 42.00 60.00 
P2512 bars/4.5m 26.5 12-00 54.00 63.80 
BunpL/3 bars/4.5m - 5.00 40.00 42-30 
P25/3 bars/4.5m 26.2 12.00 63.00 70.50 
P40/3 bms/4.5m 33.6 16.00 64.00 72.80 
P50/3 bus/4.5m 46.6 16-00 68.00 76.50 
Table 5.13 (page 239) gives the serviceability loads of the 2.3m and 4.5m beams; the 
serviceability strengthening values of the half beams, H4, H5 and P25/Mff, are omitted 
since, as mentioned above, no comparable unplated member was tested. The 
serviceability condition is reached by the concrete compressive stress in all the non- 
prestressed and prestressed beams except the 2.3m members heavily reinforced 
internally in shear, for which the characteristic concrete strength was relatively high at 
61.5 Wa. The improvements in serviceability load with increasing prestress in the 4.5m 
beams and the half beams are relatively small because these beams had a long shear span 
so little additional applied load would be required to bring about the extra section 
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rotation corresponding to the higher change in stress at the top of the beam. As 
mentioned earlier, the serviceability load of beam P40/2.3m is based on the relatively high 
concrete strength of 58 NTa, compared with 47 Wa for the non-prestressed and 
unplated 2.3m beams, BI and BunpIJ2.3m- If the concrete strength of this prestressed 
beam had been 47 N[Pa, the serviceability load would have been 50.52 kN rather than 
61.01 kN. 
Table 5.12 Strengthening achieved to cracking, yield and ultimate in the 2.3m and 4.5m 
beams 
Beam Prestress 
NO 
Strengthening to 
cracking r1q) 
Strengthening to 
yield r1o) 
Strengthening 
to ultimate (106) 
2.3m beams 
BunpL/2-3m - - - 
B1 0.0 42.9 82.4 
P4W2.3m 40.3 471A - 23.6 
SunpL/Heavy - - - - 
S4 0.0 8.3 50.0 79.7 
S5 0.0 8.3 50.0 63.5 
P40/Heavy 40.6 471.4 100.0 105.0 
4.5m beams 
Bunpl/2 bars/4.5m - - - - 
B3 0.0 0.0 58.5 110.5 
P25/2 bars/4.5m 26.5 200.0 103.8 123.9 
BunpL/3 bars/4.5m - - - 
P25/3 bars/4.5m 26.2 140.0 57.5 66.7 
P40/3 bars/4.5m 33.6 220.0 60.0 72.1 
P50/3 bars/4.5m 46.6 220.0 70.0 80.9 
5.4.2.5.2 Deformation responses to applied load 
Having now demonstrated that prestressing improves the characteristic and 
serviceability loads of plated beams, the responses of the beams to an externally applied 
load will next be considered. These responses are presented first as the increments of 
maximum deflection and strain with applied load, before showing the total plate strains 
as a function of applied load; the total plate strain is the sum of the strain after transfer 
and the increment generated during the load test of each beam. 
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Table 5.13 Serviceability loads of the 2.3m and 4.5m beams 
Beam Prestress Serviceability load Strengthening to serviceability 
(0/0) (kAP load r1p) 
2.3m beams 
BmpL/2-3m 39.29 
B1 0.0 44.84 14.1 
P40/2.3m 40.3 61.01 55.31 
SunpL/Heavy - 43.19 
S4 0.0 57.64 33.5 
S5 0.0 57.64 33.5 
P40/Heavy 40.6 62.21 44.0 
H4 0.0 15-33 
H5 0.0 15.33 
P25/Half 23.7 16.18 
4.5m be s 
BunpL/2 bars/4.5m - 22.95 - 
B3 0.0 26.35 14.8 
P25/2 bars/4.5m 26.5 27.09 18.0 
BunpL/3 baW4.5m - 26.66 - 
P25/3 busl4.5m 26.2 30.05 12.7 
P40/3 bars/4.5m 33.6 30.78 15.5 
P50/3 bars/4.5m 46.6 31.92 19.7 
I Based on characteristic concrete strength of second batch 23m beams 
Figure 5.25 shows the load-deflection responses of a selection of the I. Orn beams. Both 
the bolted plate end anchorage and anchorage under the supports are represented for each 
prestress level; beams P25/2/1.0m and P50/3/1.0m are excluded because these failed at an 
unrepresentatively low load due to rebar damage during drilling of the bolt bores (P2512/ 
1.0. ) and by plate slippage (P50/3/1.0m). Although not shown, the load-deflection curve 
of beam P50/3/1.0m is similar to that for beam P50t2/1.0m up to the maximum load of P50/3/ 
1.0m, so the loss of prestress in two strips of plate had no detrimental effect on the 
subsequent performance of beam P50/3/1.0m. The relatively high maximum deflections of 
the non-prestressed beams with plate end anchorage, compared with the unanchored 
beam, A2b, can be seen. The prestressed beams did not reach greater maximum 
deflections than the anchored non-prestressed member, A2bsupp, since structural 
collapse occurred at the same or lower deflections due to plate tensile fracture or due to 
shear. The prestressed beams were all stiffer than the non-prestressed beams. For 
example, although the nominal prestress levels of 0%, 25% and 50% (beams A2b,,, p., 
P25/1/1.0m and P50/1/1.0m), all anchored under the beam supports, were associated with 
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similar ultimate loads, the midspan deflection decreased, at any applied load value 
before failure, with ascending prestress. 
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Figure 5.25 Deflection responses to applied load of the I. Om beams 
Table 5.14 lists the beam stiffnesses in each region of the loading range, as determined 
from the slopes of the load-deflection curves. 
Table 5.14 I. Om beam stiff-hesses by deflection 
Beam Prestress 
(0/0) 
Pre-cracking 
stiffness (kXlmm) 
Post-cracking 
stiffness (kNImm) 
Post-lyield stiffiiess 
(kV1m M) 
A. ýpj. b - 
9.15 3.57 0.07 
A2b 0.0 19.52 5.60 2.32 
A2bsupp. 0.0 15.50 6.22 2.45 
A2bb, jt, 0.0 21.83 6.38 2.58 
P25/l/I. Orn 23.5 12.27 6.43 2. % 
P25/2/1.0in 23.7 10.54 5.34 2.59 
P25/3/1.0m 21.1 13.66 5.89 2.38 
P50/l/I. Orn 47.2 11.83 6.67 2.68 
P50/2/1.0in 45.2 10.81 6.72 2.75 
P50/3/1.0m 45.2 12.60 7.20 2.41 
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These stiffness values vary between the three beams within each prestress group so it is 
difficult to identify a clear trend as the prestress rises. However, the post-cracking 
stiffnesses do show that the resistance to applied load increased with rising prestress, 
seen most clearly from the values for the 50% prestress. 
It is important that a plated beam retains as much stiffness as possible after the concrete 
cracks and the steel yields so that additional load will not cause excessive deformation of 
the structure; Table 5.15 gives the proportion of the pre-cracking (ie. intact) stiffness 
exhibited in the post-cracking and post-yield regions of the loading range. 
Table 5.15 Retained stiffnesses after cracking and yield of the I. Om beams 
Beam Prestress Post-crackingproportional Post-yieldproportional 
(0/0) stiffness r1o) stiffness r1q) 
A, wl. b 39.0 0.8 
A2b 0.0 28.7 11.9 
A2b,, pp. - 0.0 40.1 15.8 
A2bb, hs 0.0 29.2 11.8 
P25/1/1.0m 23.5 52.4 20.9 
P25/211. Om 23.7 50.7 24.6 
P25/3/1.0m 21.1 43.1 17.4 
P501111.0m 47.2 56.4 22.7 
P50/2/1.0m 45.2 62.2 25.4 
P50/3/1.0m 45.2 57.1 19.1 
The Table shows that the prestressed beams retained a greater proportion of their original 
stiffness than the non-prestressed members; the proportional retention increased with 
rising prestress, indicating the ability of prestressed plates to control the rate of structural 
degradation with further applied load. 
As for the non-prestressed beams with plate end anchorage, the load-deflection curves of 
the prestressed members show a reduced slope immediately before final structural 
collapse, this being due to the impaired resistance to applied load caused by the 
acceleration of the failure mechanism. This mechanism was the opening of the vertical 
component of a shear crack in the non-prestressed members and the beams with the 25% 
nominal prestress, while the nominally 50% prestressed beams experienced plate tensile 
fracture and shear cracking through the plate end anchorage. The most dramatic 
reduction in slope was for beam P50/j/1.0m which failed by plate fracture; the sharp loss 
of stiffness reflects the brittle nature of this failure mode. The blue solid line 
representing this beam in Figure 5.25 shows that the stiffhess of the beam increased 
temporarily between applied loads of 49.5 kN and 50.5 kN, this was because the plate 
experienced an initial fracture, causing the load-deflection curve'to become almost 
horizontal, and the next series of fractures occurred after the additional I kN had been 
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applied, after which the stiffness did not increase again since the plate failed completely. 
The plate end anchorage of beam P50/j/1.0m was secure so strain was transferred 
efficiently into the plate, leading to the brittle failure. Beam P50WI. 0m, however, 
developed a shear crack through the plane of the anchorage bolts so the effect of the 
applied load was to uproot the bolts by the vertical widening of the shear crack, rather 
than to transfer strain efficiently into the plate by flexure in the constant moment region. 
Therefore, the plate strain did not reach as high a magnitude as in beam P50/j/1.0m so the 
beam was able to carry further load beyond that associated with plate fracture. The V- 
shaped profile of the deflection response at a load of 56 W was caused by an increased 
disturbance of the anchorage bolts, after which the load increased back to its original 
level before the beam collapsed. 
Although the bolted anchorage failure was responsible for structural collapse in beam 
P50/2/1.0m, the anchorage performed well up to the point at which plate fracture occurred 
in beam P50/j/1.0m, as seen by the similarity in the load-deflection curves. The curves 
representing the bolted anchorage and the anchorage under the supports are similar also 
for the nominally 25% prestressed beams and the non-prestressed members, indicating 
the adequacy of the bolted anchorage to maintain structural integrity at least as well as 
the anchorage under the supports. 
Figure 5.26 shows the midspan plate strain responses to applied load of the beams 
represented in Figure 5.25. The curve for beam P50/j/1.0m shows a dramatic increase in 
strain at a load of 43 kN; this is because the midspan strain gauge failed at this load, 
initially recording the high strain shown, before falling to a strain of zero during the 
remainder of the load test. As with the load-deflection behaviour of beam P50/3/1.0m, the 
load-plate strain behaviour was similar for this beam and beam P50/2/1.0m, so the loss of 
prestress in two strips of plate did not influence the subsequent increments in strain of 
the plate of beam P5013/1.0m. 
All the curves in Figure 5.26 start at the origin, although the plate strain in the 
prestressed cases was non-zero before external load was applied to the beams. This 
presentation is used for ease of comparison of the strain increments, per unit increase in 
applied load, between the various cases. The Figure shows that the rate of strain 
increase, with respect to applied load up to the onset of concrete cracking, was similar 
for the non-prestressed and prestressed beams. Between cracking and yield, the curves 
for the prestressed beams are again slightly steeper than for the non-prestressed beams, 
consistent with the improved stiffness generated by prestressing. Beyond yield of the 
internal reinforcement, the prestressed and non-prestressed stifffiesses were similar. The 
main difference between the non-prestressed and prestressed beams is that the former 
cracked and yielded at lower loads so these beams experienced higher overall increases 
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in strain throughout the load tests. 
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Figure 5.26 Increments in plate strain of the I. Om beams 
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The fact that the pre-cracking curves in Figure 5.26 were similar for the prestressed 
beams shows that the precompression applied to beam P50/1/1.0, (50% nominal 
prestress) did not influence the subsequent beam behaviour under load. The compressive 
strain due to the precompression was found, from demec measurements, to have been 
140 microstrain at an axial compression equal in magnitude to the prestress in the plate. 
This small compressive strain was converted to a combination of compressive and 
tensile strains throughout the beam section after prestress transfer; by calculation of 
prestress transfer strains in the same way as for conventional prestressed concrete, it is 
found that an axial compression of this magnitude has virtually no effect on the 
distribution of section strains after transfer. Therefore, the precompressed beam 
experienced initial conditions similar to those that would have existed if precompression 
had not been applied. 
Chapter 4 introduced the ductility value of beams, defined as the ratio of ultimate 
deflection (or load) to the deflection (or load) at which the internal rebars yield. Table 
5.16 lists the ductilities of the I. Om beams with and without plate prestressl- the 
ductilities by deflection are based on the last data point, in the load-deflection curves, 
before the deflection increased to a high value at constant load when the beams 
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collapsed. The Table shows that the ultimate capacities of the prestressed beams were 
smaller multiples of the yield capacities than for the beams with non-prestressed plates, 
and that this multiple decreased as the prestress rose from the nominal 25% level to the 
50% level. This suggests the ductility by load tends towards unity with increasing 
prestress; a load ductility of 1.00 represents the case in which the beam shows no 
relatively high deformations to warn of impending structural collapse. The nominally 
50% prestressed case, beam P50/1/1.0m, failed by plate tensile fracture, while the 
nominally 25% prestressed beam, P25/1/1.0m, also with plate end anchorage under the 
beam supports, failed by plate separation due to a vertical shear crack opening; therefore, 
the lowering of the ductility by load shows that the failure becomes more brittle as the 
ultimate condition moves towards flexural collapse by plate fracture. The reduced 
deformation of the prestressed beams is reflected in the lower ductility by deflection as 
the prestress increased; compare, for example, beams P25/1/1.0m and P50/1/1.0m, whose 
plates were anchored under the beam supports and in which the failure occurred between 
the anchorage positions rather than at or outside the anchorages. 
Table 5.16 Ductilities of the I. Om beams 
Beam Prestress 
(0/0) 
Ductility by 
deflection 
Ductility by 
applied load 
A,, Wl. b - 8.03 1.20 
A2b 0.0 2.50 1.62 
A2bsupp_ 0.0 5.65 2.26 
A2bbohs 0.0 4.65 1.99 
P25/1/1.0m 23.5 2.72 1.50 
P25/2/1-Om 23.7 2.16 1.41 
P25/3/1.0m 21.1 3.14 1.44 
P50/1/1.0m 47.2 2.03 1.17 
P50/211. Orn 45.2 2.31 1.33 
P50/3/1.0m 45.2 2.19 1.33 
Figure 5.27 shows the plate strain increments with applied load for the end of the plate in 
the failed shear span of the non-prestressed beam, A2bupp., and the nominally 25% 
prestressed beam, P25/1/1.0m, also with plate end anchorage under the beam supports. 
The strain gauge locations are referred to in the legend as the equivalent distances from 
the end of the comparable unanchored plate of beam A2b. 
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Figure 5.27 Plate end strain increments in the failed shear span of beams A2b, upp_ and P')5/1/1. OM 
The Figure shows that the rate of strain increase, with respect to applied load, increased 
relatively early in the non-prestressed case. The large increase in strain shortly before 
failure in both cases is due to the separation of the plate between the beam loading 
position and the beam supporý causing the plate to act as a tie member under the soffit, 
with a considerable increase in tension as a result. This increase in plate end strain in the 
non-prestressed beam occurred over a greater range of applied load than in the 
prestressed member, so the separation of the plate developed more gradually in the non- 
prestressed case, whereas the failure of the prestressed beam was more brittle. 
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Figure 5.28 Plate end strain increments in each shear span of beam P50/1/1.0m 
Figure 5.28 shows the plate end strain increments at the 5mm, 15mm and 25mm 
positions for each shear span of the nominally 50% prestressed beam, P50/l/I. Orn, again 
with plate end anchorage under the beam supportsl- the solid curves represent one shear 
span and the dashed curves, the other. The maximum plate end strain increment in this 
beam was 998 microstrain, far lower than the 6418 microstrain of the 25% prestressed 
case, beam P25/1/1. ()m, and the 6718 microstrain of the similarly anchored non- 
prestressed beam, A2b, upp.. This 
lower overall strain increment in the higher prestressed 
plate reflects the fact that this plate fractured in tension in the constant moment region 
rather than experiencing the high increase in strain associated with the separation of an 
anchored plate. As with the 25% prestressed beam, the increase in plate end strain 
occurred over a relatively small range of applied load compared with the non-prestressed 
member; for beam P50/1/1.0, n, this 
load ran e was that over which the plate fractured 
progressively, indicating that the longitudinal centreline of the plate, along which the 
strain gauges were bonded, experienced more rapidly increasing strain as the plate 
fractured elsewhere. 
The plate end strain in the above nominally 50% prestressed beam initially rose more 
rapidly than in the 25% case. Also, the plate end strain initially rose more rapidly in the 
nominally 25% prestressed case than in the non-prestressed member. Therefore, the 
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strains at the end of the plate, under greater prestress levels, rose at an initially higher 
rate, with respect to applied load, but the strains in the constant moment region did not 
show this response; instead, the rates of strain increase in this region were the same for 
non-prestressed and prestressed beams, or lower in the prestressed cases. The higher 
plate end strain rates, with increasing prestress, reflect an improvement in composite 
action between the concrete and the plate at the plate ends. However, the lack of any 
increase in the strain rate in the constant moment region indicates that the composite 
action in this purely flexural region was already fully established before the plate was 
prestressed. Similar plate end and constant moment findings will be reported later for 
the larger scale 2.3m beams. 
Figure 5.29 shows the load-deflection responses of the 2.3m. beams with the high internal 
shear reinforcement provision and of the prestressed beam with the standard provision, 
beam P40/2.3.. These curves also show the similarity in the pre-cracking responses of 
non-prestressed and prestressed members; the post-cracking slope of the prestressed 
beam, P40/Heavy, was slightly steeper than that of the non-prestressed beam with the same 
plate end anchorage (ie. bolts), beam S5, as shown by the stiffness values in Table 5.17 
(page 249). This Table excludes pre-cracking stiffnesses for beams BI and H5 since 
these beams were inadvertently pre-cracked; also, a post-yield value is omitted for beam 
P40/2.3. because this member failed prematurely before the steel yielded, as shown by 
the fact that the curve for this beam in Figure 5.29 terminates well below the yield point 
of the similarly prestressed beam, P40/Heay. The pre-cracking stiffness of beam P40/ 
Heavy was lower than the stiffness of beam P40/2.3m (whose stiffhess was similar to that of 
the non-prestressed beams heavily reinforced in shear), despite the similarity in their 
material properties; however, the concrete cracking loads were equal at 40 kN. Ibe 
initially low stiffness of beam P40/Heavy is attributed to the greater strains induced 
throughout the section by prestress transfer, as shown in Figure 5.30 (page 248). This 
Figure shows that the tensile strain at the top of the beam, and the compressive strain at 
the bottom, were both greater in beam P40A&avy, so there was less initial resistance to 
applied load in this member. The initial prestress in beam P40/Heavy was 40.6%, 
compared with 40.3% for beam P40/2.3m, so the higher transfer strains in the former were 
not due to the prestress having been significantly greater. They are thought, instead, to 
have been caused by longer transfer cracks created by the weak steel/concrete interfaces 
at the positions of the shear links which were greater in number in beam P40 e an /Heavy; MY 
of the concrete cracks due to prestress transfer lay in line with the links, as determined in 
a covermeter survey of the internal reinforcement. 
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Figure 5.29 Deflection responses to applied load of the 2.3m beams heavily reinforced 
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Figure 5.30 Section strains due to prestress transfer in beams P40/2.3m and P40/Hea-%-N- 
The drop in the load-deflection curve of beam P40/2.3m at a load of 56 kN is due to a large 
widening of the crack at the plate end anchorage position (Figure 5.23 
(page 232)), 
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causing a temporary loss of stiffness before the load was subsequently restored. The 
subsequent path of the curve follows that for beam P40/Heay, indicating, as expected, 
that the additional shear reinforcement had no influence on the flexural behaviour of the 
beam. This is seen also by the similarity in the pre-cracking curves of beam P40/2.3m and 
the non-prestressed beams with additional shear reinforcement. 
Table 5.17 2.3m and 4.5m beam stiffnesses by deflection 
Beam Prestress Pre-cracking Post-cracking Post-yieldstiffness 
(0/0) stiffness (k? Vlmm) stiffness (kNImm) (kNImm) 
2.3m be s 
BunpUl3m 16.14 4.87 0.14 
BI 0.0 - 6.74 2.11 
P40/2.3m 40.3 19.90 5.13 - 
SunpL/Heavy - 16.64 6.04 0.29 
S4 0.0 19.37 7AI 2.88 
S5 0.0 19.56 7.27 2.58 
P4&Heavy 40.6 15.20 733 2.94 
H4 0.0 0.63 037 0.20 
H5 0.0 - 0.34 0.18 
P25[Half 23.7 1.76 0.37 0.15 
4.5in be s 
BunpU2 bars/4.5m - 2.79 0.72 0.02 
B3 0.0 3.00 0.88 0.51 
P25/2 bars/4.5m 26.5 2.06 1.02 0.38 
BunpL/3 bars/4.5m - 2.27 0.95 0.02 
P25/3 bars/4.5m 26.2 1.89 1.09 0.81 
P40/3 bars/4.5m 33.6 1.65 1.05 0.47 
P5013 bars/4.5m 46.6 1.57 1.17 0.47 
Table 5.18 (page 251) shows the proportions of the intact bealn stiffness retained after 
concrete cracking and steel yield indicating that, as in the I-Om beams, the 2.3m and 
4.5m beams also retained a greater proportion of their original stiffness when the plate 
was prestressed. 
The plate strain response to applied load of the prestressed beam, P4o/H, ýavy, was similar 
in form to those of the prestressed I. Om beams shown in Figure 5.26 (page 243) - ie. the 
increment in plate strain, per unit applied load, was lower for the prestressed beam due to 
the greater structural stifiness of the prestressed member, as shown in Figure 5.31 (page 
250); the relatively high strains of beam SS are due to the elevating effect of concrete 
cracking at the midspan location. 
As in the I. Orn beams, the increment in plate strain to yield of the internal reinforcement 
was greater in the prestressed beam, P40, Heay, because the yield load was greater than 
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those of the non-prestressed beams, although the overall strain increment to failure was 
lower. In the case of this prestressed 2.3m beam, failure was achieved by plate tensile 
fracture and the total plate strain at yield was high (due to the prestress), so little 
additional tension was transferred to the plate before it reached its ultimate strain. The 
non-prestressed beams, however, carried more additional tension beyond yield so the 
overall strain increment was higher. 
140 
120 
100 
80 
60 
40 1 
20 ý 
01 
0 
. --- 
P40/Heavv 
1000 2000 3000 4000 5000 6000 
Midspan plate strain increment (microstrain) 
- S4 
---4---ý 
7000 8000 
Figure 5.31 Increments in plate strain of beams S4, S5 and P40/Heavv 
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Table 5.18 Retained stiffnesses after cracking and yield of the 2.3m and 4.5m beams 
Beam Prestress Post-cracking proportional Post-yieldproportional 
(0/0) stiffness r1q) stiffizess r1o) 
2.3m beams 
BunpU7-3m 30.2 0.9 
BI 0.0 - - 
P40/2.3m 40.3 25.8 - 
SunpL/Heavy - 36.3 1.7 
S4 0.0 38.3 14.9 
S5 0.0 37.2 13.2 
P40/Heavy 40.6 48.2 19.3 
H4 0.0 58.7 31.7 
H5 0.0 - - 
P25/Half 23.7 21.0 8.5 
4.5m be s 
BunpU2 bars/4.5m 25.8 0.7 
B3 0.0 29.3 17.0 
P25/2 bars/4.5m 26.5 49.5 18.4 
BunpL/3 bars/4.5m - 41.9 0.9 
P25/3 bars/4.5m 26.2 57.7 42.9 
P40/3 bars/4.5m 33.6 63.6 28.5 
P50/3 bars/4.5m 46.6 74.5 29.9 
Figure 5.32 shows the plate end strain increments, at a distance of 80mm from the end of 
the plate in the failed and non-failed shear spans, of the anchored non-prestressed and the 
nominally 40% prestressed 2.3m beams heavily reinforced in shear, the solid curve 
represents the failed shear span of the non-prestressed beam and the dashed curves 
represent the non-failed shear spans. Such a comparison of plate end strain responses 
cannot be made for the 2.3m beams with the standard shear provision because a non- 
prestressed beam with plate end anchorage was not tested. 
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Figure 5.32 Plate end strain increments at the 80mm location in the failed and non- 
failed shear spans of beams S5 and P40/Heavy (solid curve represents failed 
shear span of the non-prestressed beam) 
The Figure shows that the plate end strain increments were much greater throughout the 
loading range of the prestressed case than of the non-prestressed beam, consistent with 
the earlier plate end strain rate finding of the 1.0m beams. This I. Orn beam result is seen 
again in Figure 5.33 for the 65mm plate end position in the present 2.3m beams - ie. 
5mm from the end of the 60mm long GFRP anchorage block-I the Figure shows that the 
prestressed strain rates were initially relatively high but became lower with further 
applied load, whereas the non-prestressed rate remained constant up to an applied load of 
65 kN. One end of the prestressed beam experienced a much greater strain increase than 
the other, so it Is not certain which curve is representative. However, it is clear from 
Figures 5.32 and 5.33 that the prestressed strain rates were greater than the non- 
prestressed rates at the 80mm and 65mm positions, whereas the rates were similar in the 
constant moment region, as shown in Figure 5.31 (page 250). Therefore, the relative rate 
at which tensile strain was transferred to the prestressed plate, normalised against the 
non-prestressed plate, became lower with distance from the plate end anchorage 
position, indicating that the improvement in beam/plate composite action, due to 
prestressing, became less pronounced with distance along the plate. 
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Figure 5.33 Plate end strain increments at the 65mm location in the failed and non- 
failed shear spans of beams S5 and P40/Heavy (solid curve represents failed 
shear span of the non-prestressed beam) 
Since the rate of strain development in the plate, with respect to applied load, reflects the 
efficiency of the strain transfer through the adhesive, it may be said that prestressing the 
plate improved the adhesive strain transfer ability near the end of the plate but not within 
the constant moment region. The change in plate strain in the constant moment region 
was found to be compatible with the change in strain throughout the concrete section - ie. 
full composite action was achieved between the concrete and plate in this part of the 
beam where the strain rates were similar for the non-prestressed and prestressed beams. 
The plate end improvement in composite action is shown in Figure 5.34 which shows the 
much more rapid increase in strain at the ends of the plate, giving rise to a more nearly 
uniform distribution of plate strain throughout the plate length. 
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Figure 5.34 Plate strain distributions for the non-prestressed and prestressed 2.3m 
beams heavily reinforced in shear 
Under the longer shear spans of the 4.5m beams, tested either as 2.3m half beams or as 
4.5m four point bending specimens, there was no such improvement in the composite 
action at the ends of the plate, consistent with the absence of a plate end influence under 
such a high shear span/depth ratio, the conclusion drawn in Chapter 4. 
As noted in Chapter 4, the anchored non-prestressed beam heavily reinforced in shear, 
beam S5, exhibited a stepped increase in plate end strain, shown again in Figures 5.32 
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and 5.33. The unanchored beam also showed this stepped strain profile at the plate ends, 
whereas the unanchored beam with the standard shear reinforcement provision did not. 
Stepped increases in midspan deflection and plate strain were also found for the beams 
heavily reinforced internally in shear, as shown in Figures 5.29 (page 248) and 5.31 
(page 250), respectively; these were attributed in Chapter 4 to frequent and abrupt losses 
of shear stiffness during the loading range of the beams with the initially high shear 
stiffness. Figures 5.32 and 5.33 show that the stepped increases in plate end strain were 
less severe in the prestressed beam, occurring more gradually rather than abruptly. 
Therefore, the prestressed plate was better able to limit the losses of stiffness throughout 
the loading range, even at higher loads than in the non-prestressed beams. 
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Figure 5.35 Deflection responses to applied load of the 2.3m beams tested as half 
beams 
Figures 5.35 and 5.36 show the maximum deflection and plate strain increments, 
respectively, of the half beams, H4, H5 and P254blf - ie. the deflection at the position of 
the applied load and the plate strain adjacent to the clamped end (Figure 4.56 (page 
167)). The linear potentiometer at the end of the beam was removed before failure in 
tests H4 and P25/Half to avoid damaging the instrument, as indicated by the arrows in 
Figure 5.35. The erratic regions of the curves, near failure, are due to the load having 
been applied rapidly with the hydraulic jack (Figure 4.56 (page 167)) so that the failure 
events could be captured on high speed video, the load was not applied rapidly near the 
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Figure 5.36 Increments in plate strain of the 2.3m beams tested as half beams 
Unlike all other results of prestressed beams, beam P25/11alf exhibited no improvement in 
post-yield stiffness over the non-prestressed member, H4, as seen in both Figure 5.35 
and 5.36; the reason for this anomaly is unclear, but the improvement in the concrete 
cracking, steel yield and ultimate loads is displayed clearly. The incremental plate strain 
response of beam P25/Half, in Figure 5.36, shows a progressive reduction in slope beyond 
point A; this point marks the load at which concrete compressive failure began and the 
reduction in slope is attributed to the progression of this failure, causing a degradation of 
stiffness sufficient to raise the section rotation to that associated with plate tensile 
fracture. 
Figures 5.37 and 5.38 show the deflection and plate strain increments, respectively, of 
the 4.5m beams; the beams with 2 internal rebars are shown in red, while the beams with 
3 rebars are shown in different colours for clarity. The curves for beam B3 extend to a 
load of only 50 kN because this beam was loaded rapidly beyond this load so that the 
failure could be captured on high speed video, - the actual maximum load was 60 kN. 
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As in the I. Om and 2.3m beams, the deflections of the prestressed members, under a 
given load, were lower than those of the non-prestressed beam, B3. However, beam P50/ 
3 bars/4.5m, with the highest prestress and 3 internal rebars, experienced a relatively high 
rate of increase in deflection up to a load of 5 kN, beyond which the stiffness of the 
member increased. This initially low stiffness caused the deflection of beam P50/3 bars/ 
4.5m to be as high as the deflection of beam P25/3 bars/4.5m, with the lower prestress of 
25%. This contradicts the previous finding that stiffness increases with rising plate 
prestress; the anomalous result is attributed to the closing of prestress transfer cracks at 
the top of the beam, the section rotation due to transfer having been greatest in beam P50/ 
3 bars/4.5m, as shown by its strain profile in Figure 5.17 (page 220) and by the relatively 
long cracks in Figure 5.18. The deflection-increasing effect of the prestress transfer 
cracks was presumably magnified by the long span of the beam. 
5.4. Experimental work 257 
80 
70 
60 
50 
40 
30 
20 
10 
0 
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It will be noted that the load-deflection behaviour of the beam with no prestress and 2 
tensile rebars, B3, was the same as that of the unplated beam with 3 bars, BunplA bars/ 
4.5m, as far as the maximum load of the unplated beam. This indicates that the addition 
of the non-prestressed bonded CFRP plate resulted in the same stiffness as did the use of 
an extra bar, but the ultimate load of the plated beam was higher, indicating that the plate 
was able to compensate for the lack of a reinforcing bar and still provide further 
capacity; prestressing the plate improved the stiffness and capacity even further. The 
improved stiffness of the prestressed beam with 2 rebars is shown also by a comparison 
of the post-cracking slopes of the dashed and solid red curves in Figure 5.38. 
Table 5.19 shows the ductilities by deflection and applied load of the 2.3m and 4.5m 
beams. The ductility by deflection given for beams BI and B3 are the values that 
correspond to the highest post-yield deflection recorded, this having been lower than 
ultimate since data were not recorded beyond a load of 95 kN (B I) and 50 kN (B3) 
because the load was applied rapidly so that the failure could be captured on high speed 
video. Beam P40/2.3m experienced no post-yield behaviour because the plate end 
anchorage failed before yield. 
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Table 5.19 Ductilifies of the 2.3m and 4.5m beams 
Beam Prestress 
NO 
Ductility by 
deflection 
Ductility by 
applied load 
2.3m beams 
BunpU2-3m - 2.57 1.05 
BI 0.0 1.61* 1.34 
P40/2.3m 40.3 
SunpL/Heavy - 2.03 1.07 
S4 0.0 1.78 1.28 
S5 0.0 1.51 1.16 
P40/Heavy 40.6 1.25 1.09 
H4 0.0 1.51 1.28 
H5 0.0 1.24 1.23 
P25/Half 23.7 1.40 1.16 
4.5m beams 
BunpIJ2 bars/4.5m - 2.41 1.09 
B3 0.0 1.26* 1.33 
P25/2 baW4.5m 26.5 1.48 1.18 
BunpL/3 buV4.5m - 1.54 1.06 
P255 bars/4.5m 26.2 1.23 1.12 
P4&3 bars/4.5m 33.6 1.19 1.14 
P50/3 tmirs/4.5m 46.6 1.25 1.13 
* Ductility at least this value: see te)d for details 
As in the I. Om beams, the ductilities of the plated non-prestressed beams were lower 
than the values for the unplated beams but higher than for the prestressed members. 
Tberefore, considering both the I. Om and the larger beams, it is shown that prestressing 
reduces the post-yield proportional reserve of load carrying capacity whether failure is 
by premature plate separation or in flexure by concrete compressive failure or plate 
tensile fracture. 
The reduction in ductility by load of the I. Om beams with increasing prestress was 
associated with a change in failure mode from premature plate separation to plate 
fracture. However, in the prestressed 4.5m beams with 3 internal tensile rebars, a 
reduction in load ductility was not found with the increase in initial prestress from 26.2% 
to 46.6%, but the failure modes of these three beams were all the same - ie. plate fracture. 
This suggests the ultimate capacities of prestressed beams reach a roughly stable 
multiple of the yield capacity when the beams fail by plate fracture. The lower 
strengthening achieved with more internal tensile reinforcement in the 4.5m beams was 
associated with a lower ratio of ultimate load and deflection to those at yield for the 
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plated beams. Therefore, while the permissible applied load on a prestressed structural 
member, in which insufficient original reinforcement is provided, may be limited to a 
lower serviceability load than would be the case with more internal reinforcement, there 
will be a greater factor of safety to the ultimate limit state. 
The demec measurements made throughout each test allowed the section rotations to be 
plotted at given load levels. In both non-prestressed and prestressed beams, the rotations 
recorded during the load test must be added to the section strain distribution that exists 
before external load is applied, in order to find the actual strains throughout the depth of 
the member. For a non-prestressed beam, the initial strains throughout the depth of the 
section are merely those corresponding to the bending moment applied by the self weight 
of the beam; these initial strains are negligible compared with the strains recorded during 
the load test. However, for beams with prestressed plates, the initial strains are not 
negligible and the total strains throughout the section are reduced as a result. Figure 5.39 
shows the section strains of the non-prestressed beam, B3, for comparison with the 
strains of the nominally 25% prestressed beam, P25/2 bars/4.5m, shown in Figure 5.40. 
250 
S) 32 24 16 8 -4 
200 
150 
100 
50 
-50 -L 
-0.001 0 0.001 0.002 0.003 0.004 
Strain 
Figure 5.39 Section strains of the non-prestressed beam, B3 
Figure 5.39 shows that the strain increments in the plate lay on the projected distribution 
of strain increments in the concrete, this was the case in the prestressed beams also, but 
Figure 5.40 does not show this because the Figure gives total section strains rather than 
strain increments and the plate was initially under strain before external load was 
applied. Since the prestressed beam was intially in compression at its base, the strain at 
this level was of only a small tensile magnitude at a load of 8 kN, as shown by the low 
level of the neutral axis in Figure 5.40, the neutral axis lay at approximately 35mm from 
the soffit at 8 kN in the prestressed beam, while the level in the non-prestressed beam 
Magrutude of apphed lmd (kN) 
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was around 145mm. This shows that prestressing placed most of the concrete in 
compression at a low load, the neutral axis of the prestressed beam rose with increasing 
applied load, but it was always lower in the section than in the non-prestressed member 
at any given applied load. 
Figure 5.40 Section strains of the prestressed beam, P25/2 bars/4.5m 
Figure 5.41 shows the section strains of the prestressed 4.5m beams with 3 internal 
tensile rebars; the increasing prestress levels between diagrams are indicated by the 
rising maximum strains at the level of the CFRP plate. As the prestress increased, the 
level of the neutral axis shifted towards the soffit of the concrete, placing more of the 
section in compression. For example, at a load of 8 kN in the 26.2% prestressed case, the 
strain was of a small tensile magnitude in the bottom 50mm of the concrete depth, while 
the strain at this load was compressive throughout the whole of the concrete section at 
the 33.6% prestress level; the 46.6% prestress was sufficient to keep the concrete in 
tension at the top of the beam under an applied load of 8 kN. 
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Figure 5.41 Section strains of the prestressed 4.5m beams with 3 internal rebars; 
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0 0.001 0.002 
Therefore, in the 46.6% prestressed beam, the neutral axis rose initially by an amount 
marked 'stress reversal at 8 kN'. This length, equal to the difference between the neutral 
axis levels under zero applied load and 8 kN, is the depth of concrete over which 
prestress transfer cracks were closed by the compression induced by the applied load. At 
16 kN, the top of the concrete was in compression and the bottom was in tension, so the 
neutral axis fell to a level of approximately 30mm. When the whole of the concrete 
section is in compression, the neutral axis lies either at the bottom of the beam or at an 
imaginary point outside the beam. 
By comparison of the compressive strain at the top level of demec gauge points in the 
non-prestressed and the comparable prestressed beam (Figure 5.40), and in the beams 
with the three different prestress levels (Figure 5.41), it can be seen that prestressing did 
not significantly change the strain at the top of the beam, instead, the tensile strains at the 
bottom of the beam became lower due to the downward shift of the neutral axis. 
The above section strain profiles are linear for the prestressed beams, indicating that 
initially plane cross sections remained plane, as is the case for non-prestressed beams. 
Therefore, the universal theory of bending may be applied to beams prestressed with 
CFRP plates. Figure 5.42 shows the variation of curvature in the constant moment 
region, given by equation 5.1, with maximum applied bending moment for the above 
4.5m beams. 
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Figure 5.42 Moment-curvature responses in the constant moment region of the 4.5m 
beams 
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JC =I=E . -.. Eqn 5.1 R y' 
where ic is the curvature, R is the radius of curvature, & is the concrete strain at the top 
level of demec; points and y is the distance of this level of demec points from the neutral 
axis. The negative curvatures at zero applied moment represent the upward camber of 
the beams before external load was applied. The increased flexural rigidity brought 
about by prestressing is shown clearly by a comparison of the curves for the beams with 
2 rebars, the rate of increase in curvature, with respect to applied load, being lower for 
the prestressed beam, particularly after the onset of concrete cracking. 
As mentioned above, the load-deflection behaviour of the nominally 50% prestressed 
beam with 3 rebars showed an increase in stiffness above an applied load of 5 kN, 
thought to have been caused by the closure of prestress transfer cracks. The midspan 
deflection represents the behaviour of the beam over its entire loaded span, so the closure 
of cracks throughout the span will cause an increase in member stiffness. The reason 
why Figure 5.42 shows no such change in rigidity at a moment of 3.8 kNm in the 50% 
prestressed case, the moment corresponding to an applied load of 5 kN, is that the first 
demec measurement in this beam was taken at a bending moment of 6.1 kNm - ie. a load 
of 8 kN. The Figure shows that the load required to return the curvature to zero becomes 
greater with increasing prestress, as expected. The general form of the moment- 
curvature behaviour of the I. Om and 2.3m beams was the same as that shown in Figure 
5.42. 
Figure 5.43 shows the variation of the total plate strain with applied load for the I. Om 
beams. This Figure shows that the difference between the plate strains of the prestressed 
and non-prestressed beams became lower with increasing applied load, due to the 
continued high stiffhess of the prestressed beams after the non-prestressed beams 
cracked and yielded; the reducing difference is marked in Figure 5.43 for the 0% and 
23.5% prestressed beams in which the plate ends were anchored under the beam 
supports. The apparently low stiffness of the 4721/6 prestressed case, beyond 
approximately 42 W is due to the failure of the midspan strain gauge, as mentioned 
earlier. 
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A consequence of the continued high stiffness of prestressed beams is that a given plate 
strain is associated with a lower maximum deflection than in non-prestressed members. 
For example, Figure 5.43 shows that the plate strain at yield of beam P25/1/1.0m, with a 
prestress of 23.5%, was approximately 6000 microstrain; the non-prestressed beam with 
the same plate end anchorage (under the beam supports) yielded at a much lower plate 
strain, approximately 2300 microstrain, and its deflection at the strain of 6000 
microstrain was around 7mm, as shown in 5.25 (page 240), greater than the 5mm 
experienced by the prestressed beam. Therefore, prestressed plates are utilised more 
efficiently than non-prestressed plates because a given plate strain is associated with a 
lower structural deflection. 
Figure 5.43 shows that the midspan plate strains of the non-prestressed but anchored 
beams were similar to the midspan strains in the nominally 25% prestressed beams at the 
failure loads of around 49 kN; beam P25/3/1.0m provides the closest comparison with the 
non-prestressed beams at this ultimate level. Therefore, the achievement of an assumed 
but unknown critical ratio of v to w at the base of the main shear crack in the failed shear 
span, shown in Figure 4.47 (page 14 1), appeared to be associated with a given maximum 
flexural plate strain, ie. in the constant moment region, beyond yield of the internal 
7 
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rebars in this region. The existence of a limiting flexural plate strain in the constant 
moment region, for any prestress associated with the shear step type of failure, suggests 
there is a relation between the conditions at the shear crack and in the region of pure 
flexure. The nature of this relation is unclear and further experimental and numerical 
work, using a number of different prestress levels, is required to understand it further. 
Figure 5.43 shows that the nominally 50% prestressed beams also reached the same plate 
strain at the load of 49 kN, but these beams did not fail in the shear step mode of Figure 
4.47 (page 141); instead, it was possible to continue applying further load. In the case of 
beam P50/1/1.0m, this fin-ther loading led to the tensile fracture of the plate in the constant 
moment region. Therefore, in these highly prestressed cases, the beams did not deform 
sufficiently beyond rebar yield in the constant moment region to allow their shear steps 
to reach the critical ratio of v to w before plate tensile fracture. 
The curve in Figure 5.43 for the non-prestressed beam without plate end anchorage, 
beam A2b, lay below the curves for the anchored non-prestressed beams, a consequence 
of the additional stiffness created by the use of anchorage. Since all the prestressed 
beams had plate end anchorage, any differences in behaviour between them and the 
anchored non-prestressed beams may be attributed to the plate prestress alone. It is 
shown in Figure 5.43 that, in addition to the translation of the load-plate strain curves to 
a higher strain position, the effect of the prestress was to expand the curves vertically 
such that their post-yield paths followed the post-yield paths of the non-prestressed 
beams. The non-prestressed post-yield paths in Figure 5.43 deviate slightly from the 
common line, an effect thought to have been caused by the decrease in the rate of 
concrete crack widening at midspan due to an increased rate elsewhere in the constant 
moment region. Figure 5.44 shows that this common line effect was found also in the 
2.3m beams heavily reinforced in shear. The curve shown for beam S5 represents the 
strain at the loading positions, where the plate strain was not elevated by concrete 
cracking, unlike the midspan position which experienced higher plate strains in the post- 
cracking region of the loading range, as shown in Figure 5.31 (page 250); it is acceptable 
to compare the plate strains at the loading positions of the non-prestressed beam with the 
midspan strains of the prestressed beam because both locations represent the constant 
moment region in which the flexural behaviour is considered. As in the 1.0m beams, the 
maximum deflection of the prestressed beam at a given plate strain was lower than the 
deflection of the non-prestressed beam at the same strain. Figure 5.45 shows the total 
plate strains of the 2.3m beams tested as half beams and the 4.5m beams are represented 
in Figure 5.46, both Figures indicating the existence of a common line and showing the 
reducing plate strain difference between the non-prestressed and prestressed cases; the 
curve for beam B3 in Figure 5.46 represents a loading position rather than midspan. The 
common line for the 4.5m beams with 3 rebars is slightly steeper than that for those with 
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2 rebars, as expected due to the higher quantity of tensile steel reinforcement. 
Total midspan plate strain (micrwtrain) 
Figure 5.44 Total plate strains of the 2.3m beams heavily reinforced in shear 
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The curve in Figure 5.46 for beam P25/3 bars/4.5m, with the lowest prestress (26.2%) of the 
4.5m beams with 3 rebars, exhibited an increase in slope after the onset of internal 
reinforcement yield, placing the post-yield part of the curve above the common line for 
these beams; this is again thought to be due to the acceleration of concrete cracking away 
from midspan. 
Figure 5.47 shows the compressive strain responses at the top level of the concrete for 
the 2.3m beams heavily reinforced in shear, as determined by the electrical resistance 
strain gauges located on the top face of the beam; the initial positive (ie. tensile) strain in 
the prestressed case is the value found by extrapolating the demec section strain profile, 
due to prestress transfer, to the top of the beam. 
Figure 5.48 gives the compressive strain responses for the 2.3m half beams and Figures 
5.49 and 5.50 give the compressive strain responses for the 4-5m beams with 2 and 3 
internal tensile rebars, respectively, the curves beyond the greatest strain magnitude in 
Figure 5.48 are shown as far as the maximum load carried by the beams. The initially 
low stiffness of beam H5 in Figure 5.48 is due to the beam having been inadvertently 
cracked before the load test began. 
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Figure 5.48 Maximum concrete compressive strains of the 2.3m beams tested as half 
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Figure 5.50 Maximum concrete compressive strains of the 4.5m beams with 3 rebars, 
It was shown in Figure 5.41 (page 262) that, although the lowest prestress (26.2%) in the 
4.5m beams with 3 rebars was associated with slightly higher compressive section strains 
at the top level of demec points, the compressive strains of the 33.6% and 46.6% cases 
were similar, at any given applied load beyond 8 kN. The similarity in maximum strains 
is shown in Figure 5.50, in which the relatively low compression in the two more highly 
prestressed beams can again be seen. The compressive strains were similar also for the 
prestressed 4.5m beam with 2 rebars and the comparable non-prestressed and unplated 
beams. The initial maximum tensile strain at the top of the concrete in the 2.3m beams 
5.4. Experimental work 270 
0iii1, 
-3500 -3000 -2500 -2000 -1500 -1000 -500 0 500 
Top concrete Arain (ndcrostrain) 
heavily reinforced in shear, and in the 2.3m half beams, was sufficient to ensure that the 
maximum compressive strain of the prestressed members, at any subsequent applied 
load, remained lower than the maximum compression of the non-prestressed beams, as 
shown in Figures 5.47 and 5.48. Since the strain readings in the half beam load tests 
were monitored at I second intervals near failure, it was possible to trace the variation of 
maximum concrete compression beyond the greatest strain magnitude, as shown by the 
reversals of the curves in Figure 5.48. Beam H4, plated without prestress, failed in the 
fashion shown in Figure 4.15 (page 87) and the maximum concrete compressive strain 
fell in magnitude at an approximately constant load as the plate separated. However, 
beam H5 experienced concrete compressive failure and, as a consequence, the load fell 
immediately before plate separation; the reduction in the compressive strain magnitude 
of beam H5 with falling load, shown in Figure 5.48, was caused by the separation of a 
layer of concrete at the top of the section due to the horizontal cracking associated with 
compressive failure. The prestressed beam, P25/IhIf, was able to sustain further applied 
load after the onset of the concrete compressive failure at approximately 90% of the 
maximum load, as shown in Figure 5.48 by the rise in load with falling compressive 
strain. The ability of this prestressed member to carry further load ensured the failure 
was progressive as the maximum compressive stress was redistributed to the remaining 
intact concrete above the neutral axis. 
Each of the curves in Figures 5.47 to 5.50 exhibits a reduction in slope at the concrete 
cracking load, consistent with the increased rate of section rotation after the concrete 
tensile contribution is lost. The initial tensile strain at the top of beam P40/Heavy was 
sufficient to ensure that the subsequent compressive strains, during the beam load test 
were lower than in the comparable non-prestressed members, although the final 
compressive strain was of the same order of magnitude as in the non-prestressed beams 
due to the elevated maximum load of the prestressed beam. The maximum compressive 
strain of the prestressed 4.5m beams with 3 rebars (Figure 5.50) also became greater with 
increasing prestress (despite the higher initial tension), a reflection of the larger section 
rotation that occurred throughout the increasing loading range as the initial prestress 
rose. 
As noted in Chapter 4, the maximum recorded compressive strain of the unplated beams 
was well below the value of 3500 microstrain stated in BS 8110 and BS 5400 as the 
ultimate compressive strain of concrete, even though the unplated beams failed in 
concrete compression. Likewise, the failure of beams P25AW and P25/3 bars/4.5m were 
initially in concrete compression, although the maximum compressive strains of these 
members were only -2162 microstrain and -2423 microstrain under the applied load at 
which concrete compressive failure started. However, the non-prestressed beam, H4, 
which did not show visible signs of concrete compressive failure, exceeded the 
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conventionally adopted ultimate strain of 3500 microstrain by 13%, as shown in Figure 
5.48. Therefore, this variability in the maximum compressive strains suggests either that 
the recommended value of 3500 microstrain is unsuitable, or that the compressive failure 
began at a level lower down in the concrete section where the stress was greater. 
5.4.2.6 Discussion of prestressed beam behaviour 
The longitudinal splitting of the composite plate must be avoided with a sufficient factor 
of safety to guard against this brittle mode of fracture during the tensioning of the plate. 
To help ensure a safe prestressing operation in practice, the plate tensile strength would 
be scaled down by an appropriate factor of safety; EUROCONT (1996), the design code 
and handbook for structural polymeric composite components, gives a partial safety 
factor of 1.5. Similar values have been proposed by other authors; for example, Koga 
and Ohtsu (1997) recommended that the CFRP tensile strength be scaled down by a 
factor of 11/3. 
It has been shown that the 3M adhesive is able to resist the tensile splitting in the 
pultruded plates that occurred with the bolted attachment in the prepreg composite, even 
under the relatively high tensile loads to which the pultruded plates were tensioned. 
The I. Om beams were convenient specimens with which to assess the ability of the 
bolted plate end anchorage system to resist the high stresses tending to fracture the 
concrete during beam load testing. These beams have highlighted the need for a 
thorough survey of the internal reinforcement of a beam in practice, to avoid damaging 
the rebars which will lead to a premature failure at the bolted anchorage location. It is 
also essential that the bolts are bonded securely in their bores to avoid the bolt 
displacement that was observed in beam P50t2/1.0m. Concrete shear cracks are expected 
to progress towards the end of the beam with increasing applied load, rather than 
occurring prematurely at the anchorage position, and the shear crack through the plane of 
the bolts in beam P50/2/1.0m is thought to have been encouraged by the weakness brought 
about by the insecure anchorage of the bolts in their bores due to an uneven distribution 
of adhesive over the bolts and the surrounding concrete. In addition to a secure bond to 
the concrete, the bolts must extend to a sufficient distance into the concrete, certainly 
beyond the level of the internal reinforcement so that the bolts are not anchored only in a 
layer of concrete which will itself separate from the rebars, in which case premature plate 
separation will occur, as was seen in the prestressed beam, P40/2.3m- The 1/4 inch 
diameter high tensile steel bolts, combined with the 15mm thick GFRP anchorage 
blocks, provided sufficient anchorage to avoid premature plate separation under the high 
plate tensions in beams P40/Heay and P25M& and the prestressed 4.5m beams. This 
anchorage system also remained intact after the onset of plate tensile fracture, when the 
tensile load was transferred to the GFRP anchorage blocks via a progressively 
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decreasing plate cross sectional area. 
It is common in conventional reinforced concrete design to ensure that beams are under- 
reinforced so that, in the event of an overload, the tensile steel yields before the concrete 
fails in compression, thereby providing sufficient ductility from which to be aware of 
imminent collapse. The analogy in externally plated beams is that the steel should yield, 
then the plate should fracture, both before the concrete fails in compression. However, 
since under-reinforcement is intended to ensure a ductile failure rather than a brittle one, 
the desirability of plate fracture is questionable because this is a brittle mode of failure 
and pieces of concrete invariably fall from the plate during the explosive fracture; the 
consequences of this are potentially dangerous. It has been found in this study, however, 
that the pultruded composite plates, similar to those used in practice, fail progressively 
when plate fracture occurs, and further load may be carried after the first fracture; this 
was observed with the realistically sized 4.5m beams. Such a failure in practice would 
provide a visual warning of imminent structural collapse, unless the structure were vastly 
overloaded in a short period of time. 
The beams without plate prestress failed by concrete fracture in the tension zone of the 
beam, but the rates of strain increase, with respect to applied load, show that they were 
closer to plate fracture than concrete compression failure, as shown in Chapter 4. By a 
similar calculation, using the rates at which the strain at the top of the concrete and in the 
plate were changing at failure, with respect to applied load, the proximity of the 
prestressed beam failures to full flexure can be found for the nominally 25% prestressed 
l. Orn beams in which plate separation was initiated by the vertical displacement at the 
base of a shear crack. For example, for beam P2511/1.0m, this gives an applied load of 
52.7 kN corresponding to plate fracture; the magnitude of the concrete compression 
strain reached a maximum of 3583 microstrain, greater than the conventional ultimate 
value of 3500 microstrain, suggesting the beam experienced concrete compression 
failure before plate separation, although this flexural compression failure was not 
observed experimentally. Therefore, although the 25% prestress was insufficient to 
prevent premature plate separation, the section was near to full flexural failure, although 
the occurrence of concrete crushing before plate fracture (or vice versa) cannot be 
predicted with confidence due to the uncertainty in the value of the maximum concrete 
strain at the onset of compressive failure. 'Ibis uncertainty was found also in the larger 
scale beam tests. 
Figure 5.46 (page 268) shows a maximum plate strain of 4955 microstrain for beam B3, 
the non-prestressed 4.5m beam with 2 rebars, although this was under a loading position 
rather than at midspan where the maximum strain was 6042 microstrain. The rate of 
midspan plate strain rise was 253 microstrain/kN in this beam at 50 kN, the highest load 
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at which readings were taken; assuming this rate remained constant during the rapid 
loading above 50 W, a strain of 8570 microstrain would have been expected at the 
ultimate load of 60 W. The maximum strain recorded in the 25% prestressed beam was 
8913 microstrain, only 4% higher than that predicted for the non-prestressed case. This 
result indicates that the maximum total tensile strain reached in prestressed beams is not 
necessarily significantly greater than in non-prestressed beams, due to the fact that the 
initially higher plate strain in prestressed beams is offset by the relatively rapid rise of 
plate strain in non-prestressed beams. 
Beam P25/3 bars/4.5m Was the only 4.5m beam to have failed in concrete compression 
before plate tensile fracture, although tensile fracture followed shortly after so the failure 
was almost balanced. Given that this nominally 25% prestressed beam with 3 rebars 
failed first by concrete crushing, it may be assumed that a comparable non-prestressed 
beam would have failed similarly because less section rotation would have been required 
to reach the ultimate compressive stress of the concrete, although concrete crushing 
would probably have been followed by concrete fracture in the cover layer rather than 
plate fracture. With further prestress above 25%, concrete compression failure was 
eliminated in the 4.5m beams with 3 rebars. This was clearly due to the higher initial 
strain in the plate before the beams were externally loaded, resulting in beam failure by 
plate fracture. Therefore, the fact that the addition of further plate prestress was able to 
change the failure mode from concrete compression to plate fracture indicates that the 
sequence of failure events can be tailored by varying the prestress level. 
From the demec strain profiles through the concrete section, it is found that the tensile 
strain at the level of the internal tensile reinforcement, and the depth of the neutral axis, 
are approximately equal for non-prestressed and prestressed beams at the yield load. 
Equal tensile strains at the level of the steel are to be expected since the steel will always 
yield at the same strain, regardless of initial plate prestress. This equality in tensile 
strain, combined with the approximately equal neutral axis levels, indicates that non- 
prestressed and prestressed beams yield at the same curvature; greater applied loads are 
clearly required to reach any given curvature in prestressed beams, as seen from the 
moment-curvature plots in Figure 5.42 (page 263). Therefore, the yield load of a beam, 
prestressed or not, is determined by the initial curvature and the slopes of the moment- 
curvature behaviour after cracking and yield; for a given loading configuration, the 
moment-curvature response represents the load-curvature behaviour. These properties, 
which are unique for any combination of prestress and material characteristics, 
determine the slope of the load-plate strain response, since the strain increment in the 
plate lies on the projected linear distribution of strain increments in the concrete, this 
distribution representing the rate of change in curvature with respect to applied load. 
Therefore, the increases in yield load and total plate strain at yield, from one prestress 
5.4. Experimental work 274 
level to another, are linearly related, which is why the locus of yield points in the plots of 
applied load against total plate strain define a common line. The fact that the line is 
common shows that the beam stiffnesses were similar for the different prestress levels 
after yield of the internal steel, indicating that prestressed plates do not improve the 
stiffness when the plate is the only component capable of sustaining ftirther load; the 
concrete is cracked after yield and the steel remains at an approximately constant stress. 
Nielsen and Braestrup (1978) developed a plastic failure model for the shear fracture of 
conventionally prestressed concrete beams, leading to the conclusion that the prestress 
magnitude does not affect the stress distribution throughout the section at the moment of 
failure, consistent with the above finding that the flexural stresses, at the moment of 
internal rebar yield, are not influenced by the prestress magnitude. The effect of the 
prestress is merely to alter the degree of stress redistribution that must take place before 
failure, an effect reflected in a greater applied load. 
As mentioned earlier, the maximum total plate strain in the non-prestressed beam, 
A2bswp. 5 was similar to that in the nominally 25% prestressed cases at failure; Figure 
5.43 (page 265) shows these data. This similarity in the ultimate load and maximum 
plate strain is a reflection of the fact that the nominal 25% prestress level apparently did 
not improve the strength of the beam or modify the failure mode. Since the failures in 
both the non-prestressed and 25% prestressed members were initiated by the vertical 
relative displacement (Figure 4.47 (page 141)), it is reasonable, as previously suggested, 
to assume the plates separated when this shear step reached a given, but unknown, ratio 
of v to w in Figure 4.47. 
The similarity in the ultimate shear force of beams A2bpp_ and P25/j/1.0m indicates that 
the total shear stiffness of the I. Orn beam, IGA in equation 4.5 (page 141), was not 
changed by applying the nominal 25% plate prestress. The inclination of the shear 
cracks became greater as the prestress increased, a finding explained below in terms of 
the state of principal stress. 
The reduced section rotation, at any given applied load on a prestressed beam, results in 
lower flexural stresses throughout the depth of the concrete section than in a non- 
prestressed member. Considering an element of the concrete at some point in the depth 
of the shear spans of the prestressed beams, the stresses acting on the concrete are those 
shown in Figure 5.51 in two dimensions. 
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Figure 5.51 Stresses acting on an element of a prestressed beam 
The direction of the principal normal stresses on the sides of element A are defined by 
the angle, 0, determined from equation 5.2 below for plane stress conditions (Gere and 
Timoshenko, 1987). 
tan20 = 
2Txv 
. -.. Eqn 51 CIX - CYY 
where -T-y is the shear stress and a, and cý are the normal stresses acting in the x and y 
axes, cry being zero in the present case and a. being the flexural tensile stress below the 
neutral axis. At any given position in the depth of the section, the value of the flexural 
tensile stress, a, decreases, at a given applied load, as the plate prestress increases. 
Therefore, the angle, 0, measured anticlockwise in the shear span shown in Figure 5.5 1, 
becomes greater with increasing prestress, so the diagonal tension cracks in the shear 
spans become inclined at a greater angle from the vertical, as was seen in the beams 
tested and as shown in Figure 5.22 (page 227) for the I. Om beams in particular. 
As mentioned above, the midspan flexural curvature of a non-prestressed beam at yield 
is equal to that of a prestressed beam at yield. Therefore, in Figure 5.43 (page 265) for 
the I. Om beams, the point at which the curves for the nominally 25% prestressed beams 
join the common line, represents the same maximum flexural curvature as at the yield 
point of the non-prestressed beams, although the shear force on the prestressed beams 
was somewhat greater. During the subsequent loading beyond yield, the rate of change 
in curvature of the non-prestressed and prestressed beams was equal, this being the 
significance of the common line. Consequently, at failure of the nominally 25% 
prestressed beams, the beam curvature at any distance along the shear spans was lower 
than at the same distance in the non-prestressed beams at failure, since the non- 
prestressed beams progressed a greater distance along the post-yield common line, 
although the applied shear force at failure was apparently essentially equal in the non- 
prestressed and prestressed cases. This comparison of flexural curvatures, under the 
same shear force, is important in the next paragraph. 
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Elevation of elementA in the shear span 
The concrete cracking pattern shown for beam A2b in Figure 5.22 (page 227) was 
similar to that of the non-prestressed beams with plate end anchorage, A2bsupp. and 
A2bb, )It,, and the plate separation of the 
latter beams was also initiated at the mid-shear 
span position, as shown in Figure 5.22. It is now understood, from the above discussion, 
that, although the shear force (and, therefore, the bending moment) in the nominally 25% 
prestressed beam, at the mid-shear span position, was apparently the same as in the non- 
prestressed case at failure, the mid-shear span flexural curvature was lower in the 
prestressed case. However, Figure 5.22 indicates that the prestressed plate separation 
was initiated at a position nearer a loading point, ie. under a higher bending moment, 
than the non-prestressed plate separation, both having occurred at the same applied shear 
force; it is not known whether the flexural curvatures at the respective positions of plate 
separation initiation were equal, since demec readings were not taken to failure. The 
most that can be said at this stage is that, when the plate is prestressed, the shear step 
mode of plate separation (Figure 4.47 (page 141)) is initiated at a position where the ratio 
of shear force to bending moment is lower than in a non-prestressed beam. 
The reason for the lower ratio of shear force to bending moment is unclear but is 
presumably related to the similarity in the constant moment region plate strains of the 
non-prestressed and prestressed beams at failure. The relationship, between the 
conditions at the main shear crack of Figure 4.12 (page 83) and in the constant moment 
region, is uncertain and cannot be hypothesised from the limited data available, so 
further investigation of an experimental and/or numerical nature is required. 
The main crack depicted in Figure 4.17 (page 88) for the 4.5m non-prestressed beam 
failures appeared to be predominantly flexure-shear in nature. As noted in Chapter 4, the 
shear force acting through beam sections was uniform throughout the failed shear span 
so the location of tributary crack formation appears to have been influenced by relatively 
high bending moments only. It was suggested in Chapter 4 that the tension in the 
composite plate would have generated a moment couple acting at beam soff it level, and 
this couple may have been responsible for the rotation of the 'triangular' piece of 
concrete that occurred between the time of tributary crack formation and beam failure. 
The lever arm of this couple is the adhesive thickness plus half the plate thickness, as 
shown in Figure 4.46 (page 139). 
If the rotation of the 'triangular' piece of concrete were caused by such a moment couple, 
then it may be reasonable to expect failure to occur at a given strain in the plate, since 
concrete of a certain strength would presumably fail at a given soffit-level moment 
couple and the magnitude of this couple would be directly dependent on the tension in 
the plate. As mentioned above, the maximum tensile strain in the plate of the non- 
prestressed 4-5m beam, B3, is expected to have been 8570 microstrain at the failure load 
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of 60 kN, while the total strain at 60 kN in the prestressed beam was 7617 microstrain, 
11 % lower. Therefore, the relatively small width of the crack shown in Figure 4.17 
(page 88), in the prestressed beam, were associated with a lower maximum plate strain, 
as expected for flexurally dominated cracks. During the subsequent loading of the 
prestressed beam beyond 60 kN, these cracks did not cause beam failure by plate 
separation because the prestressed plate presumably did not exceed, by a sufficiently 
large amount, the strain at which the tributary crack formed - ie. the 'triangular' piece of 
concrete did not rotate sufficiently for the plate to separate before it fractured in tension. 
The externally bonded plates that failed by tensile fracture in the 2.3m and 4.5m beams 
did so along their edges first, as was shown in Chapter 3 to have been the case in the 
coupon specimens also. The plates were cut longitudinally to a width of 90mm from an 
original pultruded width of 100mm, this having been necessary due to the difficulty of 
pultruding straight edges without snagging of the peel ply layers (Snibson, 1996). It is 
likely that the process of cutting the material, to make the coupons and the plates, 
disturbed the edges by severing fibres that may not have been aligned parallel to the 
composite along its entire length. The prepreg composite used in the I. Om beam, P50/j/ 
1.0., however, did not experience edge fracture before tensile failure within the width of 
the plate, but this material was not cut to the required width because no problems were 
experienced in manufacturing straight edges. The edge fractures of the plates caused the 
composite to fail at a total tensile strain lower than the ultimate strain determined in the 
material characterisation tests, as shown in Table 5.20 which lists the total strains 
reached in the beams that failed by tensile plate fracture together with the proportions of 
the ultimate strain found in the coupon tests of Chapter 3; although beam P50/j/1.0m 
failed by plate fracture, this beam is omitted from the Table because strain readings were 
not available up to failure. 
Table 5.20 Maximum plate strains reached in beams that failed by plate fracture 
Beam Prestress Maximum Proportion of Proportion of 
C/O plate strain ultimate tensile ultimate load 
(microstrain) strain (/06) (0/0) 
P25/Half 23.7 10003 92.9 100.0* 
P25/2 bars/4.5m 26.5 8913 82.7 99.5 
P25/3 bars/4.5m 26.2 7546 70.1 100.0 
P40/3 bars/4.5m 33.6 7887 73.2 94.8 
P50/3 bars/4.5m 46.6 9839 91.3 99.3 
* plate fractured while load was falling after reaching its maximum value 
The last column of Table 5.20 gives the proportion of the ultimate load at which the 
maximum strain was recorded, showing that the strain values represent a point near or at 
the end of the loading range, thereby confirming that the strains did not increase further 
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due to additional applied load before beam failure. The results show that the externally 
bonded plates failed at a lower ultimate strain than that suggested by the coupon 
specimens; the reason for this is unclear but shows that the ultimate material strain 
determined in characterisation tests needs to be factored down for design purposes. The 
coupons were strained uniformly throughout their thickness, while the bonded plates 
may have experienced greater flexural tensile strain along their exposed surface than on 
the bonded surface, although the difference will have been small due to the thin 
dimension of the plates. 
It has been shown that prestressing the plate can eliminate the occurrence of visible 
cracks in the adhesive. The nominally 25% prestress of beams P25/1/1.0m and P25/3/ 
I. Omwas insufficient to prevent adhesive crack development, but no visible cracks 
occurred in the adhesive of the beams with the 50% nominal prestress, so the presence or 
absence of adhesive cracks is dependent on the magnitude of initial plate tension. 
Adhesive cracking was not observed in the nominally 25% prestressed beam, P25/2/1.0m, 
the failure load of which was 43.65 kN. This maximum load was only 12% lower than 
that of beam P25/1/1.0m, in which adhesive cracks did occur. This indicates that the 
adhesive cracks in beam P25/1/1.0m were likely to have occurred first at loads nearing 
ultimate, although it was difficult to determine when the adhesive cracks first formed. It 
was also difficult to determine when adhesive cracks first formed in the 4.5m beams, 
although the absence of adhesive cracks at the internal rebar yield load confirms that 
they were not present at the serviceability load of the beam, since the serviceability load 
cannot be greater than 0.75 times the yield load, by the definition in BS 5400. Ibis 
finding has durability implications since the presence of adhesive cracks provides 
additional access for moisture into the concrete and the adhesive layer, the ingress of 
moisture and salt spray in highway bridge beams, for example, is detrimental so it is 
clearly desirable to minimise the number of localised positions of moisture ingress. 
From a structural point of view, however, no obvious deterioration in perfortnance was 
attributed specifically to the presence of adhesive cracks in either the non-prestressed 
beams or the prestressed beams, P25/1/1.0m and P25/3/1.0m; the relatively rapid increases in 
deflection and plate strain that occurred immediately before failure were associated with 
the propagation of concrete and/or plate fracture, rather than with adhesive cracking. 
5.5 Conclusions 
This study of prestressed concrete members using bonded composite plates has 
addressed the concrete cracking effects due to prestress transfer in the absence of plate 
end anchorage plus all four of the stages involved in assessing the behaviour of 
prestressed beams - ie. prestressing the plate and bonding it to the concrete, anchoring 
the plate at its ends, transferring the prestress into the concrete, and load testing the 
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prestressed member. These stages have led to the following conclusions: 
" plate end anchorage is essential to prevent cracking of the concrete upon prestress 
transfer when the plate is prestressed above a very small proportion of its strength, the 
maximum sustainable prestress before cracking having been 5.2% in the present 
initial prestressing investigation; 
" CFRP plates cause less extensive cracking upon prestress transfer in the absence of 
plate end anchorage but the maximum sustainable prestress is still far lower than the 
prestress required for structural improvement, so plate end anchorage cannot be 
excluded; 
" it is essential that anchorage bolts are well bonded in the concrete to prevent concrete 
fracture after prestress transfer and during subsequent loading, and the bolts must 
extend beyond the level of the internal tensile rebars. The effects of the embedment 
length of the bolts in the concrete were not investigated here, although it is likely this 
parameter has no influence beyond a certain length, further work being required to 
find its magnitude; 
" it is possible that adhesive/plate interfacial cracks occur without extending as far as 
the edges of the bond line during the load testing of non-prestressed beams. Cracking 
through the thickness of the adhesive can be eliminated by prestressing the plate but 
the elimination of interfacial cracks in prestressed beams remains to be confirmed; 
" an immediate loss of prestress occurs due to the cambering of the beam upon transfer 
of the plate tension into the concrete, composite action between the plate and concrete 
being maintained during this deformation; 
" small scale beams are suitable for verifying the benefits of prestressing but large 
prestress losses will occur due to the small cross sectional area and internal steel areas 
in small beams. The general structural benefits of prestressing the I. Orn beams were 
recorded again in the 2.3m and 4.5m beams so the test scale did not influence the 
validity of the I. Om beam investigation; 
"a greater depth of concrete is placed in tension between the top of the beam and the 
neutral axis after prestress transfer as the prestress increases, and the greatest crack 
lengths are consistent with this depth; 
" the failure mode of a prestressed beam depends on the mode of failure of the 
equivalent non-prestressed member and the initial tensile load in the plate. A 
sufficiently high prestress will prevent the opening of shear cracks that causes plate 
separation in non-prestressed members which, in the present study, occurred under a 
shear span/beam depth ratio of 3.40. If the prestress is not sufficient to prevent the 
opening of a principal shear crack, then plate separation may occur at an applied load 
similar to that in the non-prestressed member, 
" the relation between the conditions at the principal shear crack and in the constant 
moment region needs further study, particularly to confirm, or otherwise, the 
existence of a limiting flexural strain in the plate and to assess the influence of the 
inclination of the shear cracks under different prestress levels; 
" the number and extent of shear cracks in a plated beam become greater with 
increasing applied load, but prestressing the plate reduces the extent of shear cracking 
and the average number of cracks per unit applied load to failure; 
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" when the shear reinforcement provision is high, as might be the case after a beam is 
strengthened externally in shear, the response of a non-prestressed beam exhibits 
frequent temporary losses of stiffness as the originally high shear stiffness of the 
member is lost under applied load. By prestressing the plate, the increases in 
deformation associated with the losses of stiffness are reduced; 
" the load to cause cracking of the concrete in the tension zone of a beam is increased 
significantly by prestressing the plate, since the compressive stress at the soff it of the 
beam must first be reduced to zero before becoming tensile. The strengthening 
achieved to cracking is far greater than to yield or ultimate; 
"a high level of prestress in the composite plate results in a much improved load at 
which the structural stiffness is reduced by internal rebar yield, but the remaining 
tensile strain to failure of the plate may then be low so that little additional load is 
carried by the beam beyond yield. For this reason, the post-yield reserve of load 
carrying ability becomes lower as the plate prestress increases. However, the 
serviceability load rises with increasing prestress which means the member becomes 
less likely to be loaded as far as yield, so the reduced post-yield reserve is not 
detrimental to the permissible applied load in practice; 
" when the plate prestress is sufficiently high to cause the beam to fail by plate tensile 
fracture, it is important that this failure occurs progressively so that the beam exhibits 
a degree of ductility. The pultruded plates satisfied this requirement but plate fracture 
is, nonetheless, a more brittle mode of failure than concrete crushing. The latter 
occurs by redistribution of compressive stress to the remaining intact concrete above 
the neutral axis so the member may be able to carry additional load beyond the onset 
of compressive failure. The desired failure mode of a given member can be tailored 
by using an appropriate plate prestress; 
it is not the case that the prestressed plate strain will be greater than the non- 
prestressed plate strain, throughout the whole loading range, by an amount equal to 
the initial strain at zero applied load. This is because the concrete cracking load of a 
prestressed beam is much improved and the non-prestressed member has a lower 
structural stiffness, so the total plate strain at failure may be similar for a non- 
prestressed and prestressed beam, depending on the reinforcement quantities and 
material properties; 
the reduction in the original member stiffness, beyond the onset of concrete cracking, 
is more gradual in prestressed beams, this being reflected in the elevated load required 
to bring about the curvature necessary to yield the internal reinforcement. This 
curvature is a constant for non-prestressed and prestressed beams with a given 
internal and external reinforcement configuration and material properties; 
the neutral axis lies lower in the section of a prestressed beam under a given applied 
load, possibly even outside the section under a low load if the prestress is very high. 
This means more concrete is stressed in compression when the plate is prestressed. If 
the neutral axis lies at or below the beam soffit, then the whole concrete section Will 
be in compression; 
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a prestressed plate improves the composite action between the beam and the plate in 
the vicinity of the plate end anchorage unless the shear span/depth ratio is very high, 
in which case the ends of the plate experience relatively little strain under applied 
load; 
the benefits of strengthening with a non-prestressed plate (ie. improved cracking yield 
and ultimate loads) can be achieved with a prestressed plate of smaller cross sectional 
area, thereby reducing the material cost. 
This prestressing investigation set out to show the structural behaviour of beams 
prestressed with CFRP plates; this objective has been met by highlighting the improved 
response of prestressed beams to applied load. The long term responses to applied load 
of prestressed beams, compared with non-prestressed beams, have not been studied since 
these were beyond the scope of the intended short term loading trials. Having seen that 
prestressing can eliminate cracking through the thickness of the adhesive and along the 
exposed edges of the adhesivelplate interface, it is now necessary to determine whether 
this effect improves the long term durability of the bonded system. The ability of bolted 
plate end anchorage systems to carry long term load under environmental exposure also 
needs to be determined. 
Therefore, prestressing reinforced concrete beams with bonded CFRP plates provides 
significant improvements in structural behaviour and can change the failure mode from 
an undesirable premature plate separation to a desirable flexural failure. The above 
suggestions for further work will need to be addressed before the method can be applied 
with confidence in practice and before prestressed systems can be designed using 
standard guidelines such as are employed for conventional prestressed concrete 
construction. While non-prestressed CFRP plate bonding is gathering momentum in 
tackling the problem of the inadequate structural capacity of buildings and bridges, 
investigations into the use of prestressed plates must be stepped up so that the benefits of 
prestressed plates can be realised in practice. 
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Chapter 6 
00 Investigation of environmental durability 
The structural studies of Chapters 4 and 5 took no account of the environmental exposure 
that would be experienced by a plated member in an external environment. 
Consequently, the parameter effects of the plate dimensions and prestress, determined in 
these Chapters, apply when the concrete, adhesive and plate, and their adhesive bonds, 
are not influenced by the potentially damaging nature of environmental exposure in the 
form of temperature and/or moisture. To enable an assessment of the environmental 
durability of CFRP plated beams and their component materials, it was necessary to 
devise a separate programme of tests, the details of which are the subject of this Chapter. 
6.1 Introduction 
Compared with the short term static loading trials of externally plated beams, relatively 
little material has been published on their environmental durability, although this is a 
critically important subject since the durability will determine whether or not the short 
term benefits of plating will be maintained throughout the lifetime of the structure. 
Indeed, it has been widely commented in the plate bonding literature that the 
environmental durability of plated beams needs much further investigation; the majority 
of the studies have concentrated on short term static tests under ambient laboratory 
conditions, but such tests do not reflect the harsh environmental conditions of a wide 
range of temperatures, salt spray and moisture (eg. due to condensing humidity) 
encountered in practice. 
It will be noted in the following reviews that widely varying temperatures may be more 
damaging than constant high or low temperatures. With regard to bridges, it was noted 
in Chapter 3 that the extreme temperatures at the soffit may be -200C and +380C. Daily 
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and seasonal fluctuations in the shade air temperature are referred to in BS 5400, Part 2 
(1978) as the effective bridge temperature, represented by isotherms which range from - 
240C to -80C for minimum shade air temperature and +27*C to +370C for maximum 
shade air temperature. The temperature of a concrete bridge is influenced by the 
environmental conditions of the previous one or two days, since the bridge has a large 
thermal mass so its effective temperature does not change either as quickly, or as much, 
as the air temperature. For example, Emerson (1976) tabulated maximum and minimum 
effective bridge temperatures of -13*C and +45*C for corresponding air temperatures of 
-230C and +381C. 
Apart from the strengths of the component materials themselves, the static strength of the 
bond between the concrete and the plate must not be diminished during the service life of 
the structure, this bond strength being dependent on the properties of the adhesive and 
the surface preparation of the adherends. A satisfactory bond will cause failure in the 
concrete above the tension surface of the plated member, as found in Chapters 4 and 5, 
but this will not be the case if the bond is diminished by environmental attack. The plate 
material is subject to corrosion when steel plates are used for the external strengthening, 
but this electrochemical action is eliminated using composite plates which provide no 
obvious short term visual evidence of bond deterioration. The relative sparcity of 
published environmental data for composite plated beams presumably results from the 
long term nature of the durability phenomenon which demands prolonged test durations 
or some form of accelerated ageing. 
Of the three component materials in plated concrete beams, concrete has been in use for 
the longest period and, consequently, its durability has been studied extensively, as seen 
by the numerous references provided by authors such as Neville (1995). It is 
acknowledged that periodic maintenance inspections of the concrete are required 
(RIOLEK 1988; Carter, 1989), but these will usually be infrequent for a well designed 
and prepared mix. The processes of environmental attack of concrete are well 
documented, but the durability of adhesively bonded joints is less widely documented, 
particularly with regard to the external plating of concrete members using composite 
materials. Therefore, the emphasis of this Chapter is on the concrete/plate bond and the 
structural influence of exposure to extreme enviromnents, together with the effects on 
the adhesive and composite material behaviours, rather than on the concrete itself. 
After reviewing existing data on the environmental resistance of the adhesive and 
composite materials, and on the adhesive bond, the beam and material tests conducted 
will be described and the results will be discussed. 
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6.2 Review of material and bond durability 
6.2.1 The durability of the adhesive and its bond 
Introduction 
For a given set of material and dimensional parameters, the adhesive performs the most 
important task that determines the efficiency of the external plating system - ie. the 
transfer of strain to the plate. It was found in Chapter 4, in Figure 4.3 1 (page 118), that 
composite action between the concrete and the plate is lost if the plate is not bonded to 
the concrete, and the adhesive is placed under shear loading in its r6le as a means of 
transferring strain to the plate in order to achieve composite action. 
One of the most important requirements of any adhesive bond is that it should maintain a 
high proportion of its short term strength throughout the lifetime of the bonded assembly, 
under the wide range of environmental conditions to which the bond is likely to be 
subjected. Therefore, if cohesive and/or interfacial cracks should form in the adhesive, 
they must propagate slowly and in a stable manner to prevent the rapid degradation of 
the bond. The long term retained strength is a function of the bond durability and is not 
necessarily related to the short term static strength. Therefore, similar short term bond 
strengths for two different adhesives will not ensure similar environmental resistance 
over a prolonged period under load; as a consequence, the durability of an adhesive bond 
is more important than the short term strength. 
The residual joint strength after environmental exposure is a function of change in both 
the cohesive properties of the adhesive and the adhesion between the adhesive and the 
adherends, so both aspects are considered in the following reviews. The second of these 
is difficult to measure since adhesion is an interfacial phenomenon; only the cohesive 
strength of the adhesive and the level of surface preparation can be measured with 
confidence, but the environmental performance of a bonded joint generally depends 
more on the adhesive/adherend interfacial behaviour than the cohesive behaviour of the 
adhesive (Mays and Hutchinson, 1992). 
6.2.1.2 Mechanisms and factors affecting the deterioration of bonded joints 
Empirical laboratory investigations have established that water, in liquid or vapour form, 
is the most hostile environment commonly encountered by structural adhesive joints 
(Kerr et al, 1967; Comyn, 1983; Mays and Hutchinson, 1992). This is an important 
factor in plate bonding applications because epoxy resin adhesives generally absorb 
water in their hardener components (Shaw, 1993) and, under normal service conditions, 
water is usually the principal cause of cohesive and/or interfacial deterioration. The 
commonly used hardeners are classed in the two broad families of polyamides and 
polyamines (Plum, 1990), of which the latter have better resistance to moisture uptake 
than the former, particularly at lower curing temperatures (Mays and Hutchinson, 1988). 
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The cold curing adhesive, Sikadur 31 PBA, is based on a polyamine hardener and its 
relatively high moisture resistance is one of its advantages as a structural adhesive. 
The relative effects of plain water and salt solution on the adhesive and its bonds will 
depend on the particular adhesive formulation used (Minford, 1983). For example, in 
one set of tests, it was found that exposure of an aluminiurn joint to a 5% salt spray for 
three months had a more severe effect than exposure to a semi-tropical environment for 
three years (Brewis, 1983). 
Therefore, the ingress of water into the adhesive joint, by direct contact and by entry 
through the interface, must be minimised. Moisture entry by direct contact occurs 
because adhesives are inherently hydrophilic due to the polar groups which confer 
adhesive properties. Other mechanisms of moisture ingress are (Comyn, 1982; Mays 
and Hutchinson, 1992): capillary action along the adhesive/adherend interface, known as 
'wicking'; capillary action through cracks and crazes in the adhesive; and diffusion 
through the adherend if it is permeable, as is the case for concrete and polymer 
composites. After ingress, the moisture may cause weakening either by reversible 
changes to the bulk mechanical properties of the polymer (eg. by cracking and crazing) 
or by irreversible adhesive/adherend interface attack by displacement of the adhesive. 
The displacement of the adhesive will reduce the effective area of the bond until no 
further load can be carried (Gledhill and Kinloch, 1974). In steel plate bonding 
applications, the interface attack may be assisted by hydration of the oxide surface of the 
metal; while there will be no oxide surface on a polymeric composite adherend, it has 
been shown that moisture still causes interfacial deterioration (Parker, 1983). 
Moisture in sufficient quantity causes plasticisation of the adhesive, associated with a 
reduction in the modulus of elasticity (Butt and Cotter, 1976; Althof, 1981; Comyn, 
1983; Albrecht et al, 1985), in which case a ductile failure may occur in the adhesive if it 
is under sufficiently high load. A more serious potential failure mode of plasticised 
adhesives is the failure of the adhesive/plate and/or the adhesive/concrete interface bond. 
While plasticisation is generally undesirable, it has been argued that plasticisation assists 
in reducing the peel stress at the ends of the bond line, thereby reducing the tendency to 
debond due to enviromnental exposure (McMillan, 1981). However, plasticisation 
cannot be relied upon to reduce the peel stresses in plate bonding applications; a stiff 
adhesive is preferable to enable maximum structural stiffness and the resultant high peel 
stresses should be resisted by plate end anchorage. In addition, plasticisation is a 
reversible process (Comyn, 1983) so drying of the joint will restore the originally high 
stresses which may cause the failure of the now degraded adhesive/adherend interfaces. 
Environmental attack of an adhesively bonded joint occurs after a critical concentration 
of water is reached. This has been seen from the fact that no loss of strength is observed 
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after exposure to low humidities, but degradation does occur at higher moisture levels 
(Comyn, 1982). A joint exposed to a high humidity environment will experience an 
outer area of bond in which the moisture concentration exceeds the critical level. The 
rate at which the critical level is attained is governed largely by the rate of water 
diffusion through the adhesive, a property that is increased by temperature and stress 
(Kinloch, 1979; Brewis el al, 1982). Comyn (1982,1983) quoted that, for 10mm. square 
lap joints bonded with epoxide adhesives, about one year is needed to reach a high level 
of water uptake, and a similar period is needed for drying out, although no value was 
assigned to the moisture concentration. The critical moisture level, above which 
degradation of the adhesive and/or its interfaces sets in, is a variable dependent on the 
particular adhesive in use (Minford, 1983) but, in Northern European climates, a relative 
humidity of between 60% and 80% appears to be necessary for attack to occur (Kinloch, 
1987). One of the influences of the adhesive type is the quantity of filler in the resin; a 
more highly filled adhesive will experience a lower long term water absorption 
(Nfinford, 1983). Tu and Kruger (1996) found this in their tests of epoxy bonded 
concretelconcrete joints subjected to 135 days of water immersion; the reductions in 
bond strength varied between 20% and 50%. 
The effect of moisture to swell the adhesive may induce differential swelling stresses 
which can destroy the bond and can also cause cracking of sufficiently weak adherends 
such as concrete. The moisture may react chemically with the adhesive and this 
hydrolysis weakens the bond, although some strength can be recovered upon subsequent 
drying (Althof and Brockmann, 1977; Morgan and O'Neal, 1978). 
The moisture absorption of an adhesive may be as much as 8% by weight to saturation 
but, for structural applications, it is recommended that the moisture uptake should not be 
greater than 3% by weight (Mays and Hutchinson, 1988), a requirement that needs to be 
met after 28 days of immersion for the adhesive to be considered appropriate for steel 
plate bonding (BA 30/94,1994). A less durable bonded joint will be formed when one 
or more of the adherends is permeable, as is the case with the concrete and composite in 
externally plated members. The moisture uptake of an adhesive depends on the 
particular material composition of the adhesive; the joint strength will not necessarily 
fall to zero upon moisture uptake, but will usually decrease to a moderate fraction of the 
initial dry strength. 
An increase in temperature elevates the rate of degradation since the activity of the 
moisture becomes greater (Comyn, 1981; 1983). The degradation rate is increased by 
applied stress also; the stress may be externally applied via the adherends or internally 
applied by the swelling stresses arising from swelling due to moisture uptake (Kinloch, 
1979). Another form of internally applied stress is due to the shrinkage that occurs upon 
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adhesive cure; in this respect, epoxies experience limited stress since they under-go little 
curing shrinkage. As far as stress is concerned, the effects of durability will be revealed 
more clearly in a joint whose adhesive/adherend interface is more highly stressed, since 
the interface is the critical region of the bonded assembly. Therefore, the ends of bonded 
plates, in externally strengthened members loaded under low shear span/depth ratios, 
would be expected to be the critical locations along the bond line, since these positions 
are loaded under a peel action which manifests itself in the gradual onset of plate 
separation as the ultimate capacity is approached, as found in Chapter 4. 
Ifjoint failure is dominated by interfacial deterioration, it will usually not be necessary 
for the interfacial weakening to proceed completely throughout the joint; only a 
relatively small environmental crack is required to have developed before a substantially 
decreased failure time, under constant load, or a diminished joint strength, is observed 
(Kinloch, 1979). This is consistent with principles of fracture mechanics which show 
that the fracture stress is inversely proportional to the square root of the crack length, and 
a small increase in crack length has a considerable effect on the fracture stress. 
However, this may be partly offset by plasticisation which reduces stresses by a crack 
blunting mechanism (Kinloch, 1979; Kinloch and Shaw, 198 1), although this effect may 
eventually be overcome by the reduction in cohesive strength of the adhesive (Mays and 
Hutchinson, 1992). This combination of cohesive deterioration and interfacial cracking 
makes it difficult to assess the influence of plasticisation on the overall joint. 
It was noted in Chapter 3 that the glass transition temperature(rd, one of the most 
important properties of an adhesive, is the temperature at and beyond which the adhesive 
behaves in a rubbery fashion. The magnitude of this critical temperature reduces with 
rising moisture and this is a potentially serious problem because an adhesive will 
experience elevated creep deformation if the service temperature is in the vicinity of T9. 
Therefore, for exposed structural applications, it is necessary to select an adhesive whose 
moisture absorption is low (Mays and Hutchinson, 1992); as noted above, the epoxies 
based on polyamine hardeners are appropriate in this respect. The lowering of T. by 
moisture implies that the combination of temperature and moisture is especially 
detrimental to the performance of an adhesively bonded construction (Brewis el al, 1982; 
Brewis, 1983). 
The above moisture considerations apply equally to moisture trapped in the surfaces of 
the adherends during bonding as to the subsequent ingress of moisture after cure of the 
adhesive. Sage and Tiu (1982) and Parker (1983) found the moisture to be mobilised 
during the adhesive cure period and to form air voids in the adhesive. 
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6.2.13 Assessments of the durability of adhesive bonds 
The assessment of bond durability using externally plated beams is represented in a 
limited number of publications which will be reviewed in section 6.3 (page 301), but the 
durability testing of small scale bonded specimens has received far more attention due to 
the convenient nature of such tests. Consequently, the following review includes those 
references to small scale testing that are considered to summarise typical results of a 
much greater number of publications. 
The assessment of the durability of adhesively bonded joints is usually undertaken 
experimentally since there are many unknowns that would need to be assumed for 
analytical purposes. Cardon and Mel (1986) commented that the analysis of the 
adhesion quality of an epoxy to concrete may be defined by the properties and thickness 
of a transition zone between the bulk adhesive and the concrete, taking into account the 
nature of the concrete and adhesive and the interactive forces between the two. The 
purpose of such a transition zone is to characterise, on a macroscopic level, the degree of 
adhesion at the geometrical interface between the adhesive and adherend. Therefore, 
such analysis requires a system formulation that considers the combination of the 
thermornechanical properties of the concrete and adhesive and the effects of adherend 
surface preparation, these being difficult to define quantitatively in combination. 
A number of experimental tests are available for assessing the durability of bonded 
joints, but these are mostly for use in the laboratory rather than on site. The laboratory 
tests aim to accelerate the ageing of a bonded joint so that long term effects can be 
assessed in a relatively short time, while site based tests, such as the pull off test for 
adhesively bonded coating durability, are conducted after a real-time period of natural 
degradation (Bleile and Rodgers, 1981). An accelerated degradation test cannot 
duplicate real environmental conditions or their random variation, so there will remain 
doubt about the interpretation of the test results in terms of the natural environment 
(River, 1984). Even after many attempts to devise meaningful tests, a clear, consistent 
and reliable method of accelerated testing for the complete assessment of environmental 
durability has not been identified (McMillan, 198 1). 
Since the aim of any accelerated test is to simulate the same failure mechanisms that 
occur in practice but to cause them to appear merely more rapidly, different failure 
mechanisms, unrepresentative of actual behaviour, must be avoided (Althof and 
Brockmann, 1977). For example, environmental stability tests have traditionally 
included lap shear and peel tests at various temperatures, and post-exposure tests of lap 
shear specimens, usually with steel adherends. However, these tests usually result in 
cohesive failure of the adhesive, a mode unlikely to occur in an externally plated 
concrete member due to lower interface strengths and/or the low concrete strength in the 
tension zone. Althof and Brockmann (1977) tested a number of adhesives under various 
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temperature and humidity conditions, concluding the thick adherend shear test (TAST) is 
the most appropriate for assessing the effects of environmental exposure on the bond 
line. Another test based on steel adherends is the double cantilever beam (DCB) test 
which is well suited to long term exposure because the specimen can be held under 
sustained load using a simple test arrangement (Marceau and Scardino, 1975; Mays and 
Hutchinson, 1988) but, again, the conditions at the adhesivelconcrete and adhesive/plate 
interfaces of an externally plated member are not represented. 
For assessing the cohesive nature of adhesives to be used for structural purposes, Lark 
and Mays (1984) concluded the most reliable tests (in order of preference) to be the four 
point bending of an adhesive prism to find the flexural modulus, the determination of the 
heat distortion temperature (HDT) in an environmental cabinet and the determination of 
bulk shear strength in the shear box. However, while these provide data on the change in 
cohesive properties of the adhesive, they do not indicate the likely performance of an 
adhesive/adherend interface in practice. Equally, the periodic load testing of an 
adhesivelconcrete bond, after intervals of environmental exposure, will provide little 
data regarding the long term performance of an externally plated concrete member since 
the failure is generally in the concrete due to the low tensile and shear strength of this 
adherend. The slant shear test, in which mortar prisms are bonded with the structural 
adhesive, does include the concrete/adhesive interface in a shear fashion, and this test is 
appropriate for assessing adhesives at different temperatures (Hugenschmidt, 1975, 
1982; Tabor, 1978), but a component of compressive load, not experienced throughout 
the majority of the plated length in externally strengthened beams, exists across the 
interface. 
As a result of the difficulty of interpreting durability data with concrete adherends, the 
simple steel adherend tests remain the most popular. Such tests are suitable also for 
fatigue testing due to the low applied load and stroke necessary on this small scale, 
although the tests are of most use for comparative purposes between adhesives. For 
example, Marceau et al (1978) studied the fatigue loading of aluminium thick adherend 
lap joints and thick adherend double cantilever beam joints under various environmental 
conditions and at different cycling rates. Low cycling rates had the most severe effect on 
specimens at 600C and in condensing humidity, while very high rates had little effect. 
The general trend was that elevated temperature shortens specimen life but humid air had 
no effect at a high rate of loading (30 Hz) because water had little chance to affect the 
adhesive since the exposure time to failure was short at the high loading rate. The results 
would probably have been different if the specimens had been pre-soaked long enough to 
saturate the bondline or if the cycling rate had been substantially lower (Marceau et al, 
1978). 
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Su et al (1992) and Mackie and Su (1993) presented the results of fatigue tests of five 
adhesives in six environments. The adhesives, all epoxies, ranged from one with high 
strength, high modulus and high fracture toughness to one with low mechanical 
properties. All the adhesives were typical of those which might be used in civil 
engineering applications; one of the adhesives was Sikadur 31 PBA. Bright mild steel 
double lap joints were kept under a variety of loading and environmental conditions for 
eight years before fatigue testing at a frequency of 15 Hz. Fatigue life generally 
increased after exposure, except for the adhesive with lowest strength and modulus for 
which a marked decrease was observed. The ratio of the number of specimens whose 
fatigue performance improved to those whose performance deteriorated was greatest for 
the adhesives with highest strength, modulus and fracture toughness (in all 
environments), one of which was Sikadur 31 PBA. The most hostile environments 
tested were natural exposure and that of 90% relative humidity at ambient temperature. 
The reason for the increase in fatigue performance after exposure is uncertain but it may 
be due to the relief of internal stresses within the joint by water plasticisation (Su et al, 
1992). Ibis point is uncertain because it is not clear how the distribution of stresses is 
altered within the adhesive. 
The cyclic frequency of a highway bridge, for example, is lower than the above high 
frequencies, so the adhesive bond will potentially be subjected to high stresses for a 
longer period of time throughout the service life, suggesting the detrimental combination 
of environmental exposure and fatigue will occur in practice. It is necessary first to 
understand more about the individual effects of environmental exposure and fatigue 
loading on composite plate strengthened members before these actions are considered in 
combination, and the fatigue behaviour of adhesive bonds is treated as a separate topic in 
Chapter 7. 
More recently, Karbhari and Shulley (1995) used a Boeing wedge configuration, 
described throughout the adhesives literature (eg. Adams and Wake, 1984; Kinloch, 
1983,1987), to assess the durability of composite patch repairs for steel plate girder 
structures, a method of repair in response to the worldwide high proportion of 
structurally deficient exposed steel structures. Unidirectional CFRP and GFRP prepreg 
composites, employing an epoxy resin matrix, were used and it was found that a freeze- 
thaw environment caused more rapid interfacial crack propagation in the wedge 
specimens than did exposure to sea water, water at room temperature and 65T and 
freezing to -18*C. The freeze-thaw environment caused degradation due to moisture 
ingress and micro-cracking. 
In any small scale laboratory test aimed at accelerated ageing, it is common to use 
applied stresses greater than those expected in service (McNEllan, 198 1). The risk with 
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high stresses, when coupled with elevated temperature and moisture, is that creep rupture 
becomes a likely failure mode, so the test results may be misleading as far as 
environmental durability is concerned. 
Therefore, it appears that small scale laboratory-based tests are suitable as a means of 
comparison between different adhesives and between different environmental conditions 
to which a particular adhesive is exposed, but provide little information on the behaviour 
of the adhesive and its bonds in externally plated concrete beams. Consequently, it is 
necessary to test actual plated members, either under load during environmental 
exposure or by means of post-exposure loading. The beam tests of section 6.5.2.3 (page 
3 18) are aimed at providing further data on the durability of plated beams. 
6.2.1.4 The influence of surface treatment on bond durability 
If the adhesive/adherend interface is intact, diffusion is likely to be the dominant mode of 
moisture ingress, but wicking will become important if the initial adhesion is poor, as is 
the case in the event of inadequate surface pretreatment. The stability of the interfacial 
adhesion against moisture is the most important factor determining the long term 
durability of a bonded joint since, as mentioned earlier, the joint may fail due to the rapid 
propagation of interfacial fracture after just a short crack has formed. As a result, 
adequate surface treatment is essential for the stability of a bonded joint and is the key to 
maximising the long term durability of the joint (Rutchinson, 1987; 1990). The 
particular surface treatment method used will depend on the nature of the adherends 
being bonded (Spinks, et al, 1992). 
it is necessary to establish strong and stable adhesive/adherend interface forces and to 
form surfaces receptive to the adhesive, a requirement that can be met only if the surface 
is throughly prepared before applying the adhesive (Kinloch, 1997). The removal of 
surface laitence and weak material will be sufficient to achieve short term bond strength, 
but not to ensure the stability of the adhesive interfaces in the long term (Kinloch, 1983). 
Conversely, even the thorough preparation of the surfaces will have little effect on the 
initial bond strength (Mays and Hutchinson, 1992). 
Methods of pretreating the adherend surfaces for plate bonding were reviewed in 
Chapter 3 so the subject is not reviewed further. 
6.2.2 The durability of polymeric composites 
6.2.2.1 Introduction 
Durability is one of the most important qualities to be considered when polymers are 
used externally on structures. Most polymers are chemically inert to some degree but 
their surfaces and mechanical properties may change when exposed to the natural 
enviromnent. The most detrimental influences are (Crowder and Howard, 1990; 
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Hollaway, 1993): 
elevated temperatures, particularly when these fluctuate over a considerable range; 
moisture, particularly constant wetness; 
adverse chemical environments such as acidic, alkaline and organic solvents; 
ultraviolet radiation. 
Changes in many performance parameters have been explored in the literature to 
investigate the effects of these variables, including tensile strength, shear strength, elastic 
modulus, fatigue behaviour, creep, stress rupture, response to dynamic impact, electrical 
resistance and swelling (Springer, 1977). Although composites show a degree of change 
with duration to moisture exposure, these materials are less susceptible than metals to 
degradation by water because composites have a lower surface energy. Tests have 
shown that natural weathering may be expected to cause a reduction of approximately 
10% in the tensile and compressive strengths over a three year period, and that it is 
normal for the flexural strength to decrease by between 10% and 20% when tested dry 
after the same exposure period (Scott and Matthan, 1970). 
Similar percentage reductions in the fatigue life may be expected due to environmental 
exposure; Curtis and Moore (1983) found the fatigue lives of half-saturated CFRP 
laminates to be similar to the lives of dry specimens, while the lives of fully saturated 
laminates were approximately 10% lower than the lives of specimens with the half- 
saturated moisture content. All specimens had been exposed to an environment of 70T 
and 95% relative humidity before the fatigue loading. Beaumont and Harris (1971) 
found carbon fibrelepoxy composites to be weakened in fatigue by moisture, the effect 
on the fracture properties of the resin, rather than the resin/fibre interface, having been 
responsible for the poor fatigue performance in wet conditions. 
An environment may produce significant changes in the properties of composite 
materials which are best understood by considering the effects on the individual 
components of the composite - ie. the fibre, matrix and fibrelmatrix interface. The 
changes may be reversible or irreversible, although Hull (1992) noted it is unlikely that 
any of the processes is truly reversible. Indeed, in previous liquid and humid air 
immersion tests of E-glass/polyester and E-glass/vinylester composites by Springer et al 
(1981), a drying period of three weeks at 660C, following an immersion time of six 
months, failed to recover the whole loss in strength and modulus. The 'reversible' 
changes may generally be taken to include the flexibilising of the resin and resin/fibre 
interface due to moisture, while the chemical breakdown of the resin by hydrolysis, non 
uniform de-swelling of the resin to produce surface cracks and crazes, and chemical 
breakdown of the fibre by ultraviolet radiation are irreversible effects (Hull, 1992). 
The process of curing composites and the reaction and combination between chemically 
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active groups in the constituents reduces the potential reactivity of the resin system to 
adverse environments (Crowder and Howard, 1990). The further the curing process can 
be taken during manufacture, the greater the degree of environmental stability that can be 
achieved. 
6.2.2.2 Factors affecting the durability of polymeric composites 
6.2.2.2.1 Chemicals and moisture 
The resin and fibre type and the fibrelmatrix. interface properties are important factors 
that determine the overall durability of a composite, the contribution of the polymeric 
resin being the most important in terms of durability. As far as exposure to chemicals 
and moisture is concerned, it is of paramount importance that a strong resin/fibre bond 
exists initially (Oliver, 1970). The environmental resistance of any composite material is 
determined by the inertness of each component, the mode of protection afforded by the 
resin and the effectiveness of the physical bonding forces between the matrix and fibres 
under any given set of exposure conditions in an aggressive environment. 
The influence of 'wicking', ie. the ingress of liquids along the fibre strands by capillary 
action, adversely affects chemical and moisture resistance and, therefore, increases the 
rate of degradation. In GFRPs, chopped strands will allow capillary action along the 
lengths of individual fibres only but continuous fibres allow wicking to progress until a 
discontinuity in the glass is reached. The matrix generally determines the chemical and 
thermal resistance of the composite so a resin rich gel coat should be applied to all 
surfaces of a laminate employed under conditions of chemical attack, thereby reducing 
the direct diffusion of moisture into the matrix and eliminating the possibility of glass 
fibres from the main laminate protruding through the surface and providing a point for 
liquid ingress in chopped strand laminates (Oliver, 1970; Scott and Matthan, 1970). 
Carbon fibres are more chemically resistant and relatively inert compared with glass and 
other fibres, offering the prospect of improved environmental performance (Judd, 1977), 
a favourable feature of CFRP composites when combined with the relatively high 
moduli of carbon fibres. A major disadvantage of glass fibres is their tendency to exhibit 
dstress corrosion' which is a form of static fatigue caused by the chemical reaction 
between moisture and the glass surface, enabling existing flaws to grow to a critical 
length and give rise to spontaneous crack propagation (Charles, 1958; Ritter, 1969; 
Metcalfe and Schmitz, 1972; Fujii et al, 1993). Stress corrosion makes glass fibres 
susceptible also to the leaching of solutions of the oxides of potassium and sodium (Hull, 
1992); after prolonged exposure, leaching results in surface pits on the fibres and an 
associated reduction in mechanical properties. The sensitivity of glass fibres to alkaline 
solutions, which also cause stress corrosion, results in fibre deterioration when they 
come in contact with concrete. The deterioration is due to the chemical reaction of the 
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silica in the glass fibres and the alkaline solutions from the concrete, causing a rapid and 
dramatic loss of strength (Diamond, 1985). For example, Sen ef al (1993) reported the 
total loss in the effectiveness of glass fibres in epoxy resin, due to fibretresin interfacial 
damage, when hydroxyl ions from the pore solution of concrete diffused into the GFRP 
during a3-9 month period of exposure to cyclic wetting and drying in salt solution. 
Glass fibres are relatively heavily prone to attack from alkaline solutions, aramid fibres 
less so and carbon fibres are essentially resistant (Gerritse, 1992). Stress corrosion 
occurs also in marine environments, as observed by Katawaki et al (1992) who exposed 
concrete beams, prestressed with E-glass/vinylester, carbon/epoxy and aramid/vinylester 
composite tendons, to a splash zone environment for an 18-month exposure period; the 
GFRP tendons cracked under their prestress of 60% and 80% of their ultimate strength, 
while the CFRP and AFRP tendons exhibited no such damage characteristic of stress 
corrosion. 
In general, it is found that heat cured laminates have superior chemical resistant 
properties to cold cured laminates made from similar resin systems (Oliver, 1970). 
Epoxy resins, when heat cured, have a very good range of chemical resistance over a 
wide temperature range. Also, phenolic resins have been used in chemical resistant 
applications for many years. 
The moisture resistance of a composite is largely dependent on the quality of preparation 
of the laminate, a property determined by the presence of voids and defects which result 
from the fabrication procedure. During manufacture, voids and defects can arise from 
causes such as entrapped air, the thermal mismatch of the reinforcement and resin, and 
the expansion and contraction stresses induced by the curing of the resin and temperature 
changes during manufacture (Judd, 1977). These stresses cause voids and channels 
running parallel to the fibres, as determined by electron micrography and other methods 
(Judd, 1977). The likelihood of moisture ingress into the channels, by wicking, is 
dependent partly on the location of voids within the resin; voids located in the proximity 
of the resin/fibre interface are likely to cause the deterioration of the resin/fibre bond due 
to water absorption. The effect may be the formation of water-filled voids or blisters at 
the resin/fibre interface. Such localised damage can allow the ingress of adverse 
substances even when the composite is under only low applied stress (Hogg and Hull, 
1980). The blistering effect is affected by a number of factors, of which the most 
important are the quality of the materials and of the control in the moulding process, 
particularly with regard to the laminating resin type (Crowder and Howard, 1990). 
However, the principal method of moisture ingress is diffusion into the resin and, to a 
lesser extent into the fibres. The more hydrophilic the resin material, the greater will be 
the moisture uptake (Loos et al, 1981). The stability of the resin against moisture and 
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chemicals is strongly dependent on the cross-linked structure of the molecules in the 
polymer (Hull, 1992), in addition to the type of resin and surrounding fluid, the internal 
moisture concentration of the resin, the stress level and the temperature (Springer, 1977). 
The cumulative moisture uptake, at a given time, is dependent on the period of 
immersion and the temperature, as found by Loos and Springer (1977) using carbon 
f ibrelepoxy composites. These authors found also the type of moisture environment to 
be important in determining the cumulative uptake; for example, a lower maximum 
uptake is experienced in salt water than in distilled water (Loos and Springer, 198 1; Loos 
et al, 1981). The moisture content of GFRPs has been found to reach equilibrium after 
around one year and, at room temperature, the percentage increase in weight due to water 
absorption in this period is 0.3%, while the gain at 80*C is as much as 1% (Hollaway, 
1993). 
The external loading of composites has an effect on the diffusion rate, generally 
increasing its magnitude. Diffusion may be considered mechanistically as the transport 
of water molecules through holes in the polymer structure (Hull, 1992), and the ease of 
transport depends on the size of the holes which, in turn, depends on the free volume of 
the composite. The volume strain is dependent on the level of the external stress, its 
direction relative to the fibres and the Poisson's ratios of the composite constituents. 
Capillarity depends on debonding at the resin/fibre interface, affected by the stress 
normal to the fibres and by shear stress at the resin/fibre interface. 
Moisture uptake causes swelling of the matrix resin which is partly constrained by the 
presence of the fibres, the level of the constraint depending on the fibre volume fraction 
and fibre orientation. The constraint may cause stresses of sufficient magnitude to bring 
about the initiation or growth of micro-cracks in the resin at the fibre/resin interface. 
Moisture contents below the equilibrium level will be associated with the non-uniform 
distribution of moisture throughout the resin, causing stress and strain gradients through 
the material (Hull, 1992). The destruction of the resin/fibre interface bond can be 
delayed or eliminated using coupling agents (Ashbee and Wyatt, 1969). 
An effect of moisture in the matrix resin is to lower the glass transition temperature, T., 
by the plasticising nature of moisture which reduces the resin modulus and strength in 
tension. However, since the mechanical properties of the matrix have little influence on 
the overall composite properties in tension, the latter are not affected by moisture to the 
same extent as the resin itself. For example, the mechanical properties of saturated 
laminates of polyester and epoxy resins are commonly found to be of the order of 25 - 
3 01/6 lower than those of dry laminates (Crowder and Howard, 1990); wet strength values 
are often used in design to reflect the potential effects of moisture. The interlaminar 
shear, intralaminar shear and compression properties of the composite are more affected 
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by the resin andý therefore, the effect of moisture absorption is much more pronounced 
on these. The reduction in resin/fibre interface bond strength is a more damaging effect 
of moisture on the over-all composite properties. For example, the laminate strength may 
be reduced by as much as 65% of the original value due to interfacial moisture in GFRP 
composites (Holmes and Just, 1983). 
As mentioned above, the plasticisation of the resin is a reversible process, such that the 
mechanical properties are restored when the moisture diffuses out of the resin. Since the 
plasticisation of the resin is associated with the reduction of T., the effect of moisture is 
most pronounced at elevated temperatures. For example, an uptake of 1.5% water 
produces a small reduction in the interlaminar shear strength of carbon fibre/epoxy resin 
laminates at room temperature but the reduction can be between 50% and 60% at 
temperatures between IOOOC and 1300C (Hull, 1992). Although the degraded modulus 
of elasticity of epoxy resin due to water uptake returns to its original value when the 
moisture diffuses out, effects such as chemical breakdown of the resin and debonding of 
the resin/fibre interface, due to stress-induced effects associated with swelling, are 
irreversible and become more significant after prolonged exposure. These effects are 
strongly dependent on resin chemistry and, for thermosetting resins, on the degree of 
cure (Hull, 1992). The irreversible changes can lead to significant degradation of 
physical and mechanical properties, although environmental deterioration effects do not 
usually become irreversible until after the early stages of water absorption within a 
laminate. 
Fillers may be used in the matrix resin to reduce shrinkage during cure and to increase 
the elastic modulus, but the incorporation of fillers in large quantities can cause a 
reduction in the overall moisture resistance due to the reduction in adhesion between the 
large number of filler particles and the resin, especially if diffusion of moisture into the 
resin is predominant. 
6.2.2.2.2 Temperature 
Temperature is not as serious a factor as moisture in determining composite durability, 
since composites in construction are generally not heated to a temperature near the limit 
of their mechanical performance which is typically around 2000C (Crowder and Howard, 
1990). Nonetheless, composites experience certain effects of increasing temperature at 
all levels, the main influences being (Hull, 1992): 
" the increased likelihood of resin/fibre interface bond damage; 
" the reduction in the ability of the matrix to transfer stress between fibres; 
" the lowered stiffness of the matrix material due to its dependence on temperature 
which arises from its viscoelastic behaviour; 
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the elevated rate of the chemical reactions of the resin and fibres with moisture and 
chemicals, leading to more rapid deterioration of the composite. The rate typically 
doubles with a 101C rise in temperature (Oliver, 1970; Crowder and Howard, 1990). 
The first of these occurs because the coefficient of thermal expansion of the resin is 
greatly reduced by the inclusion of the fibres and filler materials, causing internal 
stresses within the matrix and at the resin/fibre interface. More resilient resins result in 
less stress-induced weakening of the resin/fibre bond, but flexible resins are not usually 
chosen for structural applications due to their reduced stiffness and lower resistance to 
weathering than rigid resins (Scott and Matthan, 1970; Crowder and Howard, 1990). 
With respect to the stress-induced weakening, the effect of constantly fluctuating 
temperatures is more deleterious than stable high temperatures. The continuous 
exposure of GFRPs to high temperatures may lead to the discolouration of the resin, 
most noticeably by yellowing. This effect, which is caused by the chemical modification 
of the resin molecular structure or the surface erosion of the resin (Oliver, 1970), is seen 
in both polyester and epoxy resins and is accompanied by the hardening of the overall 
composite. Repeated thermal cycling, such as freeze-thaw cycling, causes the growth of 
micro-cracks with an associated loss of laminate strength. The effect of a sub-zero 
temperature, without cycling, is to increase the tensile strength and stiffness in the fibre 
direction (Karbhari and Shulley, 1995). 
The reduction in the stress transferring ability of the matrix is generally reversible unless 
the temperature approaches the glass transition temperature, T., of the resin; this critical 
temperature is typically increased by 200C due to inclusion of glass fibres in GFRPs 
(Hollaway, 1993). The viscoelastic behaviour of the resin gives rise to ductile flow of 
the matrix, associated with its reduced stiflness, and irrecoverable micro-cracking can 
occur over prolonged periods under applied load. However, as mentioned above, the 
matrix has little influence on the overall composite properties in a unidirectional 
material, so tile reduction in stiffness and strength of the composite will not be in 
proportion to that of the matrix. Indeed, within the range -730C to +1070C, Shen and 
Springer (1977) found the longitudinal tensile strength of unidirectional carbon fibre/ 
epoxy composites to be insensitive to temperature at all moisture contents up to 1%; the 
modulus of elasticity was also hardly affected in the same temperature range at all 
moisture contents from zero to fully saturated. However, for 900 laminates, in which the 
fibres were configured normal to the applied load, the resin strength and stiffness was 
more important, so the moisture content and temperature had a significant influence on 
the mechanical properties of the composite; this finding reflects the need to align the 
fibres in the principal direction of applied load. 
However, if the matrix and/or the resin/fibre interfaces contain voids, there will be a 
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marked effect on the moisture absorption process and the resultant percentage weight 
gain will generally increase with rising temperature (Judd, 1977). The mobility of 
moisture in the laminate is increased at elevated temperature and, if the moisture cannot 
diffuse through the laminate rapidly enough, excessive internal pressure may develop to 
a level greater than the matrix strength, causing a widespead blister in the composite 
(Myhre et al, 1982); on cooling, the raised blister may disappear but the delarnination 
will remain. 
In external environments, the temperature of the composite will be influenced by its 
orientation towards the sun, and this orientation will have certain effects due to the 
influences of ultraviolet radiation. This will not be a major concern for flexurally 
strengthened members plated on their soffits, but may be important for beams 
strengthened in shear. The initial effect of the ultraviolet light frequencies is the 
discolouration of the composite surface, such as the yellowing of epoxies which absorb 
strongly throughout the ultraviolet range, although there is little evidence of a serious 
reduction in the tensile or flexural strength or modulus of the composite (Crowder and 
Howard, 1990). Infra-red and visible light also generally play a r6le in the weathering of 
composites by increasing the rate of degradation via a rise in the material temperature. 
Tberefore, it is necessary to shield the composite if the effects of sunlight are to be 
avoided. However, the effect of shielding is to reduce the rate of drying so the material 
will weather less well against moisture than an exposed composite. In an externally 
plated bridge deck, for example, the effects of moisture are likely to be greater than those 
of sunlight. 
A fire is a severe short term cause of elevated temperature. The fire resistances of 
structural members are related to the quantity of combustible materials and their 
structural functions, so a high concentration of material that deteriorates rapidly will 
render the member fire-critical. Such a case is externally bonded composite 
reinforcement, in which the adhesive and composite plate, which are critical structural 
components, contain high quantities of material whose structural action may be lost 
during fire exposure. Fire is not one of the environmental variables which contributes to 
the degradation of materials over a prolonged period but, in an externally plated member, 
it may destroy the adhesive and composite, and the bond between these materials, in a 
short time. The concrete itself is likely to be the most fire-resistant component since it is 
non-combustible, performs satisfactorily for a relatively long period under fire exposure, 
and no toxic fumes are emitted (Neville, 1995). A detailed review of the effects of fire 
on concrete is beyond the scope of the present Study, but experimental findings can be 
found in the reports by Carette et al (1982), Carette and Malhotra (1983), Castillo and 
Duranni (1990), Hannant (1964), Hertz (1992), Lankard et al (1971), Malhotra (1956), 
Mohamedbhai (1986), Nasser and Chakraborty (1983) and Nasser and Neville (1965). 
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Of the various environments to which resins may be subjected in practice, none affects 
the short term mechanical properties more severely than temperature and, in particular, 
fire (Plecnik et al, 1986). Fire exposure causes danger not only due to the loss in 
mechanical proper-ties of the materials, but also due to the significant quantities of gases 
emitted during the pyrolysis of the resins in the adhesive and composite plate; the 
volatile gases are accompanied by the formation of char (Pering et al, 1981). 
Composites and adhesives are flammable to varying degrees due to the presence of 
carbon, hydrogen and nitrogen atoms. A measure of flame retardancy can be imparted 
by applying a coating of intumescent paint which retards the combustion of the organic 
materials, thereby reducing the volume of smoke and practically eliminating burning 
when the paint foams during direct exposure to flames (Hollaway, 1993). Also, varying 
degrees of flame retardancy are provided in composites by mineral fillers, such as 
calcium carbonate and china clay, distributed in the matrix to replace some of the resin in 
the bulk of the laminate. Short duration, high intensity fire exposures may have much 
less severe effects than longer exposure and more gradual temperature changes (Plecnik 
et al, 1986). 
Meier (1996) load tested steel and CFRP plated reinforced concrete beams exposed to a 
furnace environment; the steel plated beam failed after approximately 7 minutes because 
the plate fell away due to breakdown of the adhesive bond to the concrete, while the 
CFRP plated beam sustained the load for around 60 minutes before the plate 
disintegrated. More smoke was emitted by the CFRP plated system but the lower 
thermal conductivity of the CFRP ensured the heat was transmitted more slowly to the 
adhesive layer, enabling the plate to remain in place until the structure of the plate itself 
was broken down. The concrete showed no obvious signs of distress during the exposure 
period. 
Therefore, the most fire-critical component of an externally plated beam is the adhesive, 
so it is necessary to minimise the rate of heat transmission to this layer. No other fire or 
high temperature tests of plated beams were found in the literature, presumably due to 
the elaborate testing equipment required for applying load during the exposure period. 
in order to establish fire ratings for plated beams, ie. the exposure periods after which 
structural failure may be expected, further tests will be required. In practice, it Will be 
essential to maintain the attachment of the plate to the beam during the period before the 
plate disintegrates, so the separation of the plate due to adhesive failure Will need to be 
prevented by the use of plate end anchorage. 
Although exposure to a fire environment is an aspect of external plating requiring ftu-ther 
study, fires do not constitute a persistent form of environmental deterioration so, for the 
purpose of the present investigation, the fire behaviour was excluded from the test 
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progrwnme. 
6.3 Review of durability tests on externally plated members 
6.3.1 Introduction 
As mentioned at the beginning of the Chapter, the long term durability of externally 
plated beams has received relatively little attention in the literature, despite the 
importance of this topic. The majority of the durability tests have involved steel plated 
beams since the problem of steel corrosion was acknowledged at the steel plating stage 
in the evolution of the plate bonding technique, and composite plate bonding is relatively 
new. 
6.3.2 Tests with steel plates 
Cusens and Smith (1980) discriminated between the performances of four epoxy 
adhesives by immersing concrete scarf joints and open sandwich beams in water for a 
period of eight weeks. As expected, the joint and structural beam strengths diminished 
with time using each adhesive; the proportional strength loss was dependent on the 
adhesive type, a finding that confirms the influence of resin composition. The influence 
of resin composition was seen again by Ranisch and Rostasy (1986) who placed loaded 
steel plated beams in an environmental chamber and conducted static load tests after an 
exposure period of six months; some specimens exhibited no loss in adhesive bond 
strength, while others suffered a reduction of adhesion at the steel/adhesive interface due 
to widespread corrosion of the plate. 
Van Gemert and Vanden Bosch (1986) tested steel plate strengthened beams over the 
temperature range, -201C to +900C. Using a cold curing epoxy adhesive, there was no 
decrease in the ultimate load of the plated beams at lower temperatures but there was a 
decrease at higher temperatures (above 65*C), due to the adhesive having become 
weaker and more deformable such that plate separation was initiated in the adhesive 
rather than the concrete. Since this poor high temperature performance would be 
experienced in fire situations, the authors noted that an insulating cover, such as a 
bituminous felt, would be required in practice. The same test programme included 
subjecting steel plated beams to successive temperature cycles of between 200C and 
700C. Four point bending loads were imposed just before each temperature change to 
check for any thermal degradation of the bond. The results suggested that a limited 
number of these severe thermal loading cycles do not have a significant effect on the 
overall structural performance, but insu icient data were obtained to be able to draw fy 
more general conclusions. The environmental resistance of the epoxy bond, under 
natural exposure in atmospheric conditons, was tested using pull off specimens; these 
indicated no conclusive effect of exposure. 
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Calder (1979) and Raithby (1980) reported the first two years' results of exposure tests 
using steel plated plain concrete beams undertaken by the then Transport and Road 
Research Laboratory (TRRL); a selection of beams were supported unloaded and others 
were kept under maintained four point bending. The plates were bonded both with and 
without an epoxy primer. The test sites were chosen to represent high rainfall, industrial 
and marine environments; no statistically significant differences were found between the 
results obtained from the three exposure sites. Controlled conditions of 200C and 65% 
relative humidity were maintained for reference specimens. The orientations of the test 
beams were selected to match construction conditions as closely as possible, the 
longitudinal axes of the beams having been located normal to the prevailing wind 
direction. After the first two years of exposure, the load applied to the stressed 
specimens had fallen to between 51% and 81% of its original value. Similar load 
reductions were recorded in the tests after ten years, indicating the loss of strength 
occurred relatively soon and remained constant thereafter (Calder, 1988,1990; Anon., 
1988). Less concrete remained attached to the steel plates after beam failure in the 
exposed beams than in the control beams, and more adhesive/plate debonding occurred 
after ten years than after two years. The plates of the unprimed specimens which had 
been kept in a marine environment for two years did not have any concrete attached to 
their bonded surface after separation of the plates from the beams in the bending tests, 
indicating that the failure was due to the loss of adhesion between the adhesive and the 
steel rather than failure in the cover concrete. The application of the primer resulted in 
less widespread corrosion of the steel plates. 
A micro-structural analysis of the TRRL epoxy resin revealed that a labyrinth of cracks 
and interconnected pores existed through which solutions could penetrate (Calder, 
1979); the same was reported by Macdonald and Calder (1982) using smaller scale 
beams. An analysis using marker solutions and electron microscopy revealed cracks and 
pores in both the concrete and adhesive (Lloyd and Calder, 1981). The corroded spots 
were distributed randomly in beams with unprimed plates, suggesting that corrosive 
agents reached the inner surface of the steel plate by penetrating both the concrete and 
adhesive rather than seeping into cracks between the steel and adhesive at the edges of 
the plate. The adhesive voids, through which moisture penetrated the resin, were noted 
to be inherent regardless of the applied load on the beam. Coloured solutions were used 
to investigate the presence of cracks and flaws; it was clear that solutions of inorganic 
salts are capable of penetrating and softening the epoxy adhesive to a depth comparable 
with its total thickness in a period of six months, even if the salt is not very strongly 
oxidising (Lloyd and Calder, 1991), but diffusion through the primer paint was 
considerably slower. 
Ladner and Weder (198 1) reported natural exposure tests on steel plated beams in which 
63. Reviewo durahility tests on externally plated members 302 )f 
no significant loss of flexural strength was observed after one and three years. Creep 
tests by the same authors suggested the increase in deflection occurs more slowly in the 
case of exposed beams than in unexposed beams, but that the ultimate deflections 
approach one another with age. The authors suggested this was due to the more rapid 
drying out of the unexposed beams (Ladner and Weder, 198 1). 
Hobbs et al (1989; 1990) studied freeze-thaw and salt spray environments in their tests 
of steel plated durability. At approximately nine months after initial loading, the applied 
loads on four point bending specimens were found to have fallen by between 15% and 
20%. Pull off shear specimens, consisting of concrete blocks from which two bonded 
plates were pulled in double lap shear, were used for the salt spray tests. After 500 
cycles of intermittent salt spray prior to testing, considerable surface deterioration of the 
plates was observed although, even in the presence of this rust the exposed specimens 
were at least as strong as the control specimens. 
Swamy et al (1995) tested a number of epoxy-bonded, steel plated beams over a 2.3m 
span in four point bending after exposure to the natural environment for 11 to 12 years; 
some of the beams were kept under load during the exposure period. The parameters 
investigated were the thickness of the adhesive layer, the number of steel plates and the 
number and location of lap joints along the plate. Based on the member stiffnesses and 
failure loads, the post-exposure performances of the beams were found to be 'very 
satisfactory'. At the serviceability load, the post-exposure deflections and crack widths 
were less than, or equal to, the values for the unexposed control beams; it was 
acknowledged, however, that the apparent absence of a loss in stiffness was associated 
with the beneficial effects of increased concrete maturity with exposure time, so a 
possible loss of stiffness due to cohesive and/or interfacial deterioration of the adhesive 
may have been masked. 
None of the ten beams of Swamy et al (1995) with a single continuous plate exhibited 
any adverse structural effects of the exposure, despite one of the beams having 
experienced significant adhesivelplate interface corrosion at one end. The beams with 
single layer plates, joined at one or more locations by laps, suffered corrosion at the 
adhesive/steel interface with the main plate and the lap plate; this caused separation of 
the lap and main plate in the subsequent load tests to failure, combined with cover 
concrete separation at the free ends of the main plate under the lap, causing failure loads 
between 3% and 4% lower than the theoretical plate yielding load. The beams with 
double layer plates had plate aspect ratios (= plate width/thickness) of 41.7, lower than 
the minimum of 50 recommended by Swarny et al (1987) to ensure ductile plate yielding 
and/or concrete crushing rather than premature plate separation; consequently, these 
beams failed by cover concrete separation at a load 6% lower than the theoretical 
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flexural failure load. This was an effect of the plating system rather than the exposure 
period. 
As mentioned in Chapter 2, the first major steel plate bonding application in the United 
Kingdom was the strengthening of four pairs of bridges at the M5 Quinton Interchange 
in 1975. Twenty years later, core samples were taken through some of the concrete/plate 
bonds and the steel/steel bonds at the positions of lap joints in the plates (Hutchinson, 
1996). It was found that the bond line thicknesses, steel surface conditions and adhesion 
were all variable rather than consistent, and corrosion of the plate occurred at the 
adhesivelplate interfaces in places, particularly where the adhesive had not been 
thoroughly mixed. However, the cohesive properties of the adhesives used were similar 
to their original values at the time of plating, and the performance of the adhesives in lap 
shearjoints was satisfactory. 
6.3.3 Tests with composite plates 
Kaiser (1989), at the Swiss Federal Laboratories for Materials Testing and Research 
(EMEPA), subjected small scale CFRP plated beams of 600mm length to a frost cycling 
exposure r6gime in which the temperature was varied between -251C and +201C for 100 
cycles. Some of the beams were pre-cracked by loading before placing in the freezer 
cabinet and the cabinet was flooded between cycles to allow water to enter the cracks, 
thereby encouraging damage of the bond due to the volume increase associated with the 
ice formation. Four point bending tests after the frost cycling indicated no obvious effect 
of the low temperature and the freeze-thaw action, as seen from the similarity in the 
structural behaviours and ultimate loads of the exposed beams and unexposed control 
specimens. Also, visual examination of the beams during and after the exposure 
indicated no cohesive or interfacial cracking of the adhesive. A further beam at EMPA 
was held at -601C for some years (not specified) up to the report by Kaiser (1989), but no 
cohesive or interfacial damage was found in the adhesive or the adherends after this 
extended period, contrary to the expectation that the plate would break away from the 
concrete due to the differential thermal straining of the concrete and CFRP. 
By considering the change in length of the concrete when the temperature falls by an 
amount, AT, and the associated bond stress at the ends of the plate (assuming the CFRP 
experiences no change in length due to its zero value of thermal expansion coefficient), 
Kaiser (1989) presented an elastic calculation procedure for estimating the sub-zero 
temperature to which a beam would need to be taken to cause damage in the concrete/ 
plate bond. This calculation assumed the bond would fail in the concrete at a shear stress 
of 8 MPa at the end of the plate, the value determined in shear pull off tests and beam 
tests. For the thickness of plate used in the above frost cycling tests, a temperature of - 
51 OC was calculated to be necessary to cause fracture due to the bond stresses generated 
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by the differential straining of the concrete and CFRP plate; this was consistent with the 
frost cycling tests in which no damage was found at -25'C. It was noted by Kaiser 
(1989) that the magnitude of the lowest negative temperature in the frost cycling tests is 
rarely exceeded in Switzerland, so it was concluded that the influence of freezing will 
not usually be detrimental. However, despite this encouraging finding, it was 
acknowledged that the influence of varying temperatures between both positive and 
negative high magnitudes may be more serious than between room temperature and a 
high negative magnitude, so further work was felt necessary; the tests of section 6.5.2.3 
(page 318) aim to provide further results on the influence of widely varying 
temperatures. 
Meier et al (1992), again at OvTA, conducted fatigue tests under conditions of 95% 
relative humidity and 400C temperature to demonstrate that CFRP plated beams can 
withstand simultaneous fatigue loading, high temperature and high humidity. The CFRP 
plate was almost saturated with water at the beginning of the test which was conducted 
after a period of fatigue cycling under room temperature and humidity conditions. The 
adhesive/plate and adhesive/concrete interfaces showed no signs of damage after a total 
of 12 million cycles and the plate separated from the beam only after the fretting fatigue 
failure of three of the four internal rebars. This promising durability performance was 
consistent with the absence of an environmental effect in earlier tests at EMPA, in which 
three CFRP plated reinforced concrete beams were load tested to failure after being 
exposed to 100 thermal cycles between -250C and +200C (Kaiser, 1989). 
Shijie and Ruixian (1993) considered GFRP plating with E-glass/polyester composites 
and curing of the adhesive under the environments of (i) room temperature, (ii) curing at 
room temperature followed by immersion in water for 24 hours and then heating to 600C, 
this temperature having been held for 4 hours, and (iii) the same as (ii) but repeated five 
times. Shear pull off tests of the GFRP/concrete bond produced nominal ultimate shear 
stresses for the different environmental conditions, indicating that the shear strength 
reduced by only 10% after repeated immersions, the numbers of which were not stated. 
Chajes et al (1994; 1995) reported small scale durability trials of reinforced concrete 
beams externally plated with aramid, E-glass and carbon fibre reinforced polymer plates 
containing a 0/900 fibre configuration. The beams were subjected to freeze-thaw and 
wet-dry cycling and exposure to chlorides for periods of 50 and 100 cycles, before being 
loaded in four point bending over their 330mm span. The epoxy adhesive used to bond 
the plates, Sikadur 32, was assessed for its suitability under freeze-thaw conditions by 
coating 12 beams with the adhesive along the tension face and placing the beams in a 
freezer for 24 hours at -171C, before thawing at room temperature for another 24 hours; 
this was repeated 5 times, after which no cracking or debonding of the adhesive was 
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noticed, so the adhesive was deemed to be thermally compatible with the concrete. 
The freeze-thaw cycling by Chajes et al (1994; 1995) was conducted with the beams 
submerged in calcium chloride and the temperature in each cycle was held at -170C for 
16 hours and then room temperature for 8 hours. The wet-dry exposure consisted of 
submerging the beams in calcium chloride for 16 hours, followed by drying for 8 hours. 
The failure modes of the unplated and GFRP plated beams were not affected by the 
exposure, remaining as concrete crushing and plate fracture, respectively. However, 
although the adhesive/CFRP bond was strong in the unexposed beams, the freeze-thaw 
and wet-dry exposed specimens suffered partial adhesive/CFRP interfacial debonding 
immediately before plate tensile fracture; this was the case for the aramid plated beams 
also. The absence of adhesive/GFRP interfacial debonding was attributed to the lower 
composite tensile strength which ensured the material failed in tension before the critical 
interfacial bond stress was reached. In general, the wet-dry environment was found to be 
more severe than the freeze-thaw cycles, given the lower average beam strengths of the 
wet-dry specimens. The drop in beam capacity was 36% at 100 cycles for the aramid 
and GFRP plated specimens, but only 19% for the CFRP plated members, indicating the 
relatively slight influence of the environmental exposure when the CFRP plate material 
is used. Another advantage of the CFRP plate material was its ability to maintain a 
greater proportion of the original beam capacity, over and above the unplated beams, 
than the aramid and E-glass plates at 100 wet-dry cycles. It was concluded that CFRP 
plates are the most appropriate for freeze-thaw conditions in which repeated wetting and 
drying is expected. 
Me et al (1995) tested small scale CFRP plated reinforced concrete beams in three point 
bending over a 254mm span after exposure to the following three environments: (i) 
immersion in water at room temperature for 2 months followed by drying at room 
temperature for at least 10 days, (ii) hot-cold thermal cycling by maintaining a 
temperature of 40*C for I week followed by -230C for I week, over a2 month period, 
and (iii) exposure to the natural environment. The unidirectional CFRP plates, the 
thicknesses of which ranged from 0.33mm to 6mm, varied in length such that they 
terminated within the loaded span or extended under the beam supports. The plates were 
the full width of the beams and were manufactured from autoclaved prepregs; the plate 
bonding surface was prepared by roughening with glass paper and then cleaning with 
acetone. With these preparation conditions, the immersion in water produced increases 
in beam capacity of 0.6% and 10.91/o for the two adhesive types used, while the thermal 
cycling caused a 7.5% drop in capacity. The authors quoted from the adhesive 
manufacturer's literature which stated a decrease in shear strength to 56% of the 
unexposed value after 90 days' water immersion; the decrease in adhesive shear strength 
was apparently inconsistent with the gain in beam capacity, a finding attributed to the 
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plasticisation of the adhesive, presumably associated with lower stresses transferred into 
the cover concrete layer. This result suggested that moisture is not as important an 
environment as temperature, in terms of the degradation of CFRP plated structural 
capacity, a finding inconsistent with the conclusion of Chajes ef al (1994; 1995) that a 
wet-dry environment is the most damaging. The immersion of pre-cracked beams, in 
which the concrete cracks were not resin-filled to ensure moisture had a greater chance 
of penetrating the plated system, also resulted in an increase in capacity, consistent with 
the relatively slight influence of moisture on the overall plated response. The absence of 
accelerated degradation due to the concrete cracks was in agreement with the finding of 
Kaiser (1989) that flexural cracks failed to worsen the degradation under freeze-thaw 
conditions in which water filled the cracks. 
6.4 Conclusions drawn from the durability reviews 
The above reviews of material durability have indicated that the long term environmental 
performance of an externally plated beam is governed by the adhesive and composite 
plate, rather than the concrete. Moisture appears generally to be the most detrimental 
single influence on the component materials, causing degradation of the resin in the 
adhesive and composite plate, and the resin/fibre interface in the composite. The 
influence of moisture is increased with rising temperature, so the combination of 
moisture and elevated temperature is the most severe. The deleterious effect of 
increasing temperature will manifest itself in adhesiveladherend interfacial damage and 
resin/fibre damage in the composite, due to both accelerated moisture activity and the 
mismatch in thermal expansion coefficients. In addition to water, a number of chemicals 
may degrade the materials and their interfaces, such as salt water, oil and alkaline 
solutions from the concrete. 
The above effects are influenced by the rate of loading under fluctuating load conditions, 
since this rate determines the period of time during which the materials and their bonds 
are subjected to the combined effects of stress, moisture and chemicals, all concurrent 
with varying temperature. 
The degrading effect of moisture and elevated temperature was shown in tests of 
externally plated beams also. Gradual changes in temperature over a prolonged period 
have a greater effect on the residual structural behaviour than a limited number of severe 
thermal cycles. The importance of adequate surface preparation was seen using steel 
plates, for which the use of a primer reduced the extent of plate corrosion. The adhesive 
contains a network of cracks and interconnected voids through which moisture and 
chemicals can penetrate the concrete/plate bond; these voids exist at any applied load on 
the beam. Despite the presence of these locations of moisture ingress, the fatigue 
performance of CFRP plated beams appears to be satisfactory even under elevated 
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temperature and humidity conditions. The high modulus of CFRP plates will lead to 
adhesive/plate interfacial bond stresses of sufficient magnitude to cause bond failure if 
the interface has been degraded by freeze-thaw or wet-dry exposure. Wet-dry exposure 
appears to be more severe than a freeze-thaw environment and CFRP plate materials 
produce the most gradual deterioration in beam capacity under wet-dry and freeze-thaw 
conditions. The presence of concrete flexural cracks appears to have no influence on the 
structural degradation of the plated member, suggesting the predominant environmental 
influence is due to the attack of the edges of the bond line, these being the most highly 
stressed regions of the bond (Mays and Hutchinson, 1992). 
In the following durability tests, the above various effects could have been considered in 
combination, thereby representing service conditions, but this would have necessitated 
elaborate equipment and would not have indicated which effect in particular is the most 
detrimental to the plated member. Consequently, it was decided to select moisture and 
temperature as the particular environmental variables of interest, applied in the exposure 
regimes described below. The effects of dynamic fatigue were to be treated separately in 
the work of Chapter 7 under ambient laboratory conditions. 
6.5 Experimental work 
6.5.1 Environmental exposure regimes 
The following two exposure conditions were adopted for the Sikadur 31 PBA adhesive, 
composite materials and plated beams: 
thermal cycling of unloaded CFRP plated beams, adhesive and composite coupons 
between temperatures of -20*C and +501C; 
exposure of loaded CFRP plated beams, adhesive and composite coupons to a warm, 
moist atmosphere of 30*C and 100% relative humidity. 
The adhesive specimens were prepared by the de-airing procedure described in section 
3.1.4.2.1 (page 3 9). 
The following sections first describe the exposure conditions before presenting results 
from which conclusions, regarding the effects of the exposures, are listed. 
6.5.1.1 Thermal cycling exposure 
The thermal cycling exposure, achieved using a temperature cabinet operating at its 
limits of extreme temperatures, was applied to represent freeze-thaw conditions in which 
the natural moisture in the air condensed on to the plated beams and the material coupons 
of adhesive, CFRP and GFRP. The beams were load tested to a level of 17 kN after 
exposure periods of 0,50 and 180 thermal cycles to assess the influence of the freeze- 
thaw environment. This load was approximately 70% of the yield load, as predicted 
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using the flexural strain compatibility method which will be described in Part A of 
Chapter 8; the load of 17 kN was sufficient to extensively crack the concrete in flexure 
without risking initial plate separation damage associated with a large post-yield 
deformation. The adhesive and composite coupons were tested in tension after the same 
exposure periods. The GFRP coupons were cut from the 0.64 by 65mm prepreg plate 
material applied in beam A2bGMp of Chapter 4. For convenient reference, the order of 
beam tests will be explained in section 6.5.2.3 (page 318). 
The initial average concrete compressive strength of the beams was 40.1 Wa, as shown 
in Table 3.2 (page 33), but this increased to 42.1 NTa at 50 thermal cycles and 47.1 NTa 
at 180 cycles, as determined from standard cubes placed in the temperature cabinet. The 
internal reinforcement configuration of the beams was the same as that shown in section 
in Figure 3.8 (page 54) for the 1.0m beams of Chapter 4, but the beams were only 0.8m 
long so they would fit in the temperature cabinet; the load tests were over a span of 
720mm. with a load spacing of I 00mm, producing a shear span/bearn depth ratio of 3.10. 
The external CFRP reinforcement was the 0.82 by 67mm prepreg material, the properties 
of which are given in Table 3.4 (page 35), bonded with a 2mm layer of Sikadur 31 PBA 
adhesive; the coupon specimens were of the same material. The concrete and CFRP 
bonding surfaces were prepared as described in Chapter 3 for the ambient laboratory 
static tests, and the adhesive was mixed and spread as also described in Chapter 3. 
The frozen moisture appeared as a thin layer of ice crystals on the concrete, adhesive and 
composite, while the thawed ice appeared as a film of moisture; the relative humidity in 
the temperature cabinet varied from 43% at -201C to 18% at +500C, with a maximum of 
62% at -30C. The beams were supported on lengths of timber to ensure all surfaces of 
the beams were equally exposed; the composite coupons, cut to the same dimensions as 
the tensile specimens of Figure 3.1 (page 36), were similarly positioned. The adhesive 
specimens, of the form shown in Figure 3.2 (page 4 1), were initially located in the same 
fashion, but the specimens deformed under their own weight at the temperature of 500C 
which is above the T. of the adhesive, so these specimens were subsequently laid flat. 
Before the exposure tests were started, similar beam specimens were placed in the 
temperature cabinet to occupy the same volume as the actual test beams, and the 
variations of air, CFRP surface, concrete surface and concrete core temperatures were 
monitored to establish the thermal cycle time. The surface temperatures were found 
using type 'K' thermocouples taped to the CFRP and concrete surfaces and buried 
beneath a piece of foam to avoid measurement of the surrounding air temperature. The 
temperature cabinet self-regulated the rate of temperature rise at the location of its in- 
built thermocouple, and Figure 6.1 shows the resultant variations in surface and concrete 
core temperatures which were the same in the actual test beams. 
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Figure 6.1 Temperature profiles in the thermal cycling tests 
The concrete core temperature was monitored using type 'T' thermocouples buried in 
3mm bores along the centreline of the beams and subsequently encased in cement paste; 
the then-nocouples extended to half the beam depth. Figure 6.1 shows the surface and 
core temperatures to have changed more gradually than the surrounding air temperature, 
the air initially continued warming beyond 500C before returning to this target value. 
The concrete core temperature failed to reach the extremes of +501C and -201C in the 
time taken for the surfaces to reach these extremes, indicating the existence of a 
temperature gradient across the beam depth throughout the majority of the cycle 
duration. As expected, the core of the concrete heated and cooled more slowly than the 
surrounding environment. 
As Figure 6.1 shows, the surface temperatures reached the +501C limit after 
approximately 6 hours from room temperature in the first cycle, and the rate of warming 
to +500C from -200C in all subsequent cycles was sufficiently high to enable the upper 
limit to be reached within around 8 hours. The cooling from +500C to -20'IC took around 
14 hours. To make each cycle last 24 hours, the balance of 24-8-14 =2 hours was made 
up by adding I hour to the maximum and minimum temperature durations. 
The initial rate of concrete and CFRP surface heating, from -200C to +501C, was 
approximately +540C/hour and the initial rate of cooling in the reverse direction was 
around -I 3'C/hour. This is far greater than the rates to be expected for some bridges in 
practice in the United Kingdoml for example, Darby (1995) presented temperature 
profiles for a prestressed concrete bridge in Oxfordshire, from which the following 
typical average rates of concrete surface heating and cooling, at soffit level, were 
estimated: 
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summer: heating +0.4C/hr, cooling -0.3*C/hr, 
winter: heating +0.40C/hr, cooling -0.50C/hr. 
These values suggest the rate of soffit level surface temperature change is essentially 
unaffected by the time of year, unlike the rate at the top surface of the deck which is 
more exposed, as shown by the following values (Darby, 1995): 
summer: heating +0.60C/hr, cooling -0.30C/hr, 
winter: heating +0.1 OC/hr, cooling -0.20C/hr. 
The maximum and minimum surface temperatures of this particular bridge did not 
extend above +211C and below +11C, corresponding to maximum and minimum air 
temperatures of +240C and -30C, respectively. 
Therefore, the tests in the present temperature cabinet were relatively severe in terms of 
both the heating and cooling rates and the magnitudes of the extreme temperatures, based 
on the above bridge data and the values cited in section 6.1 (page 283) from Emerson 
(1976) and BS 5400, Part 2 (1978). 
Both the beam and material coupon specimens were tested at a time of 24 hours after 
removal from the tempe: rature cabinet to encourage them to reach the surface dry state; 
the specimens were stored under ambient laboratory conditions during this time. 
6.5.1.2 Warm humidity exposure 
This warm and humid atmosphere of 3 OIC and 1001/6 relative humidity was used for the 
back-to-back loading of two CFRP plated concrete beams, the interrial and external 
reinforcement configurations and dimensions of which were the same as for the above 
thermal cycling specimens. The beams were supported on timber above a pool of water 
which was heated sufficiently to produce vapour whose temperature was maintained at 
300C, as checked daily on a mercury thermometer kept in the moisture chamber. In 
addition to the beams, specimens of the CFRP, GFRP and adhesive were held above the 
water level and tested after 0,50 and 180 days of exposure; in each case, the material 
was tested 24 hours after its removal from the humid atmosphere. 
As Table 3.2 (page 33) shows, the beams were prepared from concrete with an initial 
compressive strength of 50.6 NTa. This value was determined after prolonged moist 
storage under polythene, rather than the usual 28 days, so that the strength would have a 
chance to settle at an essentially maximum value before placing the beams in the humid 
atmosphere; consequently, the increase in strength, due to the exposure, was only 2% to 
51.6 NVa at 180 days. 
The beams were initially loaded to 34.5 kN, representing 99% of the yield load assuming 
the internal tensile rebars were of high tensile steel which was thought to be the case for 
these particular specimens whose rebars were delivered with a batch of high tensile 
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material for another project. The only instrumentation fitted to the test rig was a pair of 
load cells in the four point bending configuration shown in Figure 6.2. 
T ^. A --. A- 
Mild steel thread 
Figure 61 Loading configuration of the warm humidity exposure specimens 
Removable dial gauges were initially mounted on opposite sides of the humidity 
chamber so that the midspan deflections of the beams could be measured but the removal 
and refitting of the gauges, necessary to avoid their corrosion, caused unreliable readings 
so their use was discontinued. 
The combination of high load (ie. wide flexural cracks), moisture and elevated 
temperature was intended to provide a severe environment of the factors having most 
influence on the adhesive and composite material. Unfortunately, the rebars were of 
mild steel so the beams were actually loaded to 150% of their yield load. This load level 
was near the ultimate capacity of the beams, causing the onset of plate separation in one 
of the beams, as displayed by the appearance, at one end of the plate, of the shear crack 
which gives way to plate end peel and subsequent cover concrete separation, as shown in 
Figure 4.10 (page 81). This end of the plate peeled visibly a small distance from the 
beam soffit, but the failure did not propagate further so the beam was able to sustain the 
new lower load shown in Figure 6.3 at point B. It was decided not to restore the load to 
the original level of point A since this would have risked propagation of the plate 
separation and the resultant loss of a reaction for the other beam; instead, the beams were 
left untouched for the remainder of the 180 days exposure. 
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Figure 6.3 Variation of applied load with time for humidity beams (loads shown as 
individual values rather than total applied load) 
During the next 26 days' exposure, between points B and C in Figure 6.3, the plate 
separation propagated further along the beam, but not in the usual fashion at the level of 
the internal rebars which is characteristic of low shear span/beam depth ratios. Instead, 
the plate separation was at the adhesive/concrete interface, producing a free length of 
plate with adhesive still bonded but no concrete attached to the adhesive, as shown in 
Figure 6.4. The free length of plate extended as far as the next concrete crack, causing 
the crack to extend up to the level of the internal rebars. This crack subsequently 
remained stable throughout the rest of the exposure period. The gradual formation of the 
free length of plate was associated with the reduction in total applied load to the level of 
approximately 21 kN, which was subsequently maintained throughout the remainder of 
the exposure period, as shown beyond point Cin Figure 6.3. 
Figure 6.4 Appearance of plate separation failure after exposure for 27 days 
6.5, Experimental work 313 
However, although the load was maintained, the separation of the plate continued in the 
form of further adhesive/concrete interfacial debonding, this time between positions B 
and C in Figure 6.4; the bond between positions A and B was intact. The length AB was 
60mm and did not change during the subsequent continued exposure, but the length BC 
was 190mm. after the present 27 days' exposure, 240mm after 33 days and 270mm after 
180 days. The propagation of adhesive/concrete interfacial failure between positions B 
and C in Figure 6.4, rather than failure in the concrete cover thickness, reflects the 
degradation of the bond due to the maintained exposure and applied load. 
6.5.2 Results and discussion of material and beam tests 
6.5.2.1 Composite material tests after thermal cycling and humidity exposure 
Table 6.1 lists the results of the CFRP and GFRP tensile tests after the thermal cycling 
and humidity exposure periods. The only moduli to exhibit a consistent trend with 
increasing exposure time are the values for the CFRP thermal cycling specimens which 
increased in magnitude, and the GFRP humidity exposure specimens were the only ones 
to show a consistent trend in tensile strength, this being a reduction; the lack of 
consistent trends for all other values suggests the exposures had no conclusive influence 
on those material properties. The variabilities in the material characteristics exhibited no 
consistent trends for either of the exposure r6gimes, the values having remained broadly 
unchanged after the exposures. 
Although the CFRP tensile strengths after the humid environment were not consistently 
affected with increasing exposure time, the values after exposure were all greater than 
the unexposed control value of 1414 Wa, in contrast to the reduction in strength of the 
GFRP humidity-exposed specimens, suggesting the GFRP material was less resistant to 
the effects of the warm and humid environment than the CFRP. 
All of the exposed CFRP coupons failed by tensile fracture in what remained as ajagged 
plane across the composite. There was no warning of this failure before it occurred, 
unlike in the unexposed control specimens which provided warning by the progressive 
longitudinal splitting of the material such that the applied load fell to zero over a period 
of some seconds. As mentioned in section 3.1.3.1 (page 34), this splitting began at the 
edges of the specimens where fibres are thought to have been severed when the material 
was sawn to coupon width, leading to splitting due to the failure of regions in which the 
applied stress was carried predominantly by the weak resin. However, in the exposed 
specimens, since no such initial edge splitting occurred, it is suggested the resin was 
sufficiently strong to allow the ultimate stress of the fibres to be reached over the 
majority of the specimen cross section, so the coupons failed in one 'clean break' 
associated with a larger applied stress rather than by progressive fracture. The reason for 
this suggested strengthening of the resin is uncertain, given the presence of differential 
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thermal expansion and high humidity which are both known to be detrimental influences. 
Table 6.1 Composite material characteristics after environmental exposure 
Material type and exposure time Modulus of Tensile Ultimate strain 
elasticity (GPa) strength (APa) (microstrain) 
CFRP thermal cycling 
Unexposed (control) 
50 thermal cycles 
100 thermal cycles 
180 thermal cycles 
GFRP thermal cycling 
Unexposed (control) 
50 thermal cycles 
100 thermal cycles 
180 thermal cycles 
CFRP humidity exposure 
Unexposed (control) 
50 days 
100 days 
180 days 
GFRP humidity exposure 
UneMmsed (control) 
50 days 
110.89 (A: 4.2%) 1414 (±7.60/o) 12340 (±6.00/o) 
113.40 (±5.1 O/o) 1386 (±6.2%) 11827 (±5.20/(k) 
116.28 (+-3.40/o) 1627 (±7.9%o) 14060 (±7.10/o) 
121.44 (+1.2%) 1734 (18.1%) 14348 (-+6.00/o) 
36.09 (±2.90/o) 955 (±6.50/o) 26185 (±7.3%) 
36.65 (±3.5%) 1056 (±5.2%) 28512 (: k5.80/o) 
37.62 (±2.5%) 973 (±5.80/o) 28104 (±8.80/o) 
37.17 (±2.9%) 1004 (14.8%) 29350 (±7.3%) 
110.88 (±4.20/o) 1414 (±7.60/o) 12340 (16.0%) 
109.95 (±3.8'Yo) 1587 (±9.5'Yo) 13967 (15.2%) 
111.77 (±4.50/o) 1476 (17.8%) 13471 (+3.70/o) 
114.57 (+-3.5'Yo) 1609 (±8.80/o) 14326 (12.3%) 
36.09 (+, 2.90/o) 
35.82 (13.4%) 
955 (±6.501. ) 
862 (±4.8Yo) 
26185 (i: 7.30/o) 
23813 (*6.0%) 
100 days 36.31 (±2.60/o) 857 (+5.90/o) 26116 (+-6.5'Yo) 
180 days 35.71 (il. 8%) 835 (±5.40/o) 27664 (17.8%) 
It is thought the matrix resin material of the CFRP was post-wed at the elevated 
temperatures of +500C and +300C, consistent with the elimination of edge fractures due 
to weak resin-rich areas. Epoxy resins are known to experience improved mechanical 
properties due to post-curing, since there remain some available sites for the further cross 
linking of molecular chains after the initial relatively short cure at elevated temperature 
(Gordon and Grieveson, 1958). 
As mentioned in section 3.1.3.1 (page 34), the unexposed GFRP specimens failed by 
initial edge splitting followed by an explosive tensile failure which left the material 
broken into two brush-like halves. However, the thermally cycled and humidity-exposed 
GFRP specimens failed, after initial edge fractures, by the progressive longitudinal 
splitting of the material in the manner of the CFRP coupons. This change in failure 
mode suggests the fibres and/or the resin/fibre interface strengths of the exposed GFRP 
were non-uniform across the coupon width, due to environmental degradation in places 
throughout the material, giving rise to intermittent fibre and/or interface failures with 
increasing applied tension. The strengths of the thermally cycled GFRP specimens 
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increased by a maximum of 10.6%, suggesting the fibre and resin/fibre interface strength 
distributions were made non-uniform by an increase in their values at some locations, but 
the strength of the humidity-exposed GFRP reduced by 12.6% after 180 days' exposure, 
reflecting the broad reduction in strength. However, the reduction in the modulus of 
elasticity of the GFRP, over the 180 days of humidity exposure, was approximately 
1.1 %, lower than the strength reduction in the same period, suggesting the stiffnesses of 
the glass fibres and the resin/fibre interfaces were essentially not degraded. 
The fall in GFRP strength due to the humidity exposure, and the absence of a GFRP 
strength reduction under the thermal cycling exposure, are results which indicate the 
relatively severe effect of humidity on the composite performance, consistent with the 
literature which reports moisture as being the most detrimental environment. 
Tberefore, the broad finding from these tests is that thermal cycling between the extreme 
temperatures of -200C and +500C has a slight enhancing effect on the CFRP prepreg 
composite, while combined moisture and elevated temperature is a relatively deleterious 
environment for GFRP but not for CFRP. The lack of a detrimental influence on the 
CFRP is consistent with the reports in the literature of a superior environmental 
performance of this material. 
6.5.21 Adhesive tests after thermal cycling and humidity exposure 
Table 6.2 shows the adhesive characteristics after the three periods of the two types of 
exposure; as in Table 3.6 (page 41), the modulus is given as the initial tangent value at 
zero stress. In the thermal cycling environment between -200C and +500C, the modulus 
increased by 25.6% after 50 cycles and 3 1.1% after 180 cycles, indicating the stiffening 
of the adhesive early in the exposure period and the small further increase thereafter. 
The increases in strength were 12.5% after 50 cycles and 45.2% after 180 cycles, so the 
material continued to become stronger after the rate of its stiffness gain reduced. 
Figure 6.5 shows typical stress-strain curves for the adhesive exposed to the thermal 
cycling environment, from which the increases in modulus and strength are seen. 
The negative influence of the humid atmosphere on the adhesive is shown in Figure 6.6 
which indicates the increase in ductility associated with the plasticisation of the material. 
The ultimate strain increased most between 100 and ISO days' exposure, reflecting the 
existence of a critical moisture uptake beyond which accelerated plasticisation occurred. 
Figure 3.6 (page 48) showed a similar softening effect due to elevated temperature above 
the T. value of the adhesive, but the plasticisation in Figure 6.6 was at the lower 
temperature of 300C, well below the Tg value, reflecting the serious effect of the high 
humidity environment, a finding consistent with the literature which states that moisture 
is the most detrimental environment for adhesives. 
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Table 6.2 Adhesive material characteristics after environmental exposure 
Erposure type and duration Modulus qf 
elasticity (GPa) 
Tensile 
strength (Affla) 
Ulliniate strain 
(nficrosirain) 
Thermal cycling 
Unexposed (control) 9.0 (±21.1%) 26.3 (±27.0%) 43W (±46.5%) 
50 thermal cycles 11.3 (±0.5%) 29.6 (±10.8%) 3467 (±18.3%) 
100 then-nal cycles 11.5 (±I. ]%) 31.4 (±9.7%) 4302 (±17.6%) 
180 thermal cycles 11.8 (±0.90/. ) 38.2 (±13.3%) 4333 (±19.2%) 
Humidity exposure 
Unexposed (control) 9.0 (±21.1%) 26.3 (±27.0%) 43W (±46.5%) 
50 days 7.8 (±1.2%) 13.4 (±5.3%) 3663 (±22.5%) 
100 days 6.4 (±10.2%) 16.2 (±7.2%) 5284 (±21.5%) 
180 days 5.7 (±19.7%) 15.7 (±12.5%) 7980 (±20.8%) 
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Figure 6.5 Adhesive tensile behaviour after exposure to therinal cycling 
The enhancing effect of post-curing is considered to be a valid explanation of the rise in 
the adhesive properties under the thermal cycling rýgime, given the relatively low cure 
temperature (22C) of this material. Assuming the temperature profile of the bulk 
adhesive specimens followed the surface temperature profile of the CFRP and concrete 
of the plated beams, it is found from Figure 6.1 (page 3 10) that the temperature exceeded 
22'C for approximately 10.5 hours in each cycle, constituting the large proportion of 
44% of the total exposure time. 
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Figure 6.6 Adhesive tensile behaviour after exposure to warm humidity 
6.5.2.3 Beam loading tests after thermal cycling exposure 
A total of three plated beams were manufactured for these tests, one to be used as an 
unexposed control and two to be kept in the temperature cabinet, this being the greatest 
number of beams the cabinet could accommodate, the beams in the temperature cabinet 
are referred to as 'beam V and 'beam 2'. Having initially loaded all three unexposed 
beams to 17 kN to crack the concrete, the beams were re-loaded to the same level to 
establish their original pre-exposure characteristics and to confirm that the behaviours of 
the specimens were initially similar; Figure 6.7 uses the plate strains to confirm the 
initial similarity in behaviour, the deflection responses having been of the same relative 
forms. Although the control specimen was marginally stiffer than beams I and 2, the 
latter two exhibited essentially identical behaviour. 
Table 6.3 shows the order in which the beams were tested after the three periods of 
exposure. Having established that the beams to be exposed behaved initially identically, 
this testing programme was used so that one beam would be tested after each of 50 and 
100 cycles, enabling the influence of the temperature cycling and associated moisture to 
be assessed. The unexposed control beam, which was maintained under ambient 
laboratory conditions throughout, was loaded after each number of cycles for which the 
cabinet specimens were exposed; this was to confirm that re-loading the beams had no 
effect on the structural response, so the responses of beam I after 50 cycles, beam 2 after 
100 cycles, and beams I and 2 after 180 cycles were not influenced by the re-loading of 
already cracked concrete. Figure 6.8 shows the flexural plate strain responses of the 
control beam, confirming the absence of any effect due to re-loading. 
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Figure 6.7 Initial responses of the beams before thermal cycling exposure 
Table 6.3 Order of thermal cycling beam tests 
Number (? f lhermal c-vcles Control beam Beam I Beam 2 
0 x x x 
50 x x 
100 x x 
180 x x x 
After each number of exposure cycles, the bond line was visually inspected to check for 
cracks through the adhesive and/or interfacial cracks, none was found at any time during 
the 180 days of temperature cycling. 
Figure 6.9 shows the deflection responses of beam I after 0,50 and 180 cycles of 
exposure; the deflection behaviour was reflected in the plate strains, as shown in Figure 
6.10 (page 321). These Figures indicate that the member stiffness reduced after 50 
cycles, such that the deflection and plate strain at 17 kN were 24% and 21% greater, 
respectively, than the magnitudes before exposure. In the next 130 cycles to the end of 
the exposure period, some of the stiffness was recovered, such that the above 
proportional increases in deflection and plate strain reduced to 17% and 19%, 
respectively. 
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Figure 6.9 Deflection responses of beam I throughout the exposure time 
The deflection and plate strain responses of beam 2 are given in Figures 6.11 and 6.12, 
respectively. The stiffness after 100 cycles was greater than after 180 cycles, reflecting 
the structural degradation during this 80 cycle period. The results for beam I suggested 
a lower stiffness after 50 cycles than after 180 cycles and, given the similarity in the 
unexposed responses and the exposure conditions, it is reasonable to expect beam 2 also 
to have experienced a lower stiffness after 50 cycles than after 180 cycles. 
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Figure 6.10 Plate strain responses of beam I throughout the exposure time 
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Figure 6.11 Deflection responses of beam 2 throughout the exposure time 
Therefore, these results suggest the plated member stiffness reduced relatively early in 
the exposure period before being partially restored, concurrent with the initially rapid 
rate of increase in the adhesive modulus followed by a subsequently more gradual 
increase, as shown in Table 6.2 (page 317), assuming the adhesive in sitil experienced the 
same effect of the thermal cycling as the bulk tensile specimens. Consequently, after 50 
cycles, the change in the plated member stiffness was not consistent with the change in 
adhesive stiffness. Also, the concrete strength increased during the exposure period, 
suggesting an increase in concrete stiffness, albeit small, so the reduced beam stiffness 
was inconsistent with this material property change as well. 
6.5. Experimental work 321 
0 0.4 0.8 1.2 1.6 
Midspan deflection (mm) 
20 , 
16 
12 
4 
0 200 400 600 800 1000 1200 
Midspan platc strain (microstrain) 
1 
1400 
Figure 6.12 Plate strain responses of beam 2 throughout the exposure time 
The same can be said when considering the CFRP modulus which rose by an average of 
2.3% during the first 50 cycles, as deduced from the values in Table 6.1 (page 3 15). 
Given the lack of a material stiffness influence on the initial 50-cycle behaviour of the 
beams, it is concluded that the reduced structural stiffness was due to the possible effects 
of either flexural concrete crack lengthening, due to the freeze-thaw action, or the 
reduced transmission of strain to the plate due to the degradation of the adhesive/ 
concrete and/or the adhesive/CFRP interface. Crack width and length measurements 
were not made for these small beams and demec measurements were not taken because 
the demec discs failed to remain fin-nly bonded after the exposure, so the propagation of 
concrete cracking due to the freeze-thaw action could not be confirmed. The increased 
midspan plate strain that results from a reduced strain transfer action of the adhesive was 
shown by comparison of Figures 4.32 (page 119) and 4.33 (page 119) for two of the 
unexposed beams in Chapter 4, and the adhesive/concrete bond degrading action of 
moisture was seen in section 6.5.1.2 (page 311). Although the quantity of moisture was 
considerably lower in the thermal cycling environment than the high humidity 
atmosphere, the effects of the lower moisture are likely to have been magnified by the 
considerably higher temperature (50'C maximum compared with 300C). 
After 180 days of temperature cycling, all three beams were statically loaded to failure in 
order to establish their characteristic loads, the values of which are listed in Table 6.4 
together with the post-yield structural stiffness of each beam. The yield loads were all 
similar, the highest having been 8.3% greater than the lowest, and the maximum and 
minimum ultimate loads exhibited the similar difference of 11.1%, so these loads are 
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inconclusive with respect to the influence of the thermal cycling exposure on the plated 
capacity. 
Table 6.4 Characteristic loads of the thermally cycled bearns- 
Beam Yield load Ultimate load Post-yieldstiffness 
(kv (kA9 (k? Vlmm) 
Control 24.0 48.9 7.3 
1 26.0 46.9 5.4 
2 25.0 44.0 6.3 
Each beam failed in the plate end peel fashion depicted in Figure 4.10 (page 81), 
consistent with the low shear span/beam depth ratio of 3.10, and the Mferences in 
ultimate load were presumably caused by differences in the tensile strength of the 
concrete in this weak region of the beam at the end of the plate. The post-yield 
stiffnesses in Table 6.4 were lower for the exposed beams than the control specimen, 
consistent with the possibly damaged adhesive/concrete and/or adhesive/CFRP interface, 
or the reduction in the tensile concrete contribution due to crack extension under the 
freeze-thaw action. 
6.6 Conclusions 
The adhesive and composite coupon tests were conducted in sufficient number to enable 
the following main findings to be identified: 
" the CFRP prepreg composite experienced an increase in modulus and strength due to 
the thermal cycling between -200C and +501C, a result possibly caused by post-curing 
of the epoxy matrix, indicating the superior performance of CFRP compared with 
GFRP which experienced no significant improvement; 
" the adhesive mechanical properties were also improved by the temperature cycling 
over this 700C range. It can be said that the modulus of elasticity generally rises 
initially rapidly before increasing at a subsequently lower rate, but the strength 
continues to increase rapidly after the rise in the modulus increase becomes slower. 
The post-curing effect of the temperatures greater than the cure temperature is 
believed to be responsible for the improvement in the mechanical properties; 
" although the temperature in the high humidity atmosphere was elevated to 300C. the 
mechanical properties of the adhesive fell with increasing exposure, confirming the 
reports in the literature that moisture is the most detrimental environment for 
adhesives. 
The plated beam tests after the thermal cycling exposure indicated a reduction in 
structural stiffness despite the improvement in adhesive and plate properties, an 
anomalous finding attributed to the suspected degradation of the adhesive/adherend 
interfaces and/or the freeze-thaw effects on the concrete, although this reason was not 
confirmed experimentally. Since previous studies have shown high negative 
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temperature magnitudes not to be detrimental, it is concluded that the elevated positive 
magnitudes are the cause of the subsequently reduced structural stiffness, but further 
work is required to investigate the influence of the mismatch in the concrete, adhesive 
and plate thermal expansion coefficients. 
It is acknowledged that this durability study has not addressed all aspects of the 
environmental resistance of composite plated beams, and that further work is required 
with respect to agents such as oil and solutions of de-icing salts, these being important in 
highway applications which are envisaged to represent a large demand for external 
composite plating. However, although the present study has not been exhaustive, it has 
indicated that deterioration of the mechanical properties of the bulk adhesive, in the high 
humidity atmosphere, is not necessarily translated into accelerated creep of plated beams 
under sustained load, the present beams in the high humidity atmosphere having 
supported a constant applied load after an initial period of plate separation. It is assumed 
the adhesive in the bond line experienced the same degradation due to moisture as the 
bulk adhesive specimens; while this may not be the case, since the relationship between 
in situ and bulk degradation remains uncertain, the in situ material will have experienced 
a certain measure of degradation and the ability of the plated beams to sustain the load is 
encouraging. 
The literature suggests moisture has the most detrimental influence on composites, and 
CFRP materials appear to be an appropriate choice of plating medium in terms of 
moisture resistance. Therefore, it can now be said that GFRP materials have at least the 
two disadvantages of a lower modulus and poorer moisture resistance. 
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Chapter 7 
Ihivestigation of cycfic load responses 
The experimental studies of plated beam behaviour in Chapters 4 and 5 were based on 
short term static tests to failure over a period of some minutes. Therefore, these tests did 
not consider the fatigue effects of keeping the beams under a long term load of a cyclic 
nature. The ability of a plated beam to maintain its integrity in the long term is an 
important aspect of its behaviour which is affected by its environmental durability and 
the long term responses of its component materials. The purpose of this Chapter is to 
review the current knowledge on the long term cyclic load responses of concrete, 
adhesives, composite materials and plated beams, and to present the results of cyclic load 
tests of CFRP composites and plated beams which were conducted under ambient 
laboratory conditions. 
The literature on the cyclic load behaviours of concrete, adhesives and polymeric 
composites is vast so the references in the following reviews are the most frequently 
mentioned, sufficient to indicate typical results. 
7.1 Introduction 
Dynamic fatigue is the failure of a material or assembled component due to the 
application of a varying load, the maximum magnitude of which is lower than the static 
failure load. Fatigue occurs due to the irreversible processes that take place when a 
cyclic load is applied to a material, as will be reviewed in the following sections. 
Highway bridge decks under normal traffic conditions are subjected to repetitive wheel 
loadings, causing internal forces and deformations that may be far greater than under 
static loading (Seible et al, 1990b). The particular type of highway (eg. single or dual 
carriageway) determines the numbers of cycles which a bridge may be expected to resist 
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during its life and this may be as high as 700 million cycles due to loading by vehicle 
axles alone (Tilly and Nunn, 1980; Mays and Tilly, 1982; Moss, 1982). Environmental 
conditions such as wind cause vibration of bridges and thermal effects may also result in 
cyclic loading. Many post-war bridges have prestressing tendons coupled at working 
joints where temperature restraint causes concrete cracking and a consequent increase in 
tendon stress which is potentially damaging under cyclic loading conditions (Ranisch 
and Rostisy, 1986). Highway bridge deck slabs may suffer an additional loss of stiffness 
due to the propagation of cracks arising from the friction between existing crack faces 
(Okada et al, 1978). Cyclic loading rates may vary from very slow cycling, associated 
with congested traffic, to relatively fast cycling which can be of the order of I 11Z 
frequency (Tilly, 1979; Mays and Tilly, 1982). Fatigue may occur in buildings due to 
the operation of mechanical equipment with eccentrically positioned components. 
The process of fatigue involves progressive and irreversible deterioration and may lead 
to excessive deformations and crack widths, debonding of internal reinforcement in 
concrete members and rupture of the reinforcement and/or the concrete. For post- 
tensioned prestressed beams, fatigue failure may occur at the anchorages. However, for 
a post-tensioned prestressed concrete beam for which precompression is such that the 
section remains uncracked under service load cycling, fatigue does not generally cause 
significant problems (Swartz, 1991). An important property of materials subjected to 
dynamic fatigue loading is the ratio of the stress level at which irreversible damage 
occurs to the stress for complete fracture of the material. The stress at which fatigue 
failure occurs after a given number of loading cycles is referred to as the 'fatigue 
strength'. 
Design codes incorporate procedures for the assessment of structures for fatigue 
performance. To achieve this, loading r6gimes, representative of those to which concrete 
members in practice are subjected, must be established. BS 5400, Part 10 (1980), for 
example, uses a standard loading generated by a 'standard fatigue vehicle', a single 
vehicle of 320 kN weight used to represent the effects of a standard load spectrum. The 
load spectrum is a way of representing weight intensities and relative frequencies of 
commercial tz-affic on typical trunk roads in the United Kingdom. Standard axles, as are 
used in static bridge design, are incorporated in this fatigue assessment. 
7.2 Review of concrete, adhesive and composite fatigue 
The typical representation of fatigue performance is a plot of the applied stress range or 
amplitude (ie. the difference between the maximum and minimum stresses) against the 
number of cycles to failure, known as the fatigue curve for the material. These curves 
are referred to as S-N plots, or W6hler lines, which vary between materials and indic ate 
the relative fatigue performances under different cyclic loading and specimen 
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preparation conditions. Another indicator of fatigue intensity, for a given maximum 
stress, is the stress ratio, determined as the ratio of the minimum stress to the maximum 
stress; the magnitude of the stress ratio in practice is governed by the relative magnitudes 
of the dead and live loads. 
7.2.1 The cyclic fatigue behaviour of plain and reinforced concrete 
The loading mode of interest in unstrengthened reinforced concrete structural members 
is usually flexure, in which case the fatigue performance of the tension zone of the beam 
becomes important, as will be reviewed below. However, in the event of severe tensile 
reinforcement deterioration due to corrosion, the concrete in compression will also be 
relatively heavily loaded to maintain internal force equilibrium, in which case the 
compressive fatigue may be important, particularly in an unplated beam. The concrete/ 
rebar interface represents a weak boundary at which separation of the compressive cover 
concrete may occur after repeated high intensity load reversals (Park and Paulay, 1975). 
As seen in Chapter 5, a greater depth of concrete is placed in compression when the 
soffit plate is prestressed, so the effects of compressive concrete fatigue may be more 
detrimental to the overall structural behaviour, despite the smaller flexural stresses at 
each level above the neutral axis. 
The fatigue behaviour of concrete has been studied using both plain and reinforced 
concrete specimens. The first fatigue curve for concrete cubes in compression was 
reportedly produced by Van Ornum (1903) and studies of concrete fatigue have 
continued since then (Raithby, 1979). This early test demonstrated that repeated 
stressing causes a progressive decrease in stiffness, an observation confirmed in 
subsequent studies. For example, a selection of plain concrete beams was instnunented 
with electrical resistance strain gauges on the tension face in tests reported by Raithby 
(1979). The gauges were used to obtain curves of flexural stress against concrete strain 
at various numbers of loading cycles, indicating a reduction in member stiffness towards 
the end of the fatigue life; Galloway et al (1979) confirmed that the residual midspan 
deflections and tensile surface strains of the same beams increased with rising numbers 
of applied load cycles, indicating that cumulative creep was occurring under the 
influence of the cyclic stressing of the beams. 
Concrete is an agglomerate of materials with different properties and of different sizes,, 
arranged randomly throughout a member, and the interactive behaviour is affected by 
time-dependent variables such as moisture movement loading rate and creep; the 
interaction of these with the rate at which cement hydration occurs also affects overall 
behaviour. The deterioration of the bond between the cement paste and the aggregate 
particles is thought to be primarily responsible for concrete fatigue failure. Neville 
(1995) recorded the finding of Assimacopoulos et al (1959) that fatigued specimens had 
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fewer broken aggregate particles than specimens tested statically, confirming that failure 
at the aggregate/cement interface is dominant in fatigue; the same finding was recorded 
by Lloyd et al (1968) who prepared plain concrete beams made of cement mortar with 
simulated aggregate inclusions in the constant moment region of the four point bending 
configuration applied. The latter study included also aggregate simulations of different 
moduli of elasticity, indicating that there was no likelihood of failure occurring more at 
high modulus inclusions than at lower modulus particles, or vice versa. 
Raithby (1979) and Galloway and Raithby (1979) found that a large number of tests was 
required to obtain meaningful fatigue curves, due to the wide scatter in the fatigue lives, 
as is typically the case for the fatigue of concrete. The concrete fatigue strengths 
increased with rising loading rate, as found previously by Lloyd et al (1968) also. The 
rate of loading in fatigue is usually considerably greater than in static tests, resulting in 
improved apparent strength due to the viscoelastic rate-dependent nature of the concrete. 
For example, in static strength tests of concrete cubes undertaken (for comparison) at a 
loading rate equal to that applied in the fatigue tests, Galloway and Raithby (1979) 
recorded a compressive strength up to 50% greater than under the standard loading 
conditions of BS 1891. However, fatigue tests of beams conducted at two different 
frequencies (4 Hz and 20 Hz) indicated no significant effect of loading rate on the fatigue 
performance - ie. the applied stress to cause failure after a given number of cycles was 
not affected by the loading frequency, an apparent anomaly thought to have been due to 
the lack of concrete micro-cracking which Lloyd et al (1968) found to be necessary for 
the loading rate to become important. Neville (1995) noted that the frequency of cyclic 
loading, within the limits of approximately 1.2 Hz to 33.3 Hz, does not affect the fatigue 
strength in compression and that high frequencies are of little practical significance 
because civil engineering structures are usually loaded at relatively low frequencies 
(earthquake, wind and blast loading being exceptions). 
Awad and Hilsdorf (1974) reported the results of compressive tests in which concrete 
was loaded at different stress rates under various stress ranges with a constant maximum 
stress. An increase in the stress rate (ie. an increased loading frequency) of one order of 
magnitude resulted in a rise in the number of cycles to failure of also around one order of 
magnitude. The number of cycles to failure was greater at all stress rates under lower 
stress ranges. If the stress range is large and the maximum stress is high, the concrete is 
subjected to high stresses for a longer period of time at lower loading frequencies. This 
is why a reduction in the rate of loading causes a significant fall in the fatigue life of 
concrete under high stresses. Therefore, the accumulated damage caused by cyclic 
loading depends on both the number of applied load cycles and the total time during 
which the concrete sustains high stresses (Awad and lElsdorf, 1974). 
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The stiffness of cyclically loaded concrete varies with the number of load cycles, as 
shown in Figure 7.1 which is a typical representation. The maximum stress of 
approximately 17 MPa in Figure 7.1 corresponds to a strain of 500 microstrain if the 
initial modulus is assumed to be 34 MPa, the value applicable to the 2.3m and 4.5m 
beams of Chapter 4. Figure 4.54 (page 159) shows that this strain value was reached at 
an applied load of 34 kN in the 2.3m beam, B I, for example, representing 76% of the 
44.84 kN serviceability load listed in Table 4.18 (page 155). Therefore, although the 
effect of compressive fatigue will vary between concretes, the considerable stiffness 
reduction of the form shown in Figure 7.1 would have been expected if the 2.3m beam 
had been load cycled below its serviceability load, indicating the potentially damaging 
influence of low stress concrete fatigue on the plated structural stiffness. 
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Figure 7.1 Stress-strain curves of concrete under cyclic compressive loading (Neville, 
1995) 
The degree of the concavity towards the stress axis is a measure of how near to failure 
the concrete is. In practice, fatigue failure occurs only if the upper applied stress is 
above a limiting value, referred to as the 'fatigue limit' or 'endurance limit', Iftheupper 
stress is below the fatigue limit, the stress-strain curve will indefinitely remain as a 
straight line and fatigue failure will not occur. The stress-strain curve shifts along the 
strain axis with increasing numbers of applied load cycles - ie. the irrecoverable 
deformation becomes greater. The fatigue strength is greater for a specimen loaded 
initially below, and then above, the fatigue limit than for a specimen loaded above the 
fatigue limit throughout the whole duration of cyclic loading. In a review of literature on 
the failure of plain concrete under cyclic loading, Raithby and Whiffin (1968) recognised 
that the term 'fatigue strength' must also be used in conjunction with a known number of 
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loading cycles to failure - ie. the term relates to given loading conditions and numbers of 
cycles to failure and serves as a comparison of fatigue performance under different 
conditions but at a consistent number of cycles. 
The loading and unloading stress-strain curves of plain concrete, in any given cycle, 
describe a hysteresis loop, the area of which increases prior to fatigue failure (Neville, 
1995). This increase is smaller for specimens in which the maximum applied stress 
remains below the fatigue limit. The hysteresis loop area represents irreversible 
deformation energy, manifested by a temperature rise in the concrete. The irreversible 
deformation arises due to crack formation; pulse velocity measurements have suggested 
that crack development accounts for the change in stress-strain behaviour as failure 
approaches, although a gradual and stable propagation of one or more cracks may start 
well before failure. Concrete cracking during cyclic loading is extensive, resulting in a 
global strain at failure much greater than that observed under static loading conditions 
(Lloyd et al, 1968; Neville, 1995). Raithby and Whiffm (1968) recalled a previous 
finding by Ban (1933) that the fatigue life of plain concrete may be governed by a 
limiting amount of energy released during the cyclic loading. 
For a given stress range, concrete will experience a shorter fatigue life with increasing 
lower applied stress because the maximum applied stress will increase. This is 
significant in relation to the dead load of a concrete member required to carry transient 
loads (Neville, 1995). The frequency of loading, the magnitude of maximum applied 
stress and the stress range were varied by Awad and Hilsdorf (1974) to alter the period of 
time during which stresses greater than the sustained load strength were carried. 
Maximum stresses ranging from 80% to 95% of the static strength of the concrete were 
applied, with corresponding stress ranges of between 5% and 100% of the maximum 
applied stress. While these are extreme loading conditions, they may be applicable, for 
example, under normal conditions for relatively weak concrete and in the vicinity of the 
compression face of a concrete beam. At maximum stresses near the static strength of 
the concrete, the time during which concrete must sustain loads greater than its sustained 
load strength was found to be more important than the number of applied load cycles. A 
reduction of stress range does not lead to a significant increase in the fatigue life when 
the applied stresses are high, since higher stresses are carried for a greater period of time. 
The strain at failure is greater as a result of the longer duration of high stresses (Awad 
and Hilsdorf, 1974). 
At a given applied stress range, the age of the concrete affects its fatigue endurance since 
the static strength increases with age, so the maximum stress and the stress range become 
a smaller proportion of the short term strength. Consequently, the fatigue life improves 
initially rapidly as the cure progresses, and subsequently increases more gradually as the 
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static strength rises more slowly (Raithby, 1979; Galloway el al, 1979); the static 
strength typically reaches its peak between the ages of 10 and 50 years, depending on the 
mix composition (Neville, 1995). This progressive improvement in the fatigue 
performance will continue unless differential drying is allowed to occur, in which case 
moisture gradients may result in micro-cracking and a consequent reduction in flexural 
strength (Raithby, 1979). 
In reinforced concrete members, the interaction of the rebars and the concrete, and the 
fatigue behaviour of the rebars themselves, will contribute to the overall fatigue response 
of the member (Lovegrove et al, 1979). The fatigue of the rebars in unplated beams 
becomes important since the rebars carry additional stress after the concrete cracks, and 
they lie at a large distance from the neutral axis so their stress ranges are likely to be 
high. It is possible for reinforced concrete beams to fail due to the fatigue fracture of the 
internal rebars without any outward signs of structural distress except local cracking of 
the concrete (Tilly, 1979). 
Axial tests of reinforcing bars have been common due to their relatively low cost and the 
fact that they can be run at high frequencies, resulting in short periods to failure (Tilly, 
1979). Furthermore, applied stresses can be calculated unambiguously for these tests, 
whereas the stresses in bars embedded in concrete are determined based on assumptions 
concerning strains throughout the beam section and the tensile stress carried by the 
concrete; these assumptions are listed in section 8.2.3 (page 365) for the analytical work 
of the present Study. Bending tests have the advantage of simulating service conditions 
such as the interactive effects between the steel and concrete, but their main 
disadvantage is that the frequency of loading is restricted by the relatively high 
deflections and the need to avoid heating due to friction at cracks in the concrete. Axial 
tests are more appropriate as a comparative means of assessment between different rebar 
types, but are likely to be misleading in terms of predicting the rebar fatigue life of a 
concrete beam. This is because bending fatigue gives longer lives than axial loading 
(Tilly, 1979; Tilly and Moss, 1982; Moss, 1982), due to the more likely inclusion of a 
flaw in an axial bar which is uniformly loaded, whereas an embedded bar experiences 
greatest stress at its bottom face and in the vicinities of concrete cracks where flaws may 
not be located. The usually conservative fatigue results of axial tests may be considered 
most appropriate for design purposes. As with plain concrete fatigue tests, flexural 
fatigue trials of reinforced concrete beams must be undertaken in large numbers to be 
able to assess the variation in performance under varying load levels, and tests at each 
load value need to be repeated to determine average data (Tilly and Moss, 1982). The 
rebar stress ratios commonly occurring in reinforced concrete bridges are in the range - 
0.2 to +0.4 (Menzies, 1971; Tilly, 1979); axial and flexural fatigue tests usually subject 
the rebars, to stress ratios within this range. 
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Tilly and Moss (1982) used four point bending tests of 3.4m beams with a single 16mm 
ribbed reinforcing bar in the tension zone to demonstrate that concrete cracks grow in 
length during a relatively short period of time from the start of the tests, beyond which 
they stabilise until final fracture of the reinforcing bar. Increases in the static tensile 
strength of the rebars produces more modest improvements in their fatigue strengths 
(Menzies, 1971). Tilly (1979) reviewed results that indicated very little improvement in 
rebar fatigue strength at static tensile strengths above 420 MPa in the range 290 MPa to 
650 MPa. For a given surface geometry, Bannister (1969) found the fatigue strength to 
be influenced more by variations in the steel quality than the static yield strength. 
Deformed bars have lower fatigue strengths than plain bars because the deformations are 
locations of stress concentrations (Menzies, 1971; Tilly, 1979; Tilly and Moss, 1982). 
Larger diameter bars usually produce lower fatigue strengths due to the inclusion of 
more steel flaws; the influence of diameter is more pronounced in ribbed bars than plain 
bars (Tilly, 1979). Most of the life of plain bars lies in the time to initiation of cracks in 
the reinforcement; minimal differences exist in propagation time for plain bars of 
different diameters (Tilly, 1979). The local stress concentrations at positions of ribs in 
deformed bars result in a shortening of the initiation time, causing a decrease in fatigue 
life. 
Cyclic loading tests have usually adopted constant amplitude cycles, but the behaviour 
under this r6gime will not generally be the same as under the random loading, over a 
potentially wide range, experienced in practice (Tilly, 1979). The axial fatigue tests of 
16mm diameter rebars, undertaken at the high frequency of 150 Elz and a stress ratio of 
0.2 by Tilly (1979), indicated that at an endurance of 108 cycles, root mean square 
(RMS) strengths under random loading were approximately 20% lower than under 
constant amplitude loading. It was acknowledged that fractures in reinforcing bars can 
occur under random loading at RMS stresses lower than the static strength under 
constant amplitude loading, since high stresses early in the random loading cause 
damage and cracks initiated are then propagated under relatively low stresses (Tilly, 
1979). 
The corrosion of reinforcement bars in concrete structures may reduce fatigue strength 
considerably. For example, Tilly (1979) cited results indicating a 35% reduction in 
fatigue strength at 167 cycles for bars tested axially at the same frequency in air and sea 
water. However, Tilly and Moss (1982) conducted axial tests of corroded and fresh bars 
in air and found that there was no significant difference between the performances of the 
rusted bars and the comparable fresh bars. It may be that the levels of corrosion were 
different in these two investigations, testing in sea water possibly having been more 
severe. 
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The concretelrebar bond plays an important part in determining the fatigue life of a 
reinforced concrete beam, since the magnitude of the slip at a crack in the concrete is 
related to the width of the crack at the level of the reinforcement, and bond conditions 
influence the width and spacing of tensile cracks in the concrete (Edwards and 
Yannopoulos, 1978). The bond deteriorates under repeated load reversals, leading to 
concrete crack widening and further bond degradation. The magnitude of additional 
bond slip produced after each load cycle diminishes with increasing numbers of cycles 
(Edwards and Yannopoulos, 1978). Bond deterioration progresses more rapidly as the 
applied load magnitude increases. In deformed rebars, the bearing action of the ribs 
becomes dominant after chemical adhesion and mechanical interlock fail, causing 
localised crushing of the concrete at the ribs with the associated slip of the rebars (Lutz 
and Gergely, 1967; Edwards and Yannopoulos, 1978). A reduction in the rebar strains, 
achieved by external plate bonding (for example), will suppress the slipping action and 
will reduce the rate of localised concrete damage development. 
7.2.2 The cyclic fatigue behaviour of polymeric composites 
one of the significant advantages of composite materials over metals is their superior 
fatigue performance. Composites have traditionally found applications in the aerospace 
industry, in which their uses have reflected the superior fatigue resistance. Curtis(1989) 
compared the S-N curves of two aerospace materials (a CFRP laminate and an 
aluminium-lithium alloy) loaded under tensile fatigue. At long lifetimes, the fatigue 
strength of the CFRP was considerably greater. Steel usually fails by the sudden 
propagation of a single crack at the end of the fatigue life, but polymeric composites 
experience progressive fatigue degradation due to the failures of the fibres and the matrix 
and of the matrix/fibre interfaces (Ellyin and Kujawski, 1992). 
Unlike isotropic materials, the cyclic degradation of anisotropic materials, in the form of 
micro-crack growth, delamination and subsequent mixed mode crack propagation, may 
be well established before complete fracture occurs. A considerable degree of 
experimental scatter is found in the literature, due partly to the uncertainty in the moment 
in time at which a composite can be considered to have failed (Dharan, 1975). Dew- 
Hughes and Way (1973) noted that a more realistic criterion of failure for FRPs may be 
the onset of resin and resin/fibre interfacial cracking, rather than ultimate failure. 
Therefore, rather than basing failure on a strength criterion, the reduction in apparent 
modulus can be monitored so that failure may be set by a stiffness criterion (Allah et al, 
1996). This method was used by Dharan (1975) for glass/epoxy composites tested at 
frequencies of 0.25 Hz and 6 Hz for high and low stresses, respectively, indicating an 
increasing rate of modulus reduction with a maximum rate shortly before failure. The 
progressive degradation of composites renders their change in modulus a more important 
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design criterion than for a homogeneous material, but the fatigue performance of 
composites is likely to be amply adequate due to the relatively slight static constraints. 
The scatter in static strengths of polymeric composite materials leads to low design 
stresses being adopted in practice (Curtis, 1989); these low working stresses may result 
in the elimination of fatigue as a design criterion. 
The slopes of the S-N curves (ie. the measure of relative fatigue performance) of 
composites are determined principally by the strain in the matrix, since the fatigue limit 
of the matrix is lower than that of the fibres (Curtis, 1989). The fatigue behaviour of 
composites containing various resins is not very different despite great chemical 
differences, although the fatigue properties of epoxies are slightly superior due to their 
greater strength, higher resin/fibre interface strengths, lower curing shrinkage which 
implies lower residual stresses before loading, and high strain to failure which prevents 
fibre exposure and delays stress corrosion in GFRPs (Dew-Hughes and Way, 1973). 
The four basic fatigue failure mechanisms of polymeric composites are matrix cracking, 
delamination, fibre fracture and interface debonding (Hollaway, 1993). The type and 
degree of these mechanisms vary depending on material property, laminate stacking 
sequence and the type of fatigue. Matrix cracking in the off-axis plies of multidirectional 
laminates is usually the first damage mechanism because the lack of fibres oriented in 
the direction of the applied load causes more load to be distributed to the matrix. The 
slope of the tensile S-N curve increases with reducing static strength as the proportion of 
off-axis fibres increases; this arises due to the increasing likelihood of matrix damage 
with a reducing proportion of fibres oriented in the direction of the applied load. The 
final fracture of multidirectional composites occurs when the 00 fibres fail. The fibres of 
unidirectional composites carry the majority of the applied load and these composites 
have excellent fatigue resistance as a result (Curtis, 1989). Delamination is attributed to 
the presence of interlaminar stresses in the vicinity of a free edge under in-plane loading 
(Hollaway, 1993), giving rise to damage propagation from the free edge inwards. 
Renton and Vinson (1975) found that the laminate stacking sequence will affect the 
fatigue failure mode of bonded composite adherends; unidirectional composites caused 
cohesive failure in the adhesive, while an alternating ±450 sequence, with a 450 layer 
against the adhesive, resulted in composite delamination. 
The critical stage in the fatigue failure of composites is the initial resin/fibre debonding; 
Dew-Hughes and Way (1973) cited results which showed that fibre/matrix debonding in 
GFRPs may start at 30% of the static tensile strength and at decreasing stresses under 
cyclic loading, while failures due to the cyclic loading of CFRPs may be delayed until 
70% of the static strength. The existence of debonding at a low proportion of the static 
strength implies damage in the first cycle under dynamic fatigue conditions, as 
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confirmed experimentally by Kim and Ebert (1978) for GFRP composites. Kaiser 
(1989) cited work which suggested CFRPs may be expected to lose approximately 5% of 
their static strength per decade under typical structural frequencies, while the higher loss 
of 10% applies to GFRPs- 
Statistically distributed flaws in the fibres of a unidirectional CFRP specimen may cause 
fibres to break before resin damage appears; a crack will extend into the resin matrix 
with finther increasing load and its path will depend on the strength of the fibre/matrix 
bond of the fibres towards which the crack travels. A strong fibrelmatrix bond causes 
cracks to extend into the matrix, while low interface strengths result in interfacial debond 
and fibre pull-out (Hollaway, 1993). Also, the elastic modulus of high grade carbon 
fibres may be as much as six times greater than the modulus of glass fibres, so the 
fracture strains of carbon fibres are relatively low, certainly below the strains at which 
common resin matrix materials begin to craze (Beaumont and Harris, 1971). The 
fracture strains of glass fibres, however, are greater than the strains to first matrix 
damage. 
Dharan (1975) found that the time to failure of a statically loaded GFRP coupon was 
around 100 times greater than that recorded under cyclic loading between stresses of 
zero and the constant static value. This was attributed to the more rapid fracture of fibres 
under the cyclic loading. Damage may develop also at local defects such as misaligned 
fibres, resin-rich regions and resin voids (Curtis, 1989). As failure approaches in 
unidirectional composites, the matrix may exhibit extensive longitudinal splitting 
parallel to the fibres (Allah et al, 1996), due to resin and interfacial damage. The rate of 
matrix and interfacial damage propagation is affected by the bulk strain in the resin 
matrix. The matrix strain is, in turn, dependent on the modulus of elasticity and the 
volume fraction of the fibres. Ifigh modulus carbon fibres result in relatively low strains 
and, therefore, lower rates of damage propagation than in composites containing lower 
modulus glass fibres (Curtis, 1989). In regions of a composite with closely spaced fibres 
(ie. if the fibre distribution throughout the cross section is not uniform), resin cracks may 
propagate by the coalescence of individual fibre/matrix debonds (Hull, 1992). When the 
fibres are widely spaced, the growth of a crack between fibres depends on the fatigue 
crack growth resistance of the matrix. 
The changes in mechanical response of a composite specimen fall into three main 
groups, viz: 
the reduction of strength and modulus of elasticity with increasing damage; 
the increase in hysteresis losses with increasing numbers of load cycles, and 
the falling residual strength with increasing fatigue cycling. 
Hollaway (1993) presented typical comparative S-N curves for CFRP and GFRP 
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composites, indicating clearly the superior fatigue behaviour of CFRP materials - ie. the 
fatigue strength, at a given number of cycles to failure, is greater for CFRPs than for 
GFRPs. As mentioned above, tensile fatigue damage in CFRPs occurs first at stresses 
relatively close to the static strength of the composite - ie. the S-N curve exhibits a 
shallow slope compared with GFRPs and metals. When matrix cracking occurs after a 
number of load cycles in GFRPs and CFRPs, the static modulus remains almost constant 
until the coalescence of individual matrix, interfacial and fibre fractures (Kim and Ebert, 
1978). This coalescence leads to delamination and accelerated fractures through the 
thickness of the composite, resulting in complete tensile failure due to the reduced cross 
sectional area. 
As in concrete, hysteresis losses take the form of energy conversion from mechanical to 
heat, apparent in the loops formed by the loading and unloading stress-strain curves 
throughout the period of cyclic loading. At high stresses and loading frequencies, the 
temperature rise, which may be between 251C and 500C (Hull, 1992), may reduce the 
fatigue life due to the resin mechanical degradation at elevated temperature (Dew- 
Hughes and Way, 1973; Ellyin and Kujawski, 1992). The hysteresis heating may be 
beneficial in removing moisture, but this effect is likely to be offset by the degradation in 
the mechanical properties of the resin at the elevated temperature (Dew-Hughes and 
Way, 1973). However, hysteresis heating is unlikely to be a problem in composite plate 
bonding applications in highway structures because frequencies of loading are not 
usually very high, but plated beams supporting vibrating machinery will experience 
much greater frequencies. The rate of loading has a greater influence on GFRPs than 
CFRPs, higher rates producing greater apparent strengths; this is thought to be due to the 
longer period during which the glass fibres are under high stress at low frequencies, 
allowing stress corrosion to have a greater influence on the glass fibres, rather than due 
to a viscoelastic effect (Curtis, 1989). Barr6 el al (1996) reviewed the effects of strain 
rate in tension, citing results which confirmed the negligible change in properties, of 
CFRPs due to increasing strain rate (Daniel and Liber, 1976,1978; Daniel et al, 198 1; 
Kawata et al, 1981,1982; Chamis and Smith, 1984) and the large increase for GFRPs 
(Hayes and Adams, 1982; Kawata et al, 198 1). 
Owen (1974) conducted tensile fatigue tests on CFRP composites with various fibre 
orientations, revealing excellent axial fatigue properties for unidirectional and cross- 
plied fibre orientations; the fatigue performances of these carbon/polyester materials 
were found to be insensitive to moisture at ambient temperature. An S-N curve was 
plotted using a minimum stress of zero. Most of the specimens that failed were loaded at 
stress levels within the static strength scatter band, while unbroken specimens were 
obtained at 107 cycles at stress levels just below the static strength scatter band, 
indicating that, within 107 cycles, the tensile fatigue strength was governed by the static 
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strength of the composite. This is consistent with the finding of Curtis (1989) that the 
peak strain under cyclic load is proportional to the static failure strain of the fibres, a 
property related linearly to their static strength. Tests on composite specimens with a 
lower fibre volume fraction gave lower fatigue and static strengths, consistent with the 
earlier finding of Tanimoto and Amijima (1975); Curtis (1989) observed that both the 
static and fatigue strengths are approximately proportional to the fibre volume fraction. 
Failure of the CFRP was thought to have originated at a small group of fibres which 
initiated resin matrix cracking and, in turn, caused the failure of neighbouring fibres. At 
high applied stresses, only a small group of fibres needs to be affected before failure of 
the whole specimen occurs (Owen, 1974). 
Little improvement in fatigue behaviour is generated by the use of reinforcing fibres, of a 
particular type, with a higher static strength in a given resin matrix, since the fatigue 
failure is usually governed by damage in the matrix and at the fibre/matrix interfaces so 
the improved fibre strain will not be used to advantage (Owen, 1974). 
The mean applied stress under the cyclic regime produces a residual strain which 
increases throughout the fatigue life, as was seen to be the case for concrete. The 
magnitude of the residual strain, which occurs due to cumulative creep, is smaller for 
unidirectional composites than for multidirectional laminates with the same total fibre 
volume ratio, since the unidirectional stiffness is higher (Ellyin and Kujawski, 1992). 
Failure due to cyclic loading is believed to occur when the total time under load is equal 
to the time to failure when the same load is sustained continuously (Dew-Hughes and 
Way, 1973). 
The effect of environmental exposure on the fatigue behaviour of composites depends on 
the sensitivity of the laminate to the . properties of the matrix with respect to 
environmental conditions (Curtis, 1989). This is because it is usually the matrix or fibre/ 
matrix interface that is affected by moisture absorption, as noted in Chapter 6. A high 
proportion of the total moisture uptake reaches the fibre/matrix interfaces, as seen in the 
small weight gains of unreinforced resins exposed to steam for 200 hours, compared with 
the weight gains of CFRPs under the same exposure (Beaumont and Harris, 1971). 
GFRPs are affected by an increase in moisture content due, mainly, to the stress 
corrosion of the fibres, so the influence is smaller in composites under lower stress 
(Dew-Hughes and Way, 1973). 
The high fibrelmatrix interface bond strengths of CFRPs produce little overall fatigue 
sensitivity to moisture at room temperature (Owen, 1974). As for static strengths, the 
fatigue strengths of composites are degraded most by the combined influence of elevated 
temperature and relative humidity. In addition to providing relatively high static and 
fatigue strengths, a unidirectional fibre orientation results in the best environmental 
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durability under cyclic loading, since the fibre/matrix interfaces are not loaded in tension 
normal to the fibres (Beaumont and Harris, 197 1). 
7.23 The cyclic fatigue behaviour of adhesives and bonded joints 
The fatigue performance of an adhesive under cyclic loading will be influenced by the 
viscoelastic nature of the material and its resistance to crack propagation, or fracture 
toughness (Mays and Hutchinson, 1992). The viscoelastic behaviour observed in creep 
tests will be predominant at low frequencies and high temperatures while, at higher 
frequencies and lower temperatures, crack propagation either in the adhesive or at the 
adhesive/adherend interface will govern the fatigue life (Luckyrarn and Vardy, 1988); 
the growth of micro-cracks usually controls the fatigue life at high frequencies and low 
temperatures (Kinloch, 1987). For most adhesively bonded applications, the fatigue 
resistance in shear is of over-riding importance and low frequency loading is the most 
detrimental by allowing cumulative creep; Marceau et al (1978) observed creep rupture 
due to the low frequency cycling of thick adherend lap shear joints. The progressive 
increase in the adhesive strain, due to the cumulative creep, results in joint fracture after 
relatively few cycles (Kinloch, 1987). Even under high applied loads, only the adhesive 
near the ends of an overlap joint will suffer creep, the material at the centre remaining 
elastic (Kinloch, 1987), so the plate end regions of an externally bonded composite are 
expected to be critical in terms of adhesive creep during cyclic loading. The cyclic stress 
concentrations at the ends of lap joints, both at the maximum cyclic load and in the form 
of post-cyclic residual stresses, are reduced by using a more flexible adhesive (Grossfeld 
and Ishai, 1982), but the overall structural stiffness would suffer in an external plating 
application. 
As for sustained loading, the fatigue testing of laboratory joints gives only a comparative 
indication of the adhesive performance in service since the environments, types of resin 
and quality of workmanship vary in practice (Krieger, 1979). For testing the suitability 
of an adhesive for structural applications, Mays and Hutchinson (1992) noted that small 
scale joint tests must produce at least 106 cycles between I Hz and 25 Hz using thick 
adherend shear (TAST) or double overlap configurations. The adhesive must be able to 
sustain a mean shear strength of between I MPa and 10 MPa for the TAST joint, or 
between 0.4 MPa and 4 MPa for the double overlap joint. Adams and Wake (1984) 
reproduced the S-N curves of riveted and adhesively bonded aluminium plates presented 
by Argyris (1962), indicating the superior performance of the adhesive connections 
which arises from the more even stress distributions of adhesivejoints. The main use of 
structural adhesives in steel construction has typically been the filling of gaps, although 
their use as a means of bonding cover plates has shown their superior fatigue 
performance compared with bolts and welds (Nara and Gasparani, 1981; Albrecht et al, 
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1984; Harvey and Vardy, 1989; Moulds, 1990). Kinloch (1987) presented the S-N 
curves of typical structural adhesives, showing the superior performance of epoxy 
materials. 
As under sustained loads, polymeric adhesives exhibit a cyclic endurance limit the stress 
at and below which an indefinite number of cycles is carried; this is based on the cycling 
duration of the particular test so the endurance limit does not signify a stress below 
which failure will never occur (Mays and Hutchinson, 1992). Matting and Draugelates 
(1968) included an epoxy adhesive in their single lap fatigue tests using sheet metal 
adherends, revealing an endurance limit of between 13% and 15% of the static strength. 
The reduction in fatigue life at a given stress in these tests was consistent with the 
deterioration of the elastic properties as the Tg value was approached. Wake el al (1979) 
used aluminiurn single lap joints to confirm that a reduction of residual static strength 
occurs when the maximum cyclic stress is greater than the endurance limit. Some 
damage may occur even below the endurance limit because low stresses are responsible 
for initiating cracks, while higher stresses are required for the cracks to propagate (Allen 
et al, 1983); the initiated cracks may not reveal any residual strength loss until they have 
propagated at higher stresses in a cohesive and/or interfacial manner. 
The fatigue damage in an adhesive is greater at lower cycling frequencies due to the 
longer duration at relatively high stresses (Marceau el al, 1978), consistent with the 
frequency effect in concrete and polymeric composites. Also, the cyclic loading of 
adhesives produces failure in a shorter time than a static load, due to the damaging 
influence of repeated stress reversals. Mays (1990) recalled results from the University 
of Dundee which indicated there is little difference in the cumulative creep at 
frequencies of 0.1 Hz and 0.5 Hz; Matting and Draugelates (1968) confirmed that the 
number of cycles to failure is not very sensitive to changes in frequency until the 
frequency becomes high. 
Mays and Tilly (1982) investigated the fatigue performance of bright mild steel double 
lap joints for endurances of up to 100 million cycles, paying particular attention to 
performances at long endurances and low stress levels relevant to traffic loading. Tests 
of a typical structural adhesive were conducted at temperatures ranging from room 
temperature to +55'C and from OOC to -25'C. The S-N plots showed that the results 
could be grouped into a separate band for each of the temperature ranges. Linear 
regression analyses were made assuming equation 7.1 which is to be found in BS 5400, 
Part 10 (1980) for welded steel joints. 
(,,. ) m-N= K3, ..... Eqn 7.1 
where a, is the applied stress range, m is an exponent related to the type ofjoint, N is the 
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number of cycles to failure and the value of K represents the lower limit of performance 
over the whole temperature range. It was found that there was no apparent correlation 
between static strength and fatigue performance in the range -25'C to +550C and slightly 
superior performance was recorded in the range OOC to -250C, suggesting the likely 
embrittlement due to the low temperatures was offset by the heat generated during the 
cyclic loading. The poorer fatigue performance at elevated temperatures becomes 
important in adhesively bonded cover plates in steel bridges, for which as many as 8x 
105 cycles may coincide with surface temperatures above SSOC during the 120-year 
design life (Mays and Tilly, 1982). The effect of a OOC ambient cure temperature, which 
Mays and Tilly (1982) found to reduce the static joint strength by between 50% and 60% 
and the fatigue strength by 25%, becomes important if a strengthening plate is bonded 
during the winter, equation 7.1 still applies but the value of K is different. Mays (1990) 
expressed the results of the TRRL double lap fatigue tests in the following forms for the 
three temperature bands shown: 
between -25T and 00C, 
logN =- 26.3 logar + 28.0; . --Eqn 7.2 
between room temperature and +45oC, 
logN = -20.8'ogar+20.7; . -.. Eqn 7.3 
at 550C, 
logN =-6.2 logar + 7.5. . -.. Eqn 7.4 
Traffic, thermal and wind loads during a plate bonding operation will cause adhesive 
strain cycling during the cure period. Macdonald (1981) studied experimentally the 
effects of strain cycling during cure of two adhesives with different moduli of elasticity 
to address the possibility of a reduction in strength of the bonded joint due to cycling 
during cure. The stiffer material was a commonly applied structural adhesive. Both 
adhesives, although not identified, were two-part epoxy resins with a paste-like 
consistency when mixed, as is Sikadur 31 PBA. The potential for strength loss due to 
cycling during cure may become particularly important at low ambient temperatures, 
under which conditions the cure period is usually prolonged, thereby extending the time 
during which the adhesive is sensitive to movement (Macdonald, 198 1). Steel single lap 
shear tests were conducted to provide data relating to the peformance of the Quinton 
Interchange strengthening works carried out on in 1975. The loading frequencies were 
monitored on the Quinton bridges to provide realistic testing conditions, revealing 
permanent values of between 0.5 Hz and I Hz with a superimposed vibration of 4 Hz 
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frequency due to the traffic. The commonly used adhesive exhibited a reduction in 
strength of between 7% and 31% in the lap shear tests, while the less stiff material 
experienced no strength loss. While the less stiff adhesive was suitable in terms of 
fatigue, it would generate less stiffness in a plated member. 
Swamy and Jones (1980) used steel plated reinforced concrete beams to study the 
influence of strain cycling during cure; pre-cracked beams were cyclically loaded during 
cure and then tested statically to failure, revealing a general absence of plate/adhesive 
interfacial debonding and beam failures in concrete compression instead. Insufficient 
results were obtained to justify general conclusions but it seemed that cyclic loading of 
the beams during glue hardening had no adverse effect on ultimate flexural strength. 
The environmental durability review of Chapter 6 concluded that moisture is the most 
damaging influence on a structural adhesive under static conditions. However, under 
cyclic load conditions, Marceau et al (1978) found no discernible influence of humidity 
on the fatigue performance of adhesives, due to the short duration of combined humidity 
and stress under the cyclic loading. Mays (1990) recalled the results of unpublished 
single lap tests by Allen and Wake which also suggested a lack of a moisture influence; 
joints that had been pre-soaked in water and wrapped in a damp cloth during load cycling 
behaved no differently from dry joints. This finding was explained using the hypothesis 
that fatigue crack growth is governed by the cleavage strain, rather than stress, and that 
this strain is determined by the adherends instead of the adhesive, so the adhesive 
moisture content has no influence on the cohesive fatigue of the adhesive. A more 
important environmental influence in practice is likely to be the fatigue deterioration of 
the adhesive/concrete and adhesive/plate interfaces. 
7.2.4 The cyclic fatigue behaviour of plated beams 
A number of studies have been undertaken by various authors on the use of adhesively 
bonded cover plates and web stiffeners in steel girders, to assess the improvement of 
adhesive bonding over bolting and welding (Nara and Gasparani, 1981; Harvey and 
Vardy, 1989; Albrecht et al, 1984; Albrecht, 1987; Gasparani et al, 1990). 
As with the long term sustained load testing of plated beams, the fatigue behaviour of 
plated concrete members has received much less attention than the testing of more 
convenient small scale lap shear specimens. In an early publication on plate bonding by 
L'Hermite (1977) it was observed that, after one million load cycles applied to a plain 
concrete specimen with plates bonded to the soffit and sides, the deflection under static 
load showed a slight decrease compared with the deflection recorded before cyclic 
loading. It was thought this might be explained by additional polymerisation of the 
adhesive under the influence of repeated stresses which caused hysteresis heating 
(L'Hennite, 1977). In support of this finding by L'Hermite, Hankers (1990) recorded 
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greater residual capacities of steel plated reinforced concrete beams after 2 million 
cycles than in static tests, also attributed to the possible further polymerisation of the 
adhesive. 
Subsequent cyclic fatigue tests of plated beams were conducted at the University of 
Dundee using open sandwich beams comprising plain concrete epoxy bonded to a steel 
plate which replaced the internal rebars; the static tests of these beams were described by 
Cusens, and Smith (1980). Mays and Harvey (1982) described fatigue tests on similar 
beams loaded in four point bending at a frequency of 15 Hz. The S-N data were 
compared by Mays (1990) with the results of conventionally reinforced beams tested by 
Moss (1982), indicating that the externally plated beams performed better than those 
with internal rebars. Cusens and Smith (1980) used the beams to investigate the effects 
of adhesive curing temperature and intermittent immersion in water on the static strength 
after cyclic loading. Insufficient data were collected to be able to draw general 
conclusions but it appeared that the curing temperature had no effect on the failure mode 
of the beams (plate yielding followed by concrete crushing) and intermittent immersion 
did not affect the post-cyclic static strength. 
Ladner and Weder (1981) tested steel plate strengthened beams under a variety of stress 
limits. In two of the five beams that experienced fatigue failure, the plate/concrete bond 
was adequate for tensile fatigue fracture of the plate to precede any interfacial debonding 
or plate separation; the plate separation in the other three beams started in the vicinity of 
flexural cracks in the concrete and propagated towards one end of the plate with 
increasing numbers of load cycles. In cyclic fatigue tests of steel plated T-beams, 
Holtgreve (1986) confirmed the adequacy of the plate/concrete bond during cycling, and 
the post-cyclic failure mode of cover concrete separation in static tests was not affected. 
Additional tests by Ladner and Weder (198 1) involved the free fall of steel plated beams 
on to a fixed support, with one end of the beams hinged; the intensity of the suddenly 
applied flexural load was dependent on the drop height. All beams failed by crushing in 
the concrete compression zone with the simultaneous elongation of the internal rebars 
and external plate. Approximately 70% of the original potential energy was converted 
into plastic deformation (most of which was absorbed by the plate), 15% into impact 
energy and IS% into post-impact oscillation. 
A number of cyclic tests of initially intact and pre-cracked steel plated beams by Mays 
(1985a; 1985b) enabled the lower bounds to fatigue strength to be determined from S-N 
plots in which S was taken as the theoretical tensile stress range in the plate. The 
serviceability and ultimate relationships for predicting the number of cycles to failure, N, 
were as shown in equations 7.5 and 7.6, respectively. 
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logN =-35 log ar + 82.8 . -.. Eqn 7.5 
logN =-35 log ar + 86.1 ... -Eqn 7.6 
These tests revealed no discernible effect on the fatigue behaviour of changing the 
adhesive type or due to the introduction of an epoxy based priming paint on the bond 
surface of the plate. The fatigue failures of the pre-cracked beams were characterised by 
fracture of the steel plate at the location of one of the induced flexural cracks in the 
concrete, since the plate was strain cycling locally at levels exceeding its yield strain. 
The cyclic loading tests at 4 Hz frequency reported by Hankers (1990) revealed beam 
failure due to the propagation of a cohesive crack in the adhesive from the single central 
load position towards the end of the plate; when the remaining intact length of bond 
became too small, the plate separated due to the horizontal cohesive fracture of the 
concrete in a plane some millimetres into the cover layer. These beams were tested at a 
tensile stress range of 3 10 N[Pa in the steel plate, comparable to the ultimate stress of the 
internal rebars. 
Fatigue tests of beams strengthened by bonded CFRP plates were undertaken at ENWA 
by Kaiser (1989) and Deuring (1993) and described in English by Meier in various 
publications - eg. Meier et al (199 1 a; 199 1 b; 1993 a; 1993b). For the T-bearns used and 
the loading frequency of 4 Hz, the first fatigue failure occurred in one of the two internal 
bars at 4.8 x 101 cycles, the second bar broke at 5.6 x 105 cycles, the first bar broke at 
another location after 6.1 X 105 cycles and the second bar broke again at 7.2 x 105 cycles, 
compared with the first external damage of the CFRP plate 7.5 x 105 cycles and complete 
failure of the plate at 8.05 x 105 cycles, indicating that the plate was able to sustain 
significant finther fatigue loading after failure of the internal reinforcement. 
Fatigue tests by Shijie and Ruixian (1993) showed that fatigue lives of GFRP plated 
beams were three times longer than the lives of comparable unstrengthened beams. The 
fatigue strengths were increased by between 15% and 30% and the midspan deflections 
reduced by 40%; the maximum crack widths and crack propagation were also reduced. 
The post-cyclic static strength and stiffness diminished with increasing numbers of 
cycles but by a smaller magnitude than in unstrengthened beams. 
Chajes et al (1994a) used Sikadur 32 adhesive to bond aramid, carbon and glass fibre 
composite plates to small scale reinforced concrete beams in which the plate had the 
same tensile strength as the single internal rebar, achieved by varying the number of 
plate layers of the three types. The beams, which were still under test at the time of 
writing, were to be subjected to 70% of their static ultimate capacity for 2.5 x 106 Cycles 
and then their post-cyclic static capacities were to be compared with the results of 
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montonically tested beams by Chajes et al (1994b). 
7.3 Conclusions drawn from the fatigue review 
The fatigue behaviours of the concrete beam, adhesive and composite plate are 
dependent on the interaction of their components, the mean applied stress, stress range, 
loading frequency, environment and duration of dynamic loading in the lifetime of the 
plated member. The degradation of material stiffness is the usual influence of cyclic 
loading, this effect being more pronounced under the low frequencies typically 
encountered in structural members. The dynamic fatigue of the concrete in compression 
and tension, of the rebars and of the rebar/concrete interface each cause a reduction in 
member stiffness and the potential for a diminished load carrying capacity. When 
plated, the beam section strains are reduced but the fatigue of the adhesive is added to the 
possible causes of structural deterioration; under the amplitudes experienced in civil 
engineering construction, the composite would appear not to be a fatigue-critical 
component, particularly if CFRP is used. The following CFRP coupon tests formed a 
cursory insight into the fatigue behaviour of the pultrusion material used in the present 
Proj ect. 
Greater concerns are the cyclic interaction of the concrete, adhesive and plate at their 
bond interfaces, and the propagation of concrete cracks which may lead to plate 
separation. Therefore, the following cyclic load tests address the fatigue behaviour of 
CFRP plated beams with a view to observing cyclically propagated damage. The 
adhesive was not tested in bulk or lap joint form since there remains uncertainty 
concerning the relevance of such tests to the in situ fatigue behaviour of the adhesive 
when used with a concrete adherend, so the plated beam tests were considered more 
appropriate assessments of the adhesive performance under the laboratory environment 
chosen; also, only one adhesive, Sikadur 31 PBA, was used so the comparative joint tests 
were unnecessary. 
7.4 Experimental work 
7.4.1 Method, results and discussion of the CFRP coupon tests 
The fatigue tests of the CFRP composite concentrated specifically on the second batch of 
the 1.28 by 90mm plate material, characterised in section 3.1.3 (page 34) with the 
properties shown in Table 3.4 (page 35), which is typical of the pultruded plates likely to 
be used in practice. The fatigue specimens were 300mm long coupons with bonded 
aluminium end tabs, consistent with the usual fatigue requirements of end protection and 
the avoidance of end effects at the centre of the specimen (Dharan, 1975; Curtis, 1989). 
Initially, the 25mm wide spechnens shown in Figure 3.1 (page 36), prepared in the 
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manner described in section 3.1.3.1 (page 34), were used, a maximum tensile load of 
19.62 kN having been applied to cause an upper stress of 613 NTa; this upper load 
corresponds to 2000 kg, the units in which the computer for the pneumatic piston of the 
'fatigue machine operated. It was found that the high tensile bolted cross head 
connections of the fulcrum, shown in Figure 7.2, fatigued to failure before the CFRP, so 
the bolted connections were made more substantial and the specimen width was reduced 
to 15mm in subsequent tests. With this revised specimen size, a load of 14.72 kN (1500 
kg) was applied, corresponding to an upper stress of 766 NTa - ie. the applied load was 
lower but the test was more severe. The frequency of cycling in each test averaged I Hz, 
as determined by counting the number of cycles in a given period; slight deviations 
above and below 1 Hz were caused by the extraction of air by other users of the common 
air supply. The value of I Hz was chosen since this has been quoted as the global 
frequency of highway bridges in practice, as mentioned in the above review. 
The stress magnitudes, stress ranges and stress ratios of the specimens are listed in Table 
7.1, together with the numbers of cycles to failure and the failure modes. Although the 
stress range increased by 25% in the narrower coupons (4 and 5), the stress ratio 
remained unchanged; a stress ratio greater than zero was adopted to ensure the 
specimens remained under load at all times. The failures of the cross head mounting are 
indicated accordingly in the last column of Table 7.1. 
Cross head 
Cross head connection 
Loading arm 
Wedgejaw 
Inlet 
Pneumatic cylinder 
CFRP specimen 
Exhaust 
Holding down beam 
Figure 71 Configuration of the CFRP fatigue loading machine 
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Table 7.1 Fatigue test details of the CFRP coupon specimens 
Specimen Lower Upper Stress range Stress Cycles to Failure mode 
number stress stress (APa) ratio failure 
(Apa) (APa) 
1 613 613 551.7 0.1 140,267 Cross head 
2 61.3 613 
3 61.3 613 
4 76.6 766 
551.7 0.1 
551.7 0.1 
699.4 0.1 
40,195 
2,547,236 Cross head 
1,341,539 CFRP tensile 
Cross head 
5 76.6 766 689.4 0.1 1,000,000+ Not failed 
The relatively low number of cycles to failure of specimen 4, compared with specimen 3 
(which was tested after the first cross head improvement), reflects the endurance 
variability that is typical in fatigue tests of all materials. Specimen 5 had not yet failed at 
the time of writing. The tensile CFRP failures were of the same form as in the static 
characterisation tests of Chapter 3- ie. longitudinal splitting parallel to the fibre 
direction. Each tensile failure occurred overnight so it is not known whether or not the 
damage was progressive, shortly before failure, or sudden without warning. However, it 
is suspected that resin fractures occurred at the resin-rich areas along the edges of the 
coupons during the first half cycle in each case, as detected by the fracture sounds and 
hair line strands when the coupons were first loaded, and the progressive fracture of 
fibres within the coupon width, during the subsequent fatigue, is likely to have occurred; 
the fibre fractures will have been accompanied by resin/fibre interfacial fractures and 
extensive longitudinal splitting of the matrix parallel to the fibres, according to the 
literature. In a pultruded plate in practice, the edges of the plate would not be sawn so 
the early resin-rich failures would not be an issue; instead, distributed resin/fibre 
debonding would be more likely at a later time in the fatigue period if the plated member 
were heavily loaded. However, when the applied loads are kept within the serviceability 
limit the plate is unlikely to be a fatigue-critical component, as explained next. 
The stress ranges applied were 43% and 54% of the 1284 XTa material strength for the 
25mm and 15mm wide coupons, respectively; the corresponding upper stress levels 
represented strains of 5343 microstrain and 6677 microstrain, respectively. These strains 
correspond to 62% and 78% of the maximum plate strain predicted for the experimental 
4.5m beam, B3 (which used a second batch pultruded plate), based on the experimental 
failure load and strain rate at the last datalogger reading; the corresponding applied loads 
are 47 kN and 53 W, both well above the serviceability load of 26.35 kN (Table 4.18 
(page 155)). Therefore, the stress conditions of the present coupon fatigue tests were 
much more severe than would have been the case if the 4.5m beam had been load cycled 
to its serviceability load, in which case the upper plate stress would have been only 246 
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NTa, equivalent to 19% of the plate strength. The proportion of the plate strength 
corresponding to the serviceability load is found to be small for the I. Orn and 2.3m 
beams also. This small proportion of the plate strength arises from the modest 
improvement in serviceability load caused by plating. A modest improvement in 
serviceability load will generally be the case when this load is based on the stresses in the 
original unplated section, so the bonded plate will not be load cycled to a high proportion 
of its strength using this serviceability criterion, suggesting the fatigue failure of the 
CFRP will not be a concern in practice. 
The mean plate stress will be greater when the plate is prestressed, but the stress range 
will be lower due to the elevated structural stiffness. The mean stress causes cumulative 
creep but the literature suggests the creep of composites is small when the fibre volume 
ratio and the fibre modulus are high (Lou and Schapery, 1971; Weidmann and 
Ogorkiewicz, 1974; Dillard and Brinson, 1983; 1-Hel et al, 1983; Tuttle and Brinson, 
1986; Ponsot et al, 1989; Aboudi, 1990; Scott et al, 1995), so the more damaging 
influence may be the stress range; therefore, prestressed plates are also unlikely to be 
fatigue-critical in practice. 
In summary, the coupon tests involved much greater loading than that to be experienced 
in practice, but this allowed the form of plate fatigue failure to be observed in a 
reasonable period of time. After the initial edge fractures of the coupons in the first half 
cycle, no finther signs of distress were observed until specimen failure, so the fatigue 
performance of the coupons is considered to have been representative of the high stress 
cyclic performance of this particular material and the results confirm the variability in 
the fatigue performance of the plate material. This variability will need to be allowed for 
in design even for the much lower stresses encountered in practice. The design 
performance of the CFRP pultrusion material will be based on test data covering a range 
of mean stresses and stress ranges in unidirectional CFRP pultrusions. 
7.4.2 Method, results and discussion of the CFRP plated beam tests 
The plated specimens tested under cyclic load were I -Om 
beams with the 0.82 by 67mm 
CFRP prepreg material with the properties given in Table 3.4 (page 35), bonded to the 
concrete with a 2min thick layer of Sikadur 31 PBA; the beam and plate surface 
preparation procedures, and the plate bonding operation, were as described in Chapter 3. 
The beams, whose internal reinforcement configuration was the same as in the static 
I. Om beams of Figure 3.8 (page 54), were load cycled at a frequency of I EIZ in a 
purpose-built computer-controlled rig of similar form to that shown in Figure 7.2 (page 
345), over a span of 900mm. with an applied load spacing of 220mm. Each beam was 
first loaded statically to the same load that would be the upper level under the cyclic 
r6gime, thereby forming the flexural and shear cracks in the concrete for subsequent 
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opening and closing in the fatigue tests; consequently, the fatigue tests were of the pre- 
loaded section in which the concrete contributed little to the tensile component of the 
internal moment couple. These cracks were found not to propagate far through the depth 
of the beams during the cyclic loading, consistent with the finding in the literature that 
the crack propagation ceases after a short proportion of the fatigue life; in the present 
tests, there was no clear evidence of further crack extension beyond approximately 50, 
000 cycles in any of the beams, although it is likely that insignificant further 
propagation, and micro-cracking, occurred during the subsequent cyclic loading. No 
static test to failure was performed for the purpose of providing a comparison with the 
post-fatigue ultimate capacities, since the interest lay in the deformation and stiffness 
characteristics rather than the properties of the ultimate limit state. 
Since the beams were pre-cracked, their deformation upon subsequent fatigue loading 
was greater than in the initial static load-unload cycle. The fatigue beams were statically 
loaded to the desired maximum in the fatigue tests, the choice of which will be justified 
below, to establish the rebar and plate strains (and, therefore, stresses) of the pre-cracked 
beams. The initial load-deflection and load-plate strain curves of the plated fatigue 
beams were all similar, confirming the consistency throughout the specimens, and they 
matched the curves for beams A2b and Mbboltý which were loaded statically in Chapter 
4. Therefore, it was assumed the static yield loads of the fatigue beams would be 23 kN 
and 21 kN for the members with and without plate end anchorage; these values were the 
yield loads of beams Mbbolts' and A2b. Similarly, the ultimate loads with and without 
plate end anchorage were anticipated to be 45.5 W and 34.0 kN, respectively. Based on 
the deformation at the intended maximum fatigue load as a proportion of the yield 
deformation, the rebar and plate stresses could be found as fractions of the yield and 
ultimate strengths, respectively; it will be shown in Part A of Chapter 8 that the yield 
deformation is the same for the initially uncracked and pre-cracked sections, so its 
magnitude for the fatigue beams was taken as equal to those of beams A2b and Mbbolts- 
The static tests of Chapter 4 demonstrated the effect of the shear span/beam depth ratio 
on the crack patterns in the concrete and on the magnitudes of the adhesive shear stresses 
at the plate ends. Therefore, although the applied loads in the fatigue tests were to be 
below that at which plate separation would become imminent in equivalent static tests, 
the cyclic action of the concrete cracks and the plate end shear were expected to 
potentially cause fatigue failure at different endurances as the shear span/depth ratio 
changed. Insufficient beams and time were available to investigate the plated fatigue 
behaviour under a range of loading configurations and load magnitudes, so it was 
necessary to select one combination of these variables at the outset; as mentioned above, 
the load spacing was 220mm, giving a shear span/beam depth ratio of 3.40, and the load 
magnitudes were selected as explained next. 
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The following three loading options were initially considered in an attempt to produce 
the most meaningful results for the plated, non-prestressed beams: 
" load an unplated control beam and the plated members to the same actual load 
magnitude. This would represent the case of a beam whose load demands do not 
increase but which is approaching its serviceability limit so that plating is necessary; 
" load the unplated and plated beams to such a load that the same stress is generated in 
the internal tensile rebars, causing the same rebar/concrete bond stresses in each case. 
This would be appropriate since the literature suggests the rebar/concrete interaction 
and the rebar stress are responsible for beam failure in unplated beams; 
" load the unplated and plated beams to the same proportion of their ultimate capacity, 
in which case the concrete section stresses would be different in each case but the 
beams would be tested to the same proportion of their maximum ability. 
Given the expected long endurances of a plated beam under low load, the first option was 
discounted since there would have been insufficient time to test several plated beams in 
the single available test rig for repeat purposes, necessary due to the variability in fatigue 
results generally. - 
The second option would allow the fatigue benefit of plating to be observed directly, 
since the tensile rebars would be stressed to the same level so the rebar and bond effects 
would be similar in both the unplated and plated beams. However, the results of beams 
Aunplýb and A2b in Chapter 4 showed that, using the third option, it was possible to 
subject the beams not only to the same proportion of their ultimate capacity, but also to 
create a more severe rebar condition in the plated member. Therefore, it was initially 
intended to load the beams to 50% of their ultimate load capacity, generating a rebar 
stress of 59% of its yield strength in the unplated beam and 75% in the plated members 
without plate end anchorage. The 50% capacity level in the plated beams without 
anchorage was 17 kN, based on the 34 kN static failure load of beam A2b; the capacity 
of the fatigue rig was 20 kN and it was subsequently decided to use this full amount in 
order to create even more severe conditions in the plated beam, leaving the option to 
reduce the load to 17 kN if early plated failures were observed. The rebar stress at 20 kN 
was 91% of the yield strength. The upper loads applied in the cyclic r6gime were 71% 
and 132% of the unplated and plated serviceability loads, respectively, corresponding to 
the rebar stress criterion outlined in Chapter 4. 
Use of the bolted plate end anchorage was to be made in the fatigue tests in order to 
assess the influence of the cyclic plate tension acting on the bolts. The load applied to 
the fatigue beams with anchorage was again 20 kN; given that the static yield load with 
anchorage was slightly higher than without (23 kN compared with 21 W), the predicted 
proportion of the rebar yield stress applied in the fatigue beams at 20 kN was the slightly 
lower value of 89%. # 
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To include the effects of a high mean plate stress in the cyclic load tests, one beam was 
tested with its plate prestressed to nominally 50% of its strength, using the same 
prestressing procedure as for the static tests in Chapter 5; the actual initial plate tension 
applied was similar to that of beam P50/1/1.0m in Chapter 5, so the behaviour of this beam 
was used to determine the rebar and plate stresses to be expected at the cyclic load limits 
in the fatigue beam. The upper cyclic load was again 20 kN, equal to the static concrete 
cracking load of beam P50/j/1.0m, SO Only limited tensile cracking of the concrete was 
expected in the fatigue beam. 
Table 7.2 gives the plate end anchorage configurations, and failure characteristics of the 
fatigue beams, while Table 7.3 summarises the load and stress conditions, set according 
to the static behaviours of beams Amplýb, A2b, A2bbolts and P50/1/1.0m. The lower limit 
of the cyclic loading was 1 kN in all cases, chosen to keep the beams under load at all 
times. For beam F6, with the prestressed plate, it can be seen that the maximum plate 
stress (ie. at midspan) was relatively high but the stress range was lower than in the non- 
prestressed beams. The reason for the rebar stress range of beam F6 having been greater 
in magnitude than the maximum rebar stress, is that the rebars were in compression 
throughout the majority of the cyclic loading range. This implies the composite plate 
was carrying virtually the whole tensile component of the beam's moment couple. 
Table 7.2 Anchorage configurations and failures of the fatigue beams 
Beam Plate end anchorage Failure mode No. of cycles 
tofailure 
Fl None (bemn unplated) Tensile fracture of 2 out of 3 rebars 1,433,560 
F2 None Not failed, T/T* 10,611,148 
F3 None Not failed at time of writing, ongoing Not failed 
R Bolted, rfpe I Plate failure at anchorage position 104,363 
F5 Bolted, type 2 Plate separation and bolt shear failure 147,362 
F6 Mechanical clamps Concrete cracking at top of beam, T/T 860,470 
* Tfr = test terminated by operator since no further useful knowledge was being gained 
Table 7.3 Loads, stresses and stress ranges of the fatigue beams 
Beam Un. load May- load Mar- rebar Rebarstress Marc plate Plate stress 
(kiN9 (kNg stress (APa) range (APa) stress (Apa) range (Apa) 
F1 1 7 207 195 
F2 1 20 319 312 256 221 
F3 1 20 319 312 256 221 
F4 1 20 312 307 240 205 
F5 1 20 312 307 240 205 
F6 1 20 7 73 705 97 
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No initial or cumulative damage was experienced by the bonded plate in any of the 
beams, consistent with their edges not having been sawn and their relatively low 
maximum stresses and stress ranges, compared with the more severe coupon tests. 
As Table 7.2 shows, the unplated beam failed due to the fracture of 2 out of the 3 internal 
rebars. This was the first fatigue beam to be tested and its deflections were monitored by 
a linear potentiometer which would instruct the computer to stop the cyclic loading when 
the maximum deflection reached a specified limit; the limit was chosen to be the 20mm 
maximum deformation experienced by the statically loaded unplated beam, Alnpl. b, of 
Chapter 4. The maximum deflection was only 12mm shortly before the test stopped, so 
the fracture of the rebars caused the limiting condition to be reached. 
Table 7.2 shows that two plate end anchorage types were used, both with the bolted 
configuration shown in end elevation in Figure 4.3 (page 75), secured with the Sikadur 
31 PBA adhesive, but the positions of the bolts along the 40mm length of the anchorage 
blocks were as shown in Figure 7.3 below for the fatigue beams. The type I system was 
the same as that used in the 1.0m static tests of Chapter 4- ie. the distances a and b in 
Figure 4.2 (page 73) were 20mm. each. Beam F4, with the type 1 anchorage, was the first 
anchored case to be tested and the plate failure at the anchorage position, which occurred 
after 104,363 cycles, was of the form shown in Figure 7.4, this being similar to the 
failure experienced during the prestressing of the plate for beam P50/3/1.0m, shown in 
Figure 5.15 (page 216) - ie. the CFRP was split either side of the bolt holes due to the 
tension in the plate. Electrical resistance strain gauges were located 45mm from the 
plate ends (ie. 5mm, from the anchorage blocks) and strain scans were taken at a 
frequency of 60 Hz during the load cycling, indicating that the plate end strain did not 
exceed 72 microstrain before the plate failure in the fatigue beam, much lower than the 
6452 microstrain at which the same sized plate of beam P50/3/1.0,,, failed during its 
prestressing. Therefore, it can be said that a low tensile force on the anchorage will 
generally be potentially damaging when applied cyclically. There was no evidence of 
adhesive or soffit level cracking of the concrete in the vicinity of the anchorage block, so 
it is concluded that the splitting failure was purely due to the cyclic action of the low 
plate tension. Soff it level cracking was, however, seen near the main shear crack in the 
same shear span after approximately 100,000 cycles; this shear crack was found in the 
static tests of Chapter 4 to be characteristic of the shear span/beam depth ratio of 3.40, as 
shown in Figure 4.12 (page 83), and the soffit level cracking is shown in Figure 4.13 
(page 84). The test was terminated after 15 1,000 cycles because nothing further was 
being learned. 
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Figure 7.3 Plate end anchorage types used in the fatigue beams 
Anchorage block 
Figure 7.4 Plate fracture at the anchorage position of beam F4 
The test was repeated using beam F5, but this time the anchorage system provided a 
greater length of bond over which the plate tension was transferred to the bolts via the 
anchorage block; consequently, the above plate end fracture was avoided. Instead, the 
beam exhibited a cyclic opening and closing of the main shear crack, soffit level 
cracking of the concrete was observed in beam F5, propagating gradually towards the 
plate end with increasing numbers of load cycles. When the remaining intact length of 
soffit concrete became insufficient to sustain the plate tension, the soffit level crack 
propagated as far as the plate end in one load cycle, causing the separation of the plate 
throughout the failed shear span. At this time, the plate tension was sustained wholly by 
the anchorage bolts which failed in direct shear due to the sudden high imposed force. In 
the comparable statically loaded beam with plate end anchorage, A2bbolts, the soffit level 
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cracks which emanated from the base of the main shear crack were not seen until the 
applied load was near the ultimate value, well above the rebar yield load. Therefore, the 
fact that the soffit level cracking appeared in the fatigue beams under the pre-yield 
loading suggests the cyclic opening and closing of the main shear crack is a detrimental 
influence which manifests itself progressively, consistent with the typical long term 
effect of fatigue in materials at loads lower than the static failure level. 
The avoidance of plate end fracture with the type 2 anchorage system in these fatigue 
beams was the justification for providing a relatively long length of bond in front of the 
bolts of the 2.3m and 4.5m beam anchorages of Chapters 4 and 5- ie. the distances a and 
b in Figure 4.2 (page 73) were not equal for these larger beams, as explained in Chapter 
4. While the integrity of this anchorage was maintained in the static tests of the 2.3m and 
4.5m beams, it has not been verified in cyclic load tests in the present study. However, 
as part of their contribution to the ROBUST Project Mays and Barnes at the Royal 
Military College of Science (RMCS, Shrivenham) have cyclically tested 2.3m beams, 
with the same reinforcement and loading configurations as in the 2.3m beams of Chapter 
4, at a frequency of I Hz, revealing no plate, adhesive or interfacial damage and no plate 
damage at the anchorage position. 
Neither of the beams without plate end anchorage, F2 and F3, sustained fewer than 147, 
362 cycles, the endurance of beam F5, although beams F2 and F3 did exhibit the opening 
and closing of the main shear crack in one shear span, together with a short length of 
soffit level cracking in the concrete; this length was approximately 10min in beam F2 
and 15mm in beam F3, smaller than the 60mm observed in beam F4. Since beam FS was 
the only member in which the soffit level cracking propagated to the end of the plate, it is 
thought this beam contained a concrete weakness which was accentuated by the cyclic 
loading; such a weakness may have been the result of a greater number of aggregate 
particles near the surface of the concrete in this particular specimen, although this could 
not be confirmed. No cracks through the thickness of the adhesive were visible in any 
of the plated beams, suggesting there were no voids at which the adhesive strength was 
low and/or that the upper load was insufficient to cause adhesive cracking. 
The prestressed beam, F6, exhibited no tensile cracking of the concrete at the bottom of 
the section but the concrete was cracked at the top, due to the camber generated by the 
plate prestress; these top cracks were not closed under the lower fatigue load of I kN. 
The cracks were widest at the beam support positions where the bending moment due to 
the applied load was lowest; wide opening and closing of these two cracks was observed 
during the load cycling, but no other indications of progressive damage were found in the 
beam. The adhesive layer and concrete soffit exhibited no signs of damage, consistent 
with the high prestress which was found in Chapter 5 to eliminate adhesive cracking. 
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Therefore, although the mean plate stress was high (50% of ultimate), the CFRP was 
able to resist damage within the load range adopted. A higher maximum fatigue load 
should have been applied in order to create a greater mean stress and stress range in the 
plate, and to induce concrete flexural cracking which would have represented a more 
realistic situation; however, this was not possible with the pneumatic supply used. The 
alternative would have been to use a lower prestress but the plate would then have been 
stressed to a less severe mean level, and the stress range would still have been only a 
small proportion of the plate strength. 
The variations of the midspan deflection amplitudes for the plated fatigue beams are 
shown in Figure 7.5; the full plots for the high endurance beams (F2 and F3) are shown 
in Figure 7.6. For the beam with the type 1 plate end anchorage, beam F4, the amplitude 
is seen to rise markedly at just under 100,000 cycles, the time at which soffit level 
cracking of the concrete became apparent; the plate was not yet visibly split at this time. 
After the splitting of the plate, the deflection amplitude continued to increase gradually 
but no further plate damage was observed. A sudden increase in the amplitude occurred 
in beam F5 also, again attributed to the onset of soffit level cracking emanating from the 
base of the main shear crack, the subsequent further increase in the deflection amplitude 
of beam F5 was associated with the gradual propagation of the soffit crack towards the 
end of the plate. 
The beams without plate end anchorage, beams F2 and F3, exhibited no sudden sharp 
increase in deflection amplitude, consistent with their relatively short lengths of soffit 
level cracking which was more stable than in beams F4 and F5. The high endurance plot 
for beam F2 in Figure 7.6 shows no significant change in amplitude throughout the 
majority of the fatigue period, reflecting the stability of the cracks in the beam depth and 
at soffit level. This stability was achieved after an initial increase in amplitude during 
approximately the first I million cycles; the increase is thought to have been due to the 
concrete flexural and shear cracks settling to their maximum lengths although, as 
mentioned above, no finther crack lengthening was noticed beyond 50,000 cycles. The 
prestressed beam, F6, represented in Figure 7.5, maintained an approximately constant 
amplitude throughout its test period, consistent with the absence of concrete, adhesive, 
plate or interfacial damage propagation. 
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The low fatigue endurance of the unplated beam, Fl, is shown against the high 
endurance plated results in Figure 7.6. The relatively low unplated amplitude reflects the 
low rebar stress range listed in Table 7.3. The concrete cracking in the unplated beam 
was in the form of typical wide flexural cracks in the constant moment region and 
narrower flexure-shear and shear cracks in the shear spans. The low endurance of the 
unplated beam is attributed to locally high tensile stresses which are thought to have 
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existed in the rebars at one of the flexural cracks where the rebars eventually failed, due 
to the wide opening and closing that was seen to occur at these positions in the constant 
moment region. The average rebar stress over the constant moment region was the 59% 
of yield corresponding to the 7 kN upper load, but the wide opening and closing of the 
cracks was presumably sufficient to raise the stress considerably. A similar case existed 
in the I. Orn steel plated beams tested by Mays (1985a), in which the plate strain at the 
positions of flexural cracks locally exceeded the yield strain of the steel. 
The average rebar stress in the plated beams was at least 89% of yield, but the cyclic 
crack widths were much smaller due to the presence of the bonded plate. The literature 
states that the cyclic rebar/concrete bond stresses, which are a damaging fatigue 
influence, become greater with increasing concrete crack width, so the plated beams 
were associated with lower bond stresses, consistent with the high plated endurances. 
Therefore, it is concluded that the main cause of the unplated fatigue failures of the 
rebars was the high bond stress reversals arising from the wide cracks. A bond stress 
existed also between the plate and concrete, sustained by the adhesive, but there was no 
evidence of concrete or interfacial damage due to this bond. 
Figures 7.7 and 7.8 show the load-deflection and load-plate strain behaviours of beam F5 
which used the type 2 plate end anchorage system, these curves were obtained in static 
load tests conducted immediately after the stated number of cycles. The reduction in 
member stiffness with increasing fatigue cycling is shown in the Figures, reflecting the 
loss of beam/plate composite action due to the concrete cracking at soffit level. The 
lowest stiffness shown represents 68% of the fatigue life of the beam, as indicated in 
brackets in the legends. 
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Figure 7.7 Variation of load-deflection behaviour of beam F5 with increasing fatigue 
cycles 
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Figure 7.8 Variation of load-plate strain behaviour of beam F5 with increasing fatigue 
cycles 
Corresponding results are shown for beam F2 in Figures 7.9 and 7.10, indicating an 
initial loss of stiffness to 91,000 cycles, beyond which the behaviour remained 
essentially unchanged, consistent with the stable soffit level cracks which did not 
propagate along the beam. 
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Figure 7.9 Variation of load-deflection behaviour of beam F2 with increasing fatigue 
cycles 
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Figure 7.10 Variation of load-plate strain behaviour of beam F2 with increasing fatigue 
cycles 
The varying load-deflection behaviour of the unplated beam, Fl, is shown in Figure 
7A 1. The reduction in unplated stiffness at 84% of the fatigue life was 22%, while the 
reduction in the stiffness of the plated beam, F2, at only 7% of its fatigue endurance, was 
28%, beyond which no further plated stiffness was lost. Therefore, the unplated beam 
experienced a much more gradual deterioration of structural stiffness than the plated 
members in which the early loss of stiffness stabilised for the remainder of the cyclic 
loading period. The difference in the rate of stiffness loss was due to the effect of soffit 
level cracking in the plated beams, marking the initiation of plate separation. 
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Figure 7.11 Variation of load-deflection behaviour of beam Fl with increasing fatigue 
cycles 
7.5 Conclusions 
The CFRP coupon tests confirmed the variability that is typical of the fatigue of 
materials generally, although the stresses applied were a high proportion of the material 
strength, so significantly higher endurances would be expected in practice at the same 
frequency, due to the much lower stresses typically encountered in the composite 
material. The literature states that the S-N slopes of CFRPs are typically shallow, 
reflecting the excellent fatigue performance that may be expected of these materials. 
The adhesive material was not tested in the present work since a number of cyclic studies 
have been reported in the literature, including the testing of Sikadur 31 PBA. The 
fatigue performance of the adhesive is dependent on the resistance to cohesive and 
interfacial crack propagation, neither of which are represented adequately in simple 
tensile tests. Lap shear tests, in which the adhesive is subjected to the same mode of 
loading experienced in a plated beam, typically subject the adhesive to much higher 
stresses than commonly occur in practice, so interpolation is required to assess the likely 
fatigue life. By assuming a shear stress range at the plate ends, where the shear is 
greatest, equal to the experimentally determined peak at the serviceability load, and 
using equation 7.3 (page 340), which represents temperatures from room temperature to 
approximately the T. value of Sikadur 31 PBA, the adhesive fatigue endurance, N, is 
calculated as 8.5 x 1029 cycles for the 2.3m beams of Chapter 4 and 9.5 x 10" cycles for 
the 4.5m beams, even for the series 'a' I -Om configuration with the lowest shear span/ 
depth ratio and the 47mm wide plate, corresponding to the greatest expected plate end 
-0 cycles 
- 50. OW cycles 
- 500,250 cycles 
- 1,200,320 cycles (94%) 
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shear stresses, the endurance at the serviceability load is predicted to be 4.1 x 102ý 
These values are all greater than the 3.8 x 10" cycles corresponding to a frequency of 1 
Hz over the full 120-year design life of a bridge, for example, so the adhesive layer itself 
is concluded not to be fatigue-critical in plated beams. It is more likely that the concrete 
will be fatigue-damaged, giving rise to the potential for plate separation and the 
consequent need for plate end anchorage. 
As with the statically loaded beams throughout this Project, the present fatigue tests have 
been based on one beam per combination of parameters, except the two plated members 
without anchorage. Consequently, the results must be treated merely as indicators of the 
potential effects that can be expected in practice, rather than results of a typical nature, 
particularly in the light of the variability of fatigue data. Despite this variability, the 
following can be drawn as general conclusions from the fatigue beam tests: 
" under a given combination of lower and upper load levels, the concrete flexural, 
flexure-shear and shear cracks reach a stable visible length in both unplated and 
plated beams, an important finding from a serviceability point of view-, 
"a localised high upper stress occurs in the internal rebars of unplated beams at the 
positions of the widest cracks, leading to rebar fracture due to the cyclic action of the 
crack opening and the associated rebar/concrete bond stresses. The bond stresses are 
reduced by the crack narrowing ability of the bonded plate, so rebar failure is less 
likely when a CFRP plate is used. The likelihood of rebar damage will depend 
generally on the rebar area ratio and the applied load; 
" the beam tests undertaken by Mays (1985a) demonstrated the potential for the fatigue 
failure of the bonded steel plate due to localised high stresses at the concrete flexural 
crack positions. This was caused by the plate having been stressed locally to a level 
greater than its yield stress, a problem that would not be experienced using a higher 
strength CFRP plate. The present CFRP plated beams confirmed the ability of the 
plate to resist damage under an applied load representing 132% of the serviceability 
load. Since structural members in practice are limited to the serviceability load as an 
upper limit, the fracture of the CFRP plate is not envisaged as a concern in design; 
" the type 2 plate end anchorage was able to avoid CFRP damage due to the presence of 
the anchor bolts, a success attributed to the increased length of bond over which the 
plate tension was transferred to the bolts. The 2.3m fatigue beam tests at RMCS have 
demonstrated encouraging anchorage behaviour in the larger scale specimens; 
" the reports of structural stiffening in the literature, due to further pOlymerisation of the 
adhesive as a result of hysteresis heating, are not applicable to bridge beams in 
practice, for which the effects of plate separation cracking are predominant at the 
frequency of 1 B[z which is typical of that induced by traffic loading; 
" it is possible for plate separation to begin but then stabilise under cyclic loads in 
excess of the serviceability load, although the nature of the plate separation is likely to 
influence the stability of the concrete cracks, so further fatigue tests need to be 
conducted under a range of shear span/beam depth ratios. 
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The plated fatigue tests were all conducted at maximum loads in excess of the 
serviceability load in order to observe the possible damage in a reasonable period of 
time. However, beams in service are not normally subjected to such excessive loads so 
plate separation may not be initiated, in which case the dynamic performance may, as in 
unplated beams, be governed by the long term fatigue behaviour of the existing internal 
reinforcement. The most important topic for the progression of knowledge of the fatigue 
of CFRP plated beams is the effect of the shear span/depth ratio under a range of applied 
loads; this is recommended as the most appropriate next step for laboratory analysis. 
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Chapter 8 
Analyses by calculation and finite elements 
8.1 Introduction 
The experimental work of Chapters 4 and 5 allowed only a limited number of beam tests 
to be undertaken, insufficient to be able to study the influence of geometrical and 
material parameters over a wide range of values. Therefore, it was necessary to develop 
analytical methods of parameter study to avoid the cost and time associated with a large 
number of additional experimental tests. This Chapter presents flexural analysis results 
obtained from spreadsheet calculations and a numerical finite element method. Mter 
outlining the procedures, the analytical results are compared with experimental findings. 
The spreadsheet analysis method can represent only the global response of a plated beam 
and the ultimate capacity can be predicted for a flexural failure only, while the numerical 
procedure is a tool widely used for studying local effects rather than global behaviour 
alone. It was originally hoped that the numerical procedure could be used to study both 
the global responses of plated beams and the local effects at the ends of the plate but as 
will be shown, this was not possible due to the lack of correlation with known 
experimental data. The Chapter is split into parts A and B which consider the 
spreadsheet and numerical procedures, respectively. 
8.2 PART A: Analysis by calculation of flexural behaviour 
8.2.1 Introduction 
This method is an iterative procedure in which it is assumed that the bonded plate 
behaves compositely with the concrete beam so that the flexural response of the member 
can be predicted using beam/plate strain compatibility. The uniaxial material behaviours 
of the concrete, internal reinforcement and composite plate are used to find the stresses 
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associated with given strains throughout the section, from which the section forces and, 
therefore, the internal moment couple are determined. Previous analytical methods will 
be reviewed before explaining the details of the procedure which is applied to beams 
plated with both prestressed and initially unstressed plates. 
8.2.2 Review of previous non-numerical analyses 
A commonly used form of composite construction is the casting of a concrete slab on 
steel girders, a system typically analysed using equilibrium of internal tensile and 
compressive forces and compatibility between the concrete and steel (Roberts and Haji- 
Kazemi, 1989a). These principles have been adopted in the analysis of externally plated 
beams also. For example, Irwin (1975) presented calculated and experimental moment- 
curvature diagrams for steel plated beams, recording close agreement between the two. 
However, the assumption that concrete carries no tension led to overestimates of the 
initial deformation. 
Triantafillou and Plevris (1991a) also assumed strain compatibility to construct plots of 
the quantity of internal steel rebars against the external composite plate, representing the 
quantities at which the plated beam would fail by steel yield-plate fracture, steel yield- 
concrete crushing or concrete crushing only. These plots, known as 'failure diagrams', 
illustrated that plate fracture is unlikely when glass or Kevlar fibres are used since the 
ultimate strains of the composites are high compared with the ultimate strain of a carbon 
fibre composite, for which plate tensile fracture is approached much more closely. Steel 
yield followed by concrete crushing is likely when a GFRP plate is used, as was the case 
with beam A2bGFRp in Chapter 4. The results of Triantafillou and Plevris (1991a) 
demonstrated the more pronounced improvement in flexural capacity when the quantity 
of internal steel reinforcement is low. Furthermore, the increase in bending capacity 
becomes relatively insignificant when failure is governed by compressive fracture of the 
concrete. 
An et al (199 1) used a similar method to investigate the flexural behaviour of rectangular 
and T-sections plated with composites of varying cross sectional area, stiffness and 
strength; the influence of concrete compressive strength and internal steel area ratio were 
also considered. These authors assumed a parabolic stress-strain response of concrete in 
uniaxial compression, as did Triantafillou and Plevris (1991a) above. As expected, the 
analysis suggested an improvement in the yield and ultimate flexural moment capacities 
due to plating, particularly with strong and stiff plates. For all stifffiesses, the ultimate 
moment capacity rises with increasing plate area, but the rate of increase becomes lower 
as the plate area increases, a finding made by Triantafillou and Plevris (199 1 a) also. The 
internal moment capacity of the concrete in compression will limit the combined 
moment contribution of the internal rebars and external plate, since the couple provided 
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by the concrete cannot be greater than that associated with its compressive strength; 
therefore, when the beam fails in concrete compression, the plate is used inefficiently. 
Increasing the concrete compressive strength causes only a slight increase in the ultimate 
moment of an unplated beam but a large increase in that of a plated member. This is 
because the increased internal moment couple provided by higher strength concrete is 
matched by the tensile forces in the internal rebars and external plate. 
The strain compatibility and no-tension concrete assumptions were adopted again by 
Ritchie et al (1990,1991) to study composite plated beams. The strain hardening 
behaviour of the internal rebars was not considered but there was, nonetheless, close 
agreement between the analytical and experimental ultimate capacities. The behaviour 
of the concrete in compression was represented by a tri-linear curve rather than a 
parabolic form. The analysis could be verified against only a limited number of 
experimental beams since most members experienced premature plate separation. 
Ichimasu et al (1993a) used the strain compatibility method to determine the plate stress 
when the rebar stress reached a given value. The experimentally-determined plate stress 
was not less than 89% of the analytical value, a correlation that was considered to be 
sufficiently close to allow the analytical method to be applied in design. 
Sierakowski et al (1994) studied the shift in the neutral axis level of plain concrete 
beams externally strengthened with soffit and side plates of CFRP. The commonly used 
'transformed section' method was adopted in this elastic approach, in which the CFRP 
was converted to an equivalent area of concrete. The analysis, which produced load- 
deflection curves also, was performed for a cracked and uncracked concrete section and 
the calculated and experimental responses compared well. 
Chajes et al (1994) used the assumptions of strain compatibility and perfect bond at the 
concretelrebar interface to analyse the flexural responses of concrete beams strengthened 
with aramid, E-glass and graphite fibre composites. The internal tensile rebars were 
taken as elastic-perfectly plastic and a parabolic stress-strain response was adopted for 
the concrete in compression. The method was used to predict the flexural ultimate 
capacities and the corresponding failure modes; failure was reached when the strain in 
either the concrete or composite plate reached its ultimate value. The concrete was 
assumed to carry no tension, a simplification to which discrepancies between the 
analytical and experimental results were attributed. As expected, the aramid composite, 
with its high strain to failure, was associated with compressive failure of the concrete, 
while the graphite and E-glass plated beams were found to fail by plate tensile fracture. 
Varastehpour and Hamelin (1995) also assumed perfect bond between the rebars and the 
surrounding concrete, and the tension stiffening behaviour of the concrete was included. 
The 'slip' between the composite plate and the concrete was based on the shear in the 
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adhesive, allowing the plate tension to be corrected in each step of the iterative 
procedure. The shear properties of the plate/concrete bond, required for the 'slip' 
correction, were determined by small scale shear tests of a concrete/adhesive/composite 
bonded system. The analytical procedure was considered to be a good method of 
predicting the flexural strength, ultimate deflection and the failure mode (Varastehpour 
and Hamelin, 1995). 
Plevris et al (1995) acknowledged that there is, inevitably, variability in the material and 
dimensional quantities required for determining the flexural capacity of an externally 
plated beam so, for safety in design, the calculated strength must be reduced so that there 
will be a sufficient factor of safety over a wide range of variability. The variability in the 
design quantities was described by probability distributions and it was found that 
variabilities in the concrete strength and the CFRP failure strain and area fraction have 
most influence on the flexural capacity, a result reported also by Triantafillou and Plevris 
(1995). The calculated flexural strength was reduced by a'strength reduction factor', for 
which a value of 0.8 was found to produce a uniform safety factor of approximately 3.00 
for over 3,000 design conditions. 
Therefore, the flexural analysis of the plated section has typically been based on the 
assumption of strain compatibility so that section stresses and, therefore, forces and 
moments, could be found for a given distribution of section strains. This basic principle 
is used also in the present work, the assumptions of which are listed below. 
8.2.3 Assumptions of the flexural analysis procedure 
The analysis procedure applies for flexural failures only (ie. concrete compression 
failure and/or plate tensile fracture) so premature plate separation is assumed not to 
occur. Chapter 4 demonstrated that flexural failure becomes more likely with increasing 
shear span/beam depth ratio, while Chapter 5 showed that prestressed beams can fail in 
flexure by plate tensile fracture. In addition to this assumption, the following further 
simplifying assumptions were required for the flexural analyses: 
the unplated and plated cross sections remain plane when the beam is under load. 
This was found to be the case in the purely flexural regions of the experimental test 
beams with prestressed and non-prestressed plates - eg. Figures 5.39 (page 260) and 
5.40 (page 261); 
since initially plane sections remained plane in the constant moment region, the strain 
profile through the section was taken to be linear so that the strain was known for any 
level in the section; 
the concrete at all levels above the neutral axis follows only one stress-strain curve, so 
the compressive stress can be found from the strain at any level; 
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" there is perfect bond between the internal rebars (in both tension and compression) 
and the surrounding concrete, so the strain in the rebars is equal to the section strain at 
the level of the centroid of the rebars; 
" there is also fully composite action between the plate and the concrete beam so, again, 
the plate strain is consistent with the section strain profile. However, for beams with 
prestressed plates, the plate strain is somewhat greater than the value extrapolated 
from the concrete section strain profile, as shown in Figure 5.41 (page 262), although 
composite action still exists. The beam/plate composite action was shown for a non- 
prestressed plate in Figure 5.39 (page 260); 
" the flexural failure of the plated beam is taken to occur when the maximum 
compressive strain of the concrete reaches 0.0035, the ultimate value adopted by BS 
8110, Part 1 (1985) and BS 5400, Part 4 (1990), or when the plate tensile strain 
reaches the average ultimate values listed in Table 3.4 (page 35); 
" the material failures are reached when the strains correspond to measured ultimate 
stresses - ie. no material safety factors are applied, contrary to design practice in 
which ultimate stresses are taken as given fractions of the actual values to ensure a 
factor of safety; 
" the tensile load carried by the concrete below the neutral axis is taken as either zero 
(ie. a cracked section) or a specified non-zero value corresponding to a partially 
cracked section. The reasoning for the magnitude of the non-zero tensile stress is 
explained later, 
" the internal tensile rebars are taken to exhibit either an elastic-perfectly plastic 
behaviour or an elastic-plastic response with strain hardening; 
" the adhesive contributes no tensile load carrying capacity to the plated section. The 
adhesive is considered merely as a gap which sets the correct distance between the 
plate centroid and the neutral axis for the purpose of finding the plate strain. 
8.2.4 Choice of material behaviours 
8.2.4.1 Material behaviour of the concrete in compression 
The flexural normal stresses in the concrete above the neutral axis are not easily 
determined because the stress is not directly proportional to the strain, as shown in early 
research into the compressive stress block of reinforced concrete beams (Hognestad et 
al, 1955). For the purpose of the present analysis, it was necessary to use a compressive 
stress block for the concrete that would represent the stress at all levels above the neutral 
axis for any magnitude of applied load. Therefore, the rectangular stress block adopted 
by BS 8110, Part I (1985) and BS 5400, Part 4 (1990) is not applicable to any applied 
load other than the ultimate when beam failure is by concrete compression, for which 
early research revealed close correlation between analytical and experimental ultimate 
capacities based on a rectangular stress block (Whitney, 1942; Mattock et al, 1961). 
While the uniaxial material behaviours of the internal reinforcement and external plate 
were determined in Chapter 3, that of the compressive concrete was not found 
experimentally so it was necessary to adopt a previously established stress-strain 
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relationship. The behaviour used by An et al (1991) and Chajes et al (1994) was the 
parabolic form shown in Figure 8.1, derived by Hognestad (195 1). 
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Figure 8.1 Idealised stress-strain curve for concrete in compression (Hognestad, 195 1) 
The terms in Figure 8.1 have the following definitions: 
fe compressive stress; 
ec compressive strain; 
: rC concrete cylinder strength; 
f9c maximum compressive stress; 
SO strain corresponding to maximum stress. 
The maximum strain of 0.0035 is taken from BS 8110, Part 1 (1985), the original value 
by Hognestad (1951) having been 0.0038. The maximum compressive stress, f',, will 
be a certain proportion of the cylinder strength of the concrete; this proportion is known 
as a characteristic of the stress block and has been the subject of debate previously. Its 
magnitude will vary depending on the stress block shape adopted (Kong and Evans, 
1987). At the ultimate limit state, any stress distribution throughout the neutral axis 
depth can be made to satisfy equilibrium by choosing an appropriate value for this stress 
8.2 PARTA: Analysis by calculation offlexural behaviour 367 
block characteristic, but a distribution that satisfies all loading stages up to ultimate may 
be found only if the stress history is traced at several loads (Prentis, 195 1). StiIssi (1932) 
based the stress block characteristic on the results of concentric compression tests, but 
Hognestad (1951) questioned the application of uniaxial data to flexural compression; 
the relationship between the maximum stress in flexure and the cylinder strength is 
dependent on the size and shape of the beam and cylinder (Hognestad, 1951,1952; Park 
and Paulay, 1975). Also, the relationship varies with cylinder strength (Hognestad, 
195 1; Hognestad et al, 195 5). Hognestad et al (1955) found the maximum flexural stress 
to be 92% of the cylinder strength - ie. f 0.92f, for certain concrete strengths. This 
fraction is appropriate for the concrete strengths of the beams analysed in this Chapter so 
the value of 0.92 is assumed in this work. 
The existence of a falling stress branch, at strains greater than co in Figure 8.1, was found 
by various investigators (Evans, 1943; Herr and Vandegrift, 1950; Hognestad et al, 
1955). Mattock et al (1961) noted that the slope of the falling stress branch was chosen 
to give the best statistical agreement between the calculated and observed results of 
Hognestad (195 1). BS 8110, Part I (1985) adopts a constant stress branch rather than a 
falling stress branch, the stress magnitude being lower than the value observed 
experimentally in order to compensate for the levelling out (Martin et al, 1989). 
However, the falling stress branch is adopted in the present work to avoid the additional 
approximation of the BS 8110 stress block. 
The stress-strain behaviour of Figure 8.1 is based on the cylinder strength because the 
cube strength is not representative of the maximum stress that may be sustained in a 
beam. This is due to the restraining effect of the platens which increases the apparent 
strength of the concrete. Therefore, it was necessary to convert the cube strengths listed 
in Table 3.2 (page 33) into equivalent cylinder strengths. Experimental studies have 
shown that there is no simple relation between the cylinder and cube strengths; the two 
types of specimen may be affected to different extents by aggregate grading and 
moisture content, for example (Evans, 1943; Neville, 1995). The ratio of cylinder to 
cube strength depends primarily on the strength of the concrete; the ratio is greater for 
higher strength concrete (Neville, 1995). L'Hermite (1955) proposed the following 
'U: relationship 
for the ratio of the cylinder strength, f, to the cube strength, f. 
0.76 + 0.2 - log 
f 
..... Eqn 8.1 fcu 2840' 
in which the units of fcu are pounds per square inch. This relationship was used in the 
present work. 
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8.2.4.2 Material behaviour of the internal tensile rebars 
As mentioned above, the rebars are taken to exhibit either elastic-perfectly plastic 
behaviour or to include a measure of strain hardening. Figure 8.2 shows the post-yield 
relationships by which the tensile rebar stress, f, is determined for any strain value, er. 
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Figure 8.2 Tensile stress-strain behaviours of the internal tensile rebars 
8.2.5 Outline of the analysis procedure for non-prestressed beams 
Figure 8.3 shows the strain and stress distributions corresponding to some general value 
of e*, the strain at the top of the concrete. The first stage of the analysis is to find the 
maximum section strains due to the self weight of the beam, using the universal theory of 
bending based on the centroid determined by equating first moments of area. The self 
weights of the beams were not high and the corresponding section strains were 
confirmed to be negligible. The analysis then progresses by determining first the value 
of the compressive strain at the top of the beam when the concrete cracks in tension (at 
the soffit level) and when the internal tensile rebars yield. This is done by choosing a 
value for the neutral axis depth and finding the axial forces in the concrete, compressive 
and tensile rebars, and the composite plate, based on the strains and, therefore, the 
stresses in each component; the axial force in the concrete above the neutral axis is found 
by integrating the stresses over the neutral axis depth. A new value of the neutral axis 
depth is repeatedly guessed until the total compressive axial force balances the total 
tensile force, at which point the section is in equilibrium. The corresponding applied 
load is found from the internal moment couple and the length of the shear spans. The 
strains at the top of the concrete, when the concrete cracks and when the steel yields, are 
next divided into a chosen number of smaller increments so that the applied load can be 
8.2. PARTA: Analysis by calculation offlexural behaviour 369 
determined for several points throughout the loading range, thereby establishing the 
response to applied load to failure. For each of the smaller increments, the neutral axis 
depth is again iterated and the strains in each component of the section, found again from 
the linear strain distribution, are used to determine the applied load. 
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Figure 8.3 Generalised section strain and stress profiles 
of concrete 
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At any value of s*, the strains throughout the section are found from the section strain 
slope, s. The stress in the concrete at the level of the tensile rebars, fct, is zero if a 
cracked section is assumed. However, if the concrete in tension is assumed to be able to 
sustain tension, then f,, t takes any desired non-zero value with a maximum of ft, the 
tensile strength of the concrete. In the present work, the non-zero values of fct are I NTa 
and ft. The value of I Wa is that adopted by BS 8110, Part 2 (1985) for the 'partially 
cracked section', a device by which the ability of the concrete to carry tension is 
represented for the purpose of calculating deflections. The tensile concrete stress at the 
rebar level is limited to an upper value of ft so, as the section rotation increases further, 
the concrete tensile stress distribution is independent of the bending moment acting on 
the section; however, the stresses everywhere else in the section remain dependent on the 
applied moment. The value of I NTa is taken from the work by Beeby (1972) in which 
concrete specimens, internally reinforced with deformed rebars, were loaded in tension 
and the tensile concrete stress, corresponding to the measured average strain, was 
calculated to reach a limiting value of I NIPa. The partially cracked section is required 
in order to take into account the ability of the concrete between cracks to carry tension, 
this ability arising from the stress transfer from the rebars to the concrete due to the 
bond, an effect known as 'tension stiffening' which affects the widths of the cracks and 
their spacing (Hognestad, 1962; Karr and Hognestad, 1965; Base et al, 1966). When a 
plate is externally bonded to the tension face of a beam, the tension stiffening effect is 
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enhanced so the apparent tensile stress is far greater than the I MTa assumed with 
internal rebars alone (Jones el al, 1986; Swamy el al, 1989). As a result, the flexural 
rigidity, 'El', of the section will be greater than predicted by the cracked section, leading 
to a more realistic behaviour of the section. 
In addition to finding the flexural section strains, an attempt was made to estimate the 
midsPan deflection, A, using equation 8.2 which applies to beams comprising linear 
elastic materials and loaded under four point bending (Gere and Timoshenko, 1987); 
Figure 8.4 shows the terms of equation 8.2. 
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Figure 8.4 Quantities required to estimate the midspan deflection 
Equation 8.2 applies to cases in which the flexural rigidity of the section, 'El', remains 
constant, so it is assumed in the present analysis that the increments of section rotation 
are sufficiently small to allow the flexural rigidity to be taken as constant over each 
increment. This will not have been the case experimentally since the rigidity will have 
reduced progressively throughout the loading range due to the upward shift of the neutral 
axis caused by cracking of the concrete, yielding of the internal rebars and the nonlinear 
behaviour of the concrete above the neutral axis. However, in the analysis, the three 
regions of the beam behaviour, ie. pre-cracking, post-cracking and post-yield, were each 
divided into five increments to ensure small changes in section rotation. 
For the purpose of the above deflection calculation, the flexural rigidity was determined 
from equation 8.3, 
E-I = M-R, ..... Eqn 8.3 
where M is the applied bending moment and R is the radius of curvature which is 
defined, for the pure flexure of linear elastic materials, as 
. -.. Eqn 8.4 8 
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the ternis are defined in Figure 8.3. 
8.2.6 Results and discussion of the non-prestressed analyses 
The unplated members were analysed first to check the validity of the method for the 
basic reinforced concrete section without a bonded plate, before applying the procedure 
to the plated beams (section 8.2.6.2 (page 375)). The values of the yield and ultimate 
loads are compared in section 8.2.6.4 (page 393) and section 8.2.6.5 (page 396) 
considers the influence of the plate modulus and cross sectional area. 
8.2.6.1 Analysis of the unplated beams 
Figure 8.5 shows the analytical and experimental deflection responses of the unplated 
series 'a' I. Om beam, Apj 
'a- 
ie. with the greatest load spacing of 300mm; the limiting 
tensile concrete stress at the level of the bottom rebars, f,, t, is shown in the legend. This 
comparison of experimental and analytical unplated behaviour is broadly typical of the 
1.0m beams. The analytical curves are based on an elastic-perfectly plastic tensile rebar 
behaviour. The maximum analytical deflections are those corresponding to the ultimate 
concrete compressive strain of 0.0035. 
A change in slope of the analytical curve for fct =0 Nva occurs at yield only because the 
concrete is assumed to be already cracked. It is clear that the ultimate limit state of this 
unplated beam was best represented by the cracked section (ft =0 Nva), as would be 
expected due to the wide flexural cracks at failure. However, before the beam cracked 
experimentally, the deflections corTesponded with those of the partially cracked section 
with fct =I NTa, consistent with the use of this tensile stress value for deflection 
calculations in BS 8110. The transition of the post-cracking experimental curve, from 
the analytical line for fct =I NTa to fct =0 NTa, reflects the progressive reduction in 
flexural rigidity due to the widening and lengthening of the flexural concrete cracks. 
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Figure 8.5 Deflection responses of the unplated I. Orn beam, A.,, pl. a 
The value of ft = 2.5 MPa, the tensile strength of the concrete, resulted in an under- 
estimation of the deflection at low loads, an error that was subsequently maintained 
throughout the remainder of the analysis history. The high tensile concrete contributions 
associated with ft =I MPa and 2.5 MPa produced overestimates of the load at which the 
internal rebars yielded. The gradual continued rise in the analytical applied load after 
yield is due to the action of the constant tensile rebar force at a progressively increasing 
distance from the neutral axis, combined with the increasing moment couple due to the 
concrete above the neutral axis. The rate of this rise, at any post-yield deflection, was 
not influenced by the value of f,, t because the moduli of elasticity of the concrete and 
rebars did not change. 
Figure 8.6 shows the effect of including the strain hardening behaviour of the internal 
tensile rebars on the deflections of beam A. pi. a. The effect of the strain hardening is 
clearly only slight since the slope of this region of the rebar stress-strain behaviour was 
small, causing a modest increase in the tensile stress at any post-yield strain. The 
analytical ultimate capacity compares better with the experimental value when strain 
hardening is included; the analytical error without strain hardening was 3.9%, reducing 
to 0.7% with strain hardening. 
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Figure 8.6 Effect of rebar strain hardening on the deflection responses of beam A., Pl. a 
Equation 8.2 (page 371) is derived from moment-curvature considerations only, without 
regard for the additional deflection that occurs due to the shear deformations in the shear 
spans. While the unplated experimental and analytical deflections compared well for the 
above I. Orn beams, Figure 8.7 below shows the correlation was not as close for the 2.3m 
beam with the standard shear reinforcement provision, beam Bmpl. /2.3m, strain hardening 
is not represented. 
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Figure 8.7 Deflection responses of the unplated 2.3m beam, Bunpl. /2.3m 
The experimental deflections became greater than the analytical values at an early stage 
in the loading range, suggesting the maximum experimental deflection was not governed 
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by flexure alone. For the 2.3m beam heavily reinforced internally in shear, beam Sunpil 
Heavy, the correlation of the analytical and experimental results was closer, as shown in 
Figure 8.8 which also excludes the effect of strain hardening. The yield load based on 
the cracked section, from which yield was represented best in the I. Orn beams, is 
overestimated by 8.4% in Figure 8.7 and underestimated by 4.7% in Figure 8.8, 
indicating a small degree of variability in the steel properties. In both cases, the cracked 
section provided the closest comparison with the experimental deflections after the 
experimental cracking load, consistent with the I. Orn cases. 
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Figure 8.8 Deflection responses of the unplated 2.3m beam, Sunpl. /Ileavý 
in summary, the unplated analyses demonstrated that the limiting tensile concrete stress, 
f,,,, of I MPa in the partially cracked section is most appropriate for predicting the 
deflections at low applied loads, and that the cracked section gives the best estimate of 
the ultimate capacity. The analysis method was applied next to the plated beams for 
comparison. 
8.2.6.2 Analysis of the plated I. Orn beams 
Figure 8.9 shows the deflection responses of the CFRP plated I. Orn beam, Ala, with the 
0.50 by 90mm plate and the 300mm load spacing; the steel strain hardening is excluded. 
The analytical curves end when the maximum concrete compressive strain reaches 
0.0035 - ie. failure is predicted to be by concrete compression rather than plate tensile 
fracture-, concrete compression failure was predicted analytically for all the plated I. Orn 
beams. The closest correlation with the experimental concrete cracking load is provided 
using ft = 2.5 MPa, the tensile strength of the concrete, as would be expected. As in the 
unplated member, the deflections at low loads are modelled best with the fj value of I 
MPa. This partially cracked section also gives the best prediction of the yield load, the 
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analytical and experimental values being 22.91 kN and 23.00 kN, respectively. At loads 
greater than approximately 13 kN, the experimental curve crosses the f,,, t =0 MPa line, 
rendering even the cracked section inadequate at estimating the maximum deflection. 
However, while the observed deflections fail to remain within the analytical bounds, the 
flexural response of the section is found in Figure 8.10 to be more accurately modelled 
analytically. 
60 
50 
40 
30 
'I - Experimental 1 20 
f0 MPa o 
fýt -I MPa 
fýt - t' 2.5 MPa) 
10 tt(I 
0 02468 10 12 14 
Midspan deflection (mm) 
Figure8.9 Deflection responses of the CF" plated I. Orn beam, Ala 
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Figure 8.10 Midspan plate strain responses of the CFRP plated I. Om beam, AIa 
Figure 8.10 shows good correlation of the experimental and analytical slopes below 6.00 
kN, the observed concrete cracking load, indicating the accurate prediction of the intact 
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section rotations. After concrete cracking, the experimental curve progresses towards 
the partially cracked analytical curve for ft =I MPa such that, at yield, the plate strains 
are well matched, with the analytical strain being only 4.3% greater than the 
experimental strain. This gradual shift from the f, = 2.5 MPa line to the fct =I MPa line 
reflects the progressive increase in the widths and lengths of the concrete flexural cracks. 
After yield, the experimental response matches the partially cracked analytical response 
with fct =I NIPa, reflecting the influence of tension stiffening which ensured the 
concrete between cracks, below the neutral axis, continued to contribute to the flexural 
resistance of the section. 
The effect of including the strain hardening behaviour of the internal rebars would be to 
further stiffen the analytical load-deflection response, thereby bringing the predicted 
behaviour of Figure 8.9 further into error. However, while strain hardening further 
stiffens the response, the magnitude of the stiffening is negligible, as seen in Figure 8.11 
which represents the plate strain response to applied load for the cracked section. 
Figure 8.11 Effect of strain hardening on the plate strain response to applied load 
Therefore, the omission of the strain hardening behaviour in the plated beams is justified. 
The negligible effect of strain hardening is due to the internal reinforcement reaching a 
far lower maximum strain when the beam is plated, since the plate contributes to the 
flexural rigidity and the contribution of the rebars is, therefore, reduced; the lower rebar 
strain implies a stress negligibly higher than that for the elastic-perfectly plastic case (see 
Figure 8.2 (page 369)). Also, the strain hardening slope is shallow so the rebar stress is 
little greater than in the elastic-perfectly plastic case. 
The contribution of the plate in assisting the load carrying capacity of the member is 
shown in Figure 8.12 for beam Ala without steel strain hardening and with the cracked 
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section. 
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Figure 8.12 Tensile forces sustained by the internal reinforcement and external plate of 
beam Ala 
The Figure confirms the accelerated increase in plate tension after the internal 
reinforcement ceases to contribute further due to its yielding. This behaviour is 
analytically and experimentally typical of all beams. 
Figures 8.13 and 8.14 show the deflections and maximum plate strains, respectively, of 
beam Alb - le. still with the 0.50 by 90mm plate, but loaded under the longer shear spans 
of the series V beams instead; the steel strain hardening behaviour is again omitted in 
the analytical responses. The analytical moment-curvature responses are the same as for 
beam Ala but the applied load is scaled down in proportion to the lengthened shear 
spans. The deflection behaviour below 10 IcN was modelled best using the f,,, t value of 
2.5 MPa, as would be expected since this was the tensile strength of the concrete. As the 
extent and length of flexural cracking increased with further applied load, the 
expenmental response shifted on to the f. =I MPa partially cracked section line. The 
experimental deflections remained within the analytical bounds throughout the majority 
of the loading range. As with beam Ala, the midspan plate strains beyond yield were 
represented analytically using the I MPa partially cracked section, suggesting the 
assumption of no concrete tension is unrealistic. The experimental curve failed to reflect 
concrete cracking until the applied load reached approximately 8 kN, a misleading effect 
thought to have been caused by the initial onset of cracking away from the midspan 
strain gauge position, the plate strains in line with the load points (not shown) also gave 
this misleading result, indicating the occurrence of initial cracking between the three 
gauge positions. 
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Figure 8.13 Deflection responses of the CFRP plated I. Orn beam, Alb 
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Figure 8.14 Midspan plate strain responses of the CFRP plated I Om beam, AIb 
Figures 8.15 and 8.16 show the deflection and strain responses of the beam with the 0.50 
by 90mm plate and the smallest load spacing of 100mm, beam Alc. The experimental 
strain response shows the concrete cracked at the load consistent with the 2.5 MPa 
tensile strength, and that the subsequent further widening of flexural cracks occurred 
away from the midspan position such that, although the rate of strain development 
increased, the experimental response did not shift towards the behaviours represented by 
the lower values of f, - therefore, the value ft = 2.5 MPa appeared (misleadingly) to be 
appropriate in the post-cracking region. The apparent post-yield stiffening of the beam, 
Rynerimental 
f, -0 MPa 
fet ýI MPa 
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suggested by the midspan plate strains, is also attributed to the relatively low section 
rotations at midspan. The location away from midspan, at which the flexural rotation is 
thought to have been concentrated, is the flexure-shear crack in the vicinity of one of the 
loading points, shown in Figures 4.14 (page 85), 4.15 (page 87) and 4.17 (page 88). 
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Figure 8.15 Deflection responses of the CFRP plated I. Orn beam, AIc 
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Figure 8.16 Midspan plate strain responses of the CFRP plated I -Om 
beam, AIc 
Beam Ma, with the greatest load spacing of 300mm and the narrowest plate (1.13 by 
47mm), is represented in Figures 8.17 and 8.18. While the midspan deflection was 
initially well represented by the partially cracked section with ft =I Nfpa, a typical 
finding for the plated I. Om beams, the deflection response beyond 10 kN was not 
Va) 
- -- --i-- 
8 10 
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modelled well even with the cracked section, suggesting the purely flexural relationship 
of equation 8.2 (page 371) was inappropriate for this beam. Figure 4.39 (page 124) 
demonstrated the plate strain enhancing effect of the shear cracking in the concrete, a 
phenomenon to which the experimentally high deflections of beam A3a are also 
attributed. 
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Figure 8.17 Deflection responses of the CFRP plated I. Orn beam, A3a 
However, with respect to the plate strains, Figure 8.18 shows the suitability of the 
cracked section for modelling the midspan flexural section rotations, after the initial 
accurate prediction of concrete cracking using fct = 2.5 MPa, the tensile strength of the 
concrete. 
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Figure 8.18 Midspan plate strain responses of the CFRP plated I. Om beam, A3a 
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It was found in Chapter 4 that the widths of the flexural concrete cracks are lower with a 
plate that covers a greater proportion of the beam width, and that the plate width is a 
more important factor than the cross sectional area as far as crack widths are concerned. 
In addition, it was shown in Figure 4.30 (page 114) that this plate width effect is 
particularly pronounced when the point loads are closely spaced, in which case the 
applied flexure is high, such that there appears to be a consequent loss of composite 
action at an advanced stage in the loading range. However, despite this pronounced plate 
width effect under closely spaced loads, the comparison of the analytical and 
experimental responses remains the same as under more widely spaced loads, as shown 
in Figures 8.19 and 8.20 for beam A3c with the narrowest plate and the smallest load 
spacing. As previously, the experimental deflections are in excess of those predicted 
with the cracked section throughout the majority of the loading range, while the flexural 
rotation of the section is well represented using the cracked section after the initial 
accurate estimation of the cracking load using fct = 2.5 Wa. The agreement between the 
analytical and experimental section rotations confirms that beam/plate composite action 
was actually maintained throughout the experimental loading range, so the apparent loss 
of composite action suggested by Figure 4.30 (page 114) appears to be due to the high 
section strains away from the narrow plate, caused by the inability of the plate to control 
crack widths over the whole beam width. This issue will be discussed again later in 
terms of the neutral axis depths and the tension stiffening effect. 
The above analytical and experimental comparisons have been for the range of load 
spacings tested and for the two extreme aspect ratios of plate. The intermediate plate 
(0.82 by 67mm) produced a broadly similar comparison of analytical and experimental 
responses - ie. the first change in slope of the experimental plate strain curve was 
matched analytically using fct = 2.5 NTa, while the initial deflections were well 
represented using the partially cracked section with fct =I Wa. 
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Figure 8.19 Deflection responses of the CFRP plated I. Orn beam, A3c 
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Figure 8.20 Midspan plate strain responses of the CFRP plated 1.0m beam, A3c 
The analysis results for the GFRP plated beam, A2bGFRp, are presented in Figures 8.21 
and 8.22. The same basic characteristics were found for the GFRP plated beam as for the 
CFRP plated members - ie. the initial deflections were modelled best with the I MPa 
partially cracked section and the concrete cracking load was best estimated using the 
actual tensile strength of the concrete. The I MIN partially cracked section was the most 
appropriate for estimating the yield load. Immediately after yield of the internal rebars, 
the experimental deflection and plate strain responses lay near the I MPa partially 
cracked analytical curve, before an apparent stiffening of the beam caused the 
experimental behaviour to shift towards the 2.5 MPa line. The reason for this stiffening 
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is unclear, but the load at which the experimental response returned to its former post- 
yield stiffness is that corresponding to the onset of concrete compressive failure. As 
noted in Chapter 4, the compressive failure did not propagate further until shortly before 
plate separation, allowing the beam to maintain its current stiffness. This stiffness was 
that associated with the flexural rotation of the cracked, but not crushed, section, as seen 
by the fact that the analytical and experimental post-yield curves are parallel. 
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Figure 8.21 Deflection responses of the GFRP plated I. Orn beam, A2bGFRP 
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Figure 8.22 Midspan plate strain responses of the GFRP plated I Orn beam, A2bGný"P 
So far, only the section rotations within the constant moment region have been 
considered. However, it is possible to extend the analytical method to estimate the plate 
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strains at other locations along the plate within the shear spans and compare the 
predictions with the experimental results of appropriately located strain gauges. This is 
done using the same analytical moment-rotation responses for each value of ft, but 
assigning a greater applied load so that a given moment is achieved at the positions 
nearer the beam supports. Figures 8.23 and 8.24 show the plate end strains in the failed 
shear span of beam Ala for the f, .t value of 
0 MPa and 2.5 MPa, respectively, the 
analytical responses are shown by the solid lines. The analytical responses based on the 
cracked section (Figure 8.23) are clearly in error by a large margin, being greater than 
the experimental values. This is because the assumption of no concrete tension is 
inappropriate for the plate end positions where the concrete does not crack in flexure. 
The analytical values based on f,,, t =I N4Pa (not shown) are also greater than the 
experimental strains, but by a smaller margin. However, using ft = 2.5 MPa, the initial 
linear experimental response in modelled well analytically, as shown in Figure 8.24. 
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Figure 8.23 Plate end strains in the failed shear span of beam AIa using f, =0 MPa 
The close correlation of the analytical and experimental results in Figure 8.24 is 
maintained until the experimental strains increased at an accelerated rate when the steel 
yielded in the constant moment regionl- the association of accelerated plate end straining 
and steel yield, under the shear spanibeam depth ratio of 3.00, was noted in Chapter 4. 
The analytical change in slope, at 20 kN or above in Figure 8.24, is due to the plate end 
section rotation having become sufficient to cause the concrete tensile stress at rebar 
level to exceed 2.5 MPa - ie. the concrete at these locations is predicted to have cracked 
in flexure, a finding not made experimentally. 
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Figure 8.24 Plate end strains in the failed shear span of beam AIa using f,, t = 2.5 MPa 
Under the higher shear span/depth ratios of the series V and V beams, the initial plate 
end strains were again modelled well analytically using fct = 2.5 Mpa. Also, this value 
of fct was most appropriate for the other two plate widths and thicknesses for which plate 
end strain results are not shown. 
In addition to modelling the flexural strains in the bonded plate, the analytical method 
was used to compare the neutral axis depths with those determined using the demec 
gauge measurements in the beam tests. Figures 8.25 to 8.27 show the comparisons for 
the beams with the widest plate (0.50 by 90mm) and each loading series; the internal 
tensile reinforcement is taken as elastic-perfectly plastic. 
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Figure 8.25 Experimental and analytical neutral axis depths of beam AIa 
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Figure 8.27 Experimental and analytical neutral axis depths of beam AIc 
Considering first the shapes of the analytical curves, it is found that the cracked section 
(fct =0 MPa) gave an initially increasing neutral axis depth - ie. the level of the neutral 
axis was predicted to shift downwards in the section. This is because the depth of 
compressive concrete had to increase to maintain axial force equilibrium with the tensile 
rebars, and plate. When the rebars, yielded analytically, the section rotation increased 
more rapidly, with respect to applied load, and the resultant larger compressive stresses 
necessitated a reduction in the concrete depth above the neutral axis, reflected in the 
post-yield reduction shown in the Figures. When a tensile concrete contribution was 
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assumed in the two partially cracked sections, the initial neutral axis depth was 
somewhat greater since there was a higher total tensile axial force to be balanced by the 
concrete above the neutral axis. The curves for fct =I NTa and ft = 2.5 M[Pa are 
initially coincident since the section rotations were equal until the tensile concrete stress 
reached I NTa at rebar level. At high applied loads, the neutral axis depths are similar 
for all three analytical sections because the tensile concrete contribution becomes a small 
proportion of the total tensile force. 
It is shown that the partially cracked section with ft = 2.5 NTa was most appropriate for 
the series 'a' member (Figure 8.25), while an even greater value of fct would have been 
required for the series V and V beams. This finding suggests the rebar/plate 
combination was able to generate enough tension stiffening to bring the average tensile 
stress well above the I NVa assumed for unplated beams in BS 8110, demonstrating the 
beneficial influence of the bonded plate. Although the experimental neutral axis depths 
were not equal to the analytical values, the broad variation in neutral axis depth with 
applied load was similar in both cases. The reduced rate of change in neutral axis depth, 
with respect to applied load after yield, is confirmed experimentally in Figure 8.27 for 
which the experimental results spanned the greatest proportion of the analytical range. 
With the narrowest plate (1.13 by 47mm) under the greatest load spacing (300mm), 
beam Ma, the experimental neutral axis depths were again greater than the analytical 
values based on the 2.5 IVO? a partially cracked section, as shown in Figure 8.28. ibis 
again reflects the high tension stiffening capability of the bonded plate, suggesting this 
narrow plate was as beneficial as the widest plate under the same load spacing (Figure 
8.25); the high experimental values with the narrow plate were probably the result of the 
large cross sectional area of the plate compared with the wide plate. 
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Figure 8.28 Experimental and analytical neutral axis depths of beam A3a 
However, when the narrow plate was applied under the most closely spaced loads, for 
which the maximum flexure per unit applied load was high, the relatively large cross 
sectional area was not, itself, a sufficient factor to provide such a pronounced tension 
stiffening effect, as shown in Figure 8.29 which indicates the relatively low experimental 
neutral axis depths beyond an applied load of 16 kN. At the applied loads of 20 kN and 
24 kN, advanced stages of the experimental loading range, even the cracked section 
over-estimated the neutral axis depths. This over-estimation suggests the cracked 
section produced a stiffer response than was found in practice, consistent with the 
apparent lack of beam/plate composite action shown in Figure 4.30 (page 114). 
However, Figure 8.20 (page 383) showed the cracked section to be suitable for 
representing the plate strains, and composite action must have existed between the beam 
and the plate for this close correlation of analytical and experimental results to be 
possible. Figure 4.30 (page 114) confirms the existence of composite action at 16 kN 
and the lack of composite behaviour at 24 kN; these loads lie either side of the 18 kN 
yield load of beam AR (Table 4.2 (page 91)), suggesting the demec strain profile ceased 
to be strain compatible with the bonded plate once the section rotations became large due 
to rebar yield. Therefore, it is concluded from Figures 4.30 (page 114) and 8.20 (page 
383) that the narrow plate behaved compositely with the concrete in flexure over the 
plate width throughout the whole experimental loading range under the closely spaced 
loads, but the sides of the beam experienced greater rotations than the sections in line 
with the plate once the rebars yielded. Up to 16 kN, Figure 8.29 confirms the correlation 
between the experimental and analytical neutral axis depths, an agreement that was lost 
when the steel yielded. The disagreement re-iterates the comment made in Chapter 4, 
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that the plate must be as wide as possible to minimise the section rotations, and it can 
now be said additionally that wide plates ensure a uniform distribution of rotations 
throughout the beam width. 
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Figure 8.29 Experimental and analytical neutral axis depths of beam AR 
8.2.6.3 Analysis of the plated 2.3m and 4.5m beams 
These larger beams were also analysed using this procedure, and it was additionally 
possible to compare the compressive strains at the top of the concrete with the 
experimentally recorded values; the previous I. Orn beams were not strain gauged on their 
top faces. Figures 8.30,8.31 and 8.32 show the plated flexural responses of the 2.3m 
beams, BI and B2. As reported in Chapter 4, beam BI was inadvertently pre-cracked 
before testing so the experimental deflection curve lies parallel to the analytical line 
based on the cracked section throughout much of the loading range. However, for the 
initially intact beam, B2, the deflections were well represented by the I MPa partially 
cracked section at low load, consistent with the I. Orn results. 
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Figure 8.30 Deflection responses of the CFRP plated 2.3m beams, BI and B2 
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Figure 8.31 Midspan plate strain responses of the CFRP plated 2.3m beams, BI and B2 
The experimental midspan plate strains of the originally intact beam, B2, initially 
followed the I MPa partially cracked section response, before shifting to the cracked 
section line, consistent with I. Om beam behaviour and probably due to the existence of a 
flexural crack in the locality of the midspan strain gauge. Despite the appropriateness of 
the cracked section in modelling the pre-yield plate strains, the yield load was consistent 
with a value of f, ,t 
between I NVa and the tensile strength of 2.6 MPa, as shown in 
Figure 8.31, reflecting the tension stiffening throughout the constant moment region. 
The flexural cracking in the pre-cracked member, BI, was located either side of the 
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midspan gauge position, so the midspan plate strain increased more gradually than would 
be expected for the cracked section. 
140 
120 
100 
80 
60 
40 
20 
0 
Figure 8.32 Concrete compressive strain responses of the 2.3m beam, BI 
Figure 8.32 shows the compressive strain variation at the top of the concrete, indicating 
the initial consistency of beam BI with the I MPa partially cracked section, before 
transferring to the analytical response for f. = ft due to the reduced rate of compressive 
straining which is consistent with the reduced plate strain rate beyond 20 kN, the load to 
which the beam was inadvertently pre-cracked. The experimental compressive 
behaviour of beam B2, omitted from Figure 8.32 for the sake of clarity, started on the 
partially cracked I MPa line before following the cracked section response, again 
consistent with the plate strain behaviour. 
As mentioned above, the tension stiffening effect of the rebars and plate caused beam B2 
to exhibit a yield load consistent with an f, As in the I. Orn value greater than I MPa 
beams, this tension stiffening behaviour is reflected in the high neutral axis depths which 
are shown in Figure 8.33. These experimental depths suggest that a value of f,, t greater 
than the tensile strength of the concrete is appropriate, not consistent with the lower fct 
values indicated by the midspan plate strains of Figure 8.3 1. The discrepancy is thought 
to be due to the measurement of demec strains over a large gauge length which included 
several flexural cracks and, therefore, several intact regions of concrete between cracks 
to which tensile load was transferred by the tension stiffening effect; the plate strains are 
influenced by cracks at and/or near the strain gauge position, whereas the demec strains 
are a global feature of the flexurally loaded region of the beam. 
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Figure 8.33 Experimental and analytical neutral axis depths of beam B2 
The same observation was made for the larger 4.5m beams. Their general analytical/ 
experimental comparisons were broadly similar to the 2.3m beam observations so the 
4.5m results are not shown. Also, the plate end strain responses were well modelled 
using f, = ft, as was found in Figure 8.24 (page 386) to be the case in the I. Om beams. ýt 
8.2.6.4 Comparison of the experimental and analytical characteristic loads 
Table 8.1 lists the analytical yield and ultimate loads of the I. Orn beams, indicating in 
brackets the percentages by which the analytical values were either above (+) or below 
,t values of 
0,1 and ft NIPa are shown. Table 8.2 shows the experimental values; the f, 
the corresponding results for the 2.3m and 4.5m beams. 
The analytical yield loads of the plated unanchored I -Om 
beams reflect the above 
observations that the bonded plate increased the measure of tension stiffening by various 
degrees. The majority of the I. Orn beams with plate end anchorage exhibited yield loads 
that were to be best predicted using f,, t values of between I and 2.5 MPa. However, 
beam A2bsupp., no adh. yielded at a load lower than that predicted even with the cracked 
section, reflecting the lack of composite action between the beam and the non-bonded 
plate, shown in Figure 4.31 (page 118). 
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Table 8.1 Analytical yield and ultimate capacities of the I. Om beams 
Beam 
0 
Yield load (kN9 
1 Z5 
Ultimate load (W) 
01 Z5 
Unplated beams 
A, VLa 14.8(+6) 16.8(+20) 19.6(+40) 16.3(4) 18.4(+S) 21.4(+26) 
A,, pLb 13.1(+6) 14.8(+19) 17.3(+40) 14A (+16) 16.2(+9) 18.9(+27) 
AunpLC 11.1(+6) 12.6(+20) 14.7(+40) 122(+16) 13.8(+10) 16.0(+28) 
Plated beams 
0.50 by 90mm plate 
Ala 21.0(-9) 22.9 (-OA) 25.7(+12) 49.5(+25) 50.2(+27) 51.3(+30) 
Alb 18.5(4) 20.2(-10) 22.7(+1) 43.7(+14) 44.3(+15) 45.3(+Ig) 
AlbO. 3mm 18.5(-8) 20.4(+2) 23.2(+16) 35.6(-14) 41.6(+1) 43.0(+4) 
Albsupp_ 18.5(-29) 20.2(-22) 22.7(-13) 43.7(-14) 44.3(-13) 45.3(-11) 
Alb, 
, I'm, 
18.5(+3) 20.2(+12) 22.7(+26) 43.7(+5) 44.3(+6) 45.3(+9) 
Albangles 18.5(-16) 20.2(-8) 22.7(+3) 43.7(+Il) 44.3(+12) 45.3(+15) 
Alc 15.8(-12) 17.2(-4) 19.3(+7) 37.1(-5) 37.7(-3) 38.5(-1) 
0.82 by 67rmn plate 
A2a/I 22.6(-13) 24.5(-6) 27.3(+5) 53.9(+48) 55.0(+51) 55.9(+53) 
A2a/2 22.6(-16) 24.5(-9) 273(+1) 53.9(+48) 55.0(+52) 55.9(+54) 
A2a/3 22.6(-2) 24.5(-9) 273(+1) 53.9(+68) 55.0(+72) 55.9(+75) 
A2asupp. 22.6(-2) 24.5(-9) 273(+1) 53.9(+3) 55.0(+5) 55.9(+6) 
A2b 19.9(-5) 21.6(+3) 24.1(+15) 47.6(+40) 48.5(+43) 49.3(+45) 
A2bGFRp 16.7(-7) 18.6(+3) 21.5(+19) 27.2(-18) 33.0(-0.5) 34.9(+5) 
A2bsupp_ 19.9(-10) 21.6(-2) 24.1(+10) 47.6(4) 48.5(-2) 493(-1) 
A2bsupp, no a& 19.9(+33) 21.6(+44) 24.1(+61) 
47.6(+39) 483(+41) 493(+44) 
A2bb, lts 19.9(-13) 21.6(-6) 24.1(+5) 47.6(+5) 48.5(+7) 49.3(+8) 
A2c/I 17.0(-Il) 18A (-3) 20.5(+8) 40.5(+17) 413(+20) 41.9(+21) 
A2c, 12 17.0(-15) 18A (-8) 203(+3) 403(+17) 413(+19) 41.9(+21) 
A2c., upp. 17.0(-15) 
18A (-8) 203(+3) 40.5(+Il) 41.3(+13) 41.9(+15) 
1.13 by 47mm plate 
Ma 22.5(-10) 24A (-2) 27.2(+9) 53.8(+69) 54A (+71) 55.3(+73) 
A3b 19.9(-5) 21.5(+2) 24.0(+14) 47.5(+34) 48.0(+35) 48.8(+37) 
A3b,, pp. 
19.9(-10) 21.5(-2) 24.0(+9) 47.5(+16) 48.0(+17) 48.8(+19) 
A3bb,, Wl 19.9(-0.5) 21.5(+8) 24.0(+20) 47.5(+4) 48.0(+5) 48.8(+7) 
A3bb,, W2 19.9(-10) 21.5(-2) 24.0(+9) 47.5(+10) 48.0(+Il) 48.8(+13) 
A3c 16.9(-6) 18.3(+2) 20A (+13) 40A (+31) 40.8(+33) 41.5(+35) 
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Table 8.2 Analytical yield and ultimate capacities of the 2.3m and 4.5m beams 
Beam 
0 
Yfeld load (M9 
1 Z6 
Ultimate load (kAq 
012.6 
Unplated beams 
BunpU2.3m 57.0(+9) 61.2(+17) 67.9(+29) 59.0(+7) 63.7(+16) 71.1(+29) 
BunpIJ2 bars/4.5m 30.5(+15) 33.2(+25) 37.4(+41) 31.6(+Il) 34.6(+21) 393(+38) 
Plated beams 
BI (2.3m beam) 75.8(+1) 79.9(+7) 86.0(+15) 120.5(+20) 122.0(+22) 124A (+24) 
B2 (2.3m beam) 75.8(-03) 79.9(+5) 86.0(+13) 120.5* 122.0 * 124A * 
B3 (4.5m beam) 40.9(-3) 43.5(+4) 47.6(+13) 69.3(+16) 703(+17) 71.9(+20) 
* Error not calculated since the experimental value is unrepresentative due to the use of the high speed video 
The majority of the analytical ultimate loads of the plated 1.0m beams were greater than 
the experimental values, reflecting the premature modes of beam failure characterised by 
plate separation in the experimental load tests. Beams Albo. 3min, Albsupp. 1 Alc, 
A2bGFRp and A2bsupp_ failed experimentally at greater loads than those predicted 
analytically with the cracked section, reflecting the reduced section rotations due to 
tension stiffening alone or to tension stiffening and the use of plate end anchorage. All 
the I. Om beams, except AlbUinm, failed analytically in concrete compression. 
However, using the cracked section, beam AlbO. Imm is predicted to have failed by plate 
tensile fracture, but the presence of a tensile concrete contribution in practice prevented 
the flexural section from reaching such a high rotation, giving way to plate separation 
instead. The I. Orn beams for which the cracked section ultimate load errors (in brackets) 
are small positive values, ie. beams Albclamps, A2a,,, pp., A2bb,, Its and A3bbolts/l, are 
those whose experimental failures are predicted to have fallen just short of full flexure by 
concrete compression. 
Table 8.2 shows that the 2.3m and 4.5m plated yield loads were to be well estimated 
using a value of f,, t between 0 and I NTa, lower than in the smaller I-Om beams. 
Therefore, although the neutral axis depths in Figure 8.33 (page 393) suggest an fct value 
of over 2.6 NTa at 64 kN, this would have been found to reduce to lower than I NTa if 
the demec readings had been taken as far as yield and beyond. The fact that the 
appropriate fc-t value is lower in the larger beams suggests the addition of the plate was 
less influential in raising the tension stiffening over and above that due to the internal 
rebars alone. This is consistent with the finding of Chapter 4 that the plate raised the 
flexural rigidity by a smaller proportion of the unplated value in the deeper beams, as 
shown by the relatively low strengthening values in Table 4.16 (page 154). Using the 
cracked section, the 4.5m beam, B3, was predicted to fail in concrete compression at a 
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load of 69.3 W, shown in Table 8.2 to be 16% greater than the experimental failure load. 
The mode of failure of this long beam was plate separation initiated at the location of a 
relatively wide crack near a loading point, as shown in Figures 4.14 (page 85), 4.15 
(page 87), 4.16 (page 87) and 4.17 (page 88), and the 16% error (which was the lowest of 
the plated 2.3m and 4.5m beams) suggests this mode was almost fully flexural. 
8.2.6.5 The influence of the plate modulus and cross sectional area 
The analytical procedure was used to conduct a parametric study of the influence of the 
plate modulus and cross sectional area. Figures 8.34a, b and c show the failure diagrams 
for plate materials with three different moduli of elasticity, Ep; these materials are the 
GFRP and CFRP used in the load tests of Chaper 4 and characterised in Chapter 3 (Table 
3.4 (page 35)), and a steel plate which is used for comparison. The diagrams show the 
relationships between the steel area ratio, A, /bh, and the plate area ratio, Ap/bh, to cause 
three different flexural failure modes, as described below; A. and Ap are the areas of the 
tensile rebars and plate, respectively, and b and h are the beam width and depth, 
respectively. The area ratios are based on a varying thickness of plate occupying the full 
beam width, and a variable area of rebars lying at the experimentally used effective 
depth; the cracked section is assumed. 
Each failure diagram in Figure 8.34 shows two boundaries which define three failure 
modes. As the legend of Figure 8.34b shows, the area nearest the origin represents 
combinations of As/bh and Ap/bh that will cause rebar yield followed by the tensile 
fracture of the composite plate before concrete compressive failure, which is taken to 
occur at a maximum strain of 0.0035. The next area represents rebar yield followed by 
concrete compressive failure without plate tensile failure, while the third region, which 
has no upper boundary, encompasses the rebar and plate area ratios corresponding to the 
over-reinforced mode of concrete compression failure. Ibe boundary lines themselves 
represent balanced failure modes; for example, the line between regions I and 2 
represents the simultaneous tensile fracture of the plate and the compressive failure of 
the concrete. In the case of the steel plated beam of Figure 8.34c, plate failure is taken as 
yield of the steel; since the plate is located at a greater lever arm than the rebars, region I 
represents plate failure followed by rebar yield, rather than the reverse which is 
characteristic (analytically) of the composite plated beams. The occurrence of steel plate 
yield as the first failure event is encouraged by the low yield strain, caused by the low 
yield stress and the relatively high modulus of elasticity. 
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Figure 8.34 Failure diagrams for various plate material types in the I. Om beams 
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Comparing the diagrams for the composite plated beams, Figures 8.34a and b, it is seen 
that the increase in the plate modulus caused region I to grow and region 2 to shrink. 
The enlargement of region I reflects the need for a greater quantity of plate material to 
prevent its tensile failure, a requirement caused by the reduced ultimate strain of the 
stiffer CFRP plate. The reduction of region 2 indicates that, at any steel area ratio, less 
plate material is required to cause the over-reinforced compressive failure of the 
concrete, a reflection of the lowered neutral axis level with the higher modulus plate. 
The large area of the GFRP plated region 2 reflects the difficulty of achieving plate 
fracture with such a plate material, due to the high section rotations associated with the 
low plate stiffness. Consequently, to achieve plate fracture, the total tensile 
reinforcement must be reduced considerably to allow sufficient strain to be generated in 
the plate. The experimental point of the GFRP plated beam lies at a value of As/bh 
greater than the intercept of the region 1/2 boundary on the vertical axis suggesting, with 
the area of rebars used, that the beam would never have failed by plate tensile fracture, 
no matter how small a plate area was bonded. 
The intercept on the vertical axis of the region 2/3 boundary, in the composite plated 
cases, remained unchanged as the plate modulus rose; this was to be expected since this 
intercept represents the failure of the unplated section. For the steel plated beam, this 
intercept was for the region 1/2 boundary since rebar yield occurs after the initial mode 
of plate yield. The steel plated region 2 is large because the lever arm to the plate is high, 
so a great deal of plate material is required to reduce its strain down to the yield value 
when the maximum concrete compressive strain is 0.0035. 
As mentioned above, the experimental point for the GFRP plated beam lay within the 
region representing rebar yield followed by concrete compression failure, consistent with 
the primary failure mode recorded experimentally. The CFRP experimental point lay 
almost on the boundary between regions I and 2, suggesting the flexural failure would 
have been nearly the balanced mode of plate fracture/concrete compression if the 
premature plate separation had not occurred experimentally. 
Similar failure diagrams may be drawn for the 2.3m and 4.5m beams, as shown in 
Figures 8.35 and 8.36, indicating the experimental proximity of these plated members to 
their fully flexural modes of failure. As in the I. Orn beams, the 2.3m and 4.5m beams 
were internally and externally reinforced such that their flexural failures would have 
been in concrete compression, but the experimental points again lay very near the plate 
fracture boundary based on the cracked section. Although not shown, it is found that the 
boundaries move towards the origin as the value of f, ,t 
increases, making the plate 
fracture form of flexural failure less likely. As noted above, the particular mode of plate 
separation of the 4.5m beam, B3, rendered its failure almost fully flexural, and the 
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proximity of the experimental point to the plate fracture boundary in Figure 8.36 
confirms the failure would have been nearly balanced if plate separation had not 
occurred. 
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Figure 8.36 Failure diagram for the 4.5m beam, B3 
it was suggested in Chapter 4 that the mode of plate separation exhibited by the 4.5m 
beam would be prevalent under greater shear span/depth ratios, unless the combination 
of internal and external reinforcement areas was sufficiently low to permit the tensile 
fracture of the plate at an applied moment lower than that associated with the soff it level 
moment couple depicted in Figure 4.46 (page 139). f] It can now be con irmed from 
Figure 8.36 that the rebar and plate areas, for the particular moduli applicable, were too 
high to allow plate fracture, so the applied moment corresponding to the critical soffit 
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level moment couple was reached first, causing the plate separation. 
The above failure diagrams show, then, that the mode of flexural failure changes from 
the under-reinforced form of plate fracture to the over-reinforced mode of concrete 
crushing as the cross sectional areas of the rebars and plate become greater. As would be 
expected, the predicted ultimate capacity increases as the plate area rises, but the rate of 
increase, with respect to plate area, becomes lower when the failure mode changes from 
plate tension to concrete compression with a CFRP plate; this is shown in Figure 8.37 
which represents the 0.82mm thick CFRP plate and the 0.64mm GFRP plate of the I. Orn 
beams, assuming the cracked section. The plate area in the Figure is taken as the 
appropriate thickness multiplied by an increasing width up to a maximum equal to the 
full beam width. The curve for the GFRP plate exhibits no dramatic change in slope 
since the failure is in concrete compression even at very small plate areas, consistent 
with the location of the experimental point in Figure 8.34 (page 397). The reduction in 
slope with the CFRP plate shows that increasing the plate area has less influence on the 
ultimate flexural capacity when the concrete fails in compression, consistent with the 
finding of Jones el al (1982) that over-reinforced beams are strengthened less than 
under-reinforced members. 
The improvement in ultimate capacity over the basic unplated section is much smaller 
with the GFRP plate than the CFRP material, partly due to the smaller cross sectional 
area but mainly due to the far lower modulus of elasticity. 
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Figure 8.37 Proportional ultimate capacities of the I. Om beams as a function of CFRP 
and GFRP plate area 
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Considering the instant of internal rebar yield, a flexural point in the loading range 
unaffected by plate separation effects, it was found in Table 4.16 (page 154) that the 
strengthening to yield of the 2.3m beams was lower than for the I. Orn beams, for which 
strengthening values were listed in Table 4.3 (page 92). This was noted to be due to the 
smaller lever arm of the plate in the I. Om beams and their greater plate area ratios. At 
the ultimate limit state, if this were to be achieved flexurally rather than by plate 
separation, the strengthening is again smaller in the larger beams, as shown in Figure 
8.38. This Figure represents the CFRP pultrusion used experimentally in beams BI and 
B2, plus the GFRP plate used in the I. Orn beams; the latter was not used for the 2.3m 
beams but is shown for comparison. 
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Figure 8.38 Proportional ultimate capacities of the 2.3m beams as a function of CFRP 
and GFRP plate area 
The Figure shows that, if the CFRP plate covered the full beam width, an improvement 
in the ultimate flexural capacity of 124% would be expected, this being reached by 
concrete compressive failure, while the much greater improvement of 281% would be 
expected with a full width CFRP plate in the I. Orn beams, as shown in Figure 8.37. The 
curve for the GFRP plate in Figure 8.38 shows no sudden change in slope, reflecting the 
fact that even the large lever arm of the 2.3m beams would have been insufficient to 
cause the tensile fracture of the plate in the absence of premature plate separation. 
8.2.6.6 Ultimate capacities derived from the BS 8110 concrete stress block 
The above analytical work is based solely on the parabolic concrete stress block of 
Figure 8.1 (page 367), a form which is easily applied once set up in a spreadsheet but 
which is not suitable for rapid hand calculations in design. BS 8110, Part 1 (1985) 
requires the use of a rectangular stress block to represent the ultimate limit state, 
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equivalent to that shown in Figure 8.39, applicable to cases in which the concrete above 
the neutral axis fails in compression. For a plated beam, the rectangular stress block may 
be used for cases in which concrete compressive failure precedes plate tensile fracture. 
The cracked section is assumed in the calculations. Concrete compressive failure 
typically occurs after yield of the internal tensile rebars which are taken to be elastic- 
perfectly plastic; the plate strain is below its ultimate tensile value. 
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f, ' = E,. c, ' 
x 
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Bottom steel -f =f 
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\a-- 
Composite plate - fp = Ep. cp 
Figure 8.39 Section strains and stresses using the equivalent rectangular concrete stress 
block 
Using similar triangles in the strain distribution, 
F, $' = 
0.0035 - 
(x d') 
. -.. Eqn 8.5 
and 
(d - x) ep = 0.0035 --x..... Eqn 8.6 
From the equilibrium of the internal axial forces, 
fý, - AV +fv - A, 
..... Eqn 8.7 0.6 -f -b +fs'- As 
where Ap, A. and A, ' are the areas of the plate, bottom rebars and top rebars, respectively. 
The neutral axis depth, x, can now be solved by substituting equations 8.5 and 8.6 into 
equation 8.7, given thatfp = Epxp andf, '= Ec.,,. This produces the following quadratic 
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expression: 
0.6feubx2-x(fyAs-0.0035(EpAp+EsA. s')-0.0035(EpApdp+EsAs'd')=O . -Eqn8.8 
Having found the neutral axis depth from equation 8.8, the section stresses and, 
therefore, forces are calculated, allowing moments to be taken about the neutral axis to 
find the total internal moment couple; the applied load is found from the loading 
configuration. 
The ultimate capacities based on the rectangular and parabolic stress blocks are listed in 
Table 8.3 for the 2.3m and 4.5m beams which were found to fail analytically in concrete 
compression using the parabolic stress block; the values based on the rectangular stress 
block are lower than the parabolic values by the amount shown. 
Table 8.3 Comparison of ultimate capacities using the two forms of stress block 
Beam Ulzimate load (kAg 
Parabolic Rectangular Difference r1q) 
Unplated beams 
BunpL/13m 59.0 58.4 Lu 
BunpIJ2 bars/4.5m 31.6 31.4 0.6 
Plated beams 
BI (2.3m beam) 120.5 115.6 4.1 
B3 (4.5m beam) 68.6 66.5 3.1 
The small differences between the parabolic and rectangular values confirm the 
suitability of the rectangular stress block in representing the parabolic form when the 
maximum concrete strain is 0.0035. The small differences also confirm the validity of 
the above failure diagrams in which the experimental points lie within region 2 
representing concrete compression failure. The differences are greater for the plated 
beams since the differences in the internal moment couple due to the compressive 
concrete were higher for these beams. These couples are listed in Table 8.4 for each 
stress block, from which differences of 0.2% and 2.6% are found for the 2.3m and 4.5m 
unplated members, respectively, while the corresponding plated differences are 4.7% in 
each case. The I. Orn beams gave a similar analytical comparison of stress blocks. 
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Table 8.4 Axial concrete section properties using each form of stress block 
Beam Parabolic Rectangular 
NIA depth Cone. Conc. NIA depth Conc. Cone. 
(mm) force (W man (kVm) (mm) force (W mom. (kNm) 
Unplated 
BunpL/2.3m 31.7 114.6 2.10 33A 122.6 2.05 
BunpIJ2 bars/4.5m 28.7 115.7 1.92 30.2 123.6 1.97 
Plated 
BI (2.3m beam) 60.3 217.8 7.59 62.8 230.3 7.23 
B3 (4.5m beam) 56A 227.1 7AO 58.7 240.0 7.05 
Table 8.4 shows the neutral axis depth is lower when the parabolic stress block is used, 
causing a lower stress block area (ie. concrete force), but the centroid lies further from 
the neutral axis in the parabolic stress block, causing the higher internal moment couples. 
8.2.7 Results and discussion of the prestressed analyses 
8.2.7.1 Introduction 
The load testing of the prestressed beams was analysed using the same parabolic stress 
block as above, and concrete compressive failure was again taken to occur at a maximum 
strain of 0.0035. The prestressed analyses consisted of the following two stages: 
estimating the section rotation due to the transfer of the plate prestress into the 
concrete, and 
predicting the section rotations, forces, moments and, therefore, applied loads for the 
subsequent loading range after prestress transfer. 
The second stage was conducted in the same manner as for the non-prestressed beams - 
ie. applying a given increment of compressive strain to the top face of the concrete and 
finding the corresponding applied load by iterating the neutral axis depth. The total 
section strains, required for finding the internal moment couples and, consequently, the 
neutral axis depth, were taken as the sum of the strains associated with the incremental 
rotation and the strains immediately after prestress transfer. 
It was found, for beam P50/1/1.0m in Chapter 5, that applying a compressive axial 
prestress to the concrete, in addition to the tensile plate prestress, had no detectable effect 
on the subsequent load-deflection or load-plate strain behaviour, suggesting that a 
compressive beam prestress is unnecessary. This finding was to be confirmed using the 
present analytical method, so the analysis of the immediate elastic prestress loss is 
presented in two parts, outlined in sections 8.2.7.2 and 8.2.7.3 below-, the first considers 
prestress losses without a compressive axial force, while the second includes beam 
precompression. 
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8.2.7.2 Analysis of prestress loss without beam precompression 
The system of stresses established in the concrete due to plate prestress transfer was 
shown in Figure 5.3 (page 193), in which the prestress action was represented as the 
superposition of an axial compression plus a bending moment. It is presently assumed 
that the beam is being prestressed in its upright configuration so the self weight is 
included in the analysis but, as will be shown, can be removed to consider the upside 
down configuration adopted experimentally. Figure 8.40 shows the distribution of 
section stresses due to prestress transfer with the self weight included. 
K,,, U. (h-c) P 
A 
xv The stresses shown are magnitudes since 
no sign convention is assumed 
P +P. e. (h-c)_-K, lf. (h-c) = fbt 
AII 
Figure 8.40 Section stress distribution due to prestress transfer 
The terms in Figure 8.40 are defined as follows: 
P plate tensile force after prestress transfer; 
e eccentricity of plate tension from bewn centroid; 
c centroid depth from top of beam; 
I second moment of area of unplated beam section; 
Mself maximum bending moment due to self weight; 
h outside depth of bewn; 
cross sectional area of transfonned unplated beam section; 
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fbot compressive stress at beam soffit level after prestress transfer. 
It was confkmed in Chapter 5 (Figure 5.17 (page 220)) that the prestress loss in the plate 
is strain compatible with the section rotation of the beam; it is assumed in the present 
analysis that the strain due to the prestress loss in the plate is equal in magnitude to the 
compressive strain at soffit level, fbt, analogous to the calculation of prestress loss in 
conventional prestressed concrete for which the tendon prestrain loss is taken as equal to 
the concrete compressive strain at tendon level. Therefore, 
-Lbot 
5fl2l 
31 -.. Eqn 8.9 Ec Ep, 
where E,, is the elastic modulus of the concrete, Up, is the plate prestress loss and Ep, is 
the modulus of the plate. As shown in Figure 8.40, fbot is given by 
Abot '-- 
f +P -e- (h-C) _Vself' 
(h-C) 
AII 
Substituting equation 8.10 into equation 8.9, 
PP-e- (h - c) 
M,, If - (h - c) 8fl, 
A -Ec '-Ec I-Ec Ep, 
where 
(f, - Bf, )-A PI PI PI 
Eqn 8.10 
Eqn 8.11 
. -.. Eqn 8.12 
in which fp, is the initial plate prestress (before transfer) and Ap, is the plate cross 
sectional area. Substituting equation 8.12 into equation 8.11, the prestress loss is found 
as 
Prl + 
AW e- (h Mse If * (h - C) 
pEI-E, I-E, 
c 
pi Ap, *e -_ (h - c) ... -Eqn 
8.13 
Pvl 
++ 
E,, I- Ec Ep, 
where pp, is the area ratio of the bonded composite plate, ApI/A. The Kelf term in the 
numerator is taken as zero if the beam is prestressed upside down, as was done 
experimentally. 
After prestress transfer, the sum of the internal axial forces must balance the value of P, 
the remaining active prestress, and the total internal moment couple must balance the 
moment applied by the force, P, about the neutral axis. By calculation of forces and 
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moments based on the above prestress loss, equilibrium is indeed found to be 
maintained. In practice, the experimental beams of Chapter 5 were found to become 
cracked due to the prestress transfer, as shown for the 4.5m beams in Figure 5.18 (page 
220), so it would be necessary to analyse for this cracking in the present method. 
Equation 8.13 is based on the assumption that the concrete above the neutral axis does 
not crack during transfer, so the resultant prestress loss is lower than recorded in 
practice, as will be shown. If the concrete above the neutral axis is taken to be cracked, 
only the top rebars support the tensile component of the internal moment couple and, 
consequently, the prestress loss cannot be found using the above direct procedure. 
instead, the centroid depth must be iterated to find the value that results in the 
equilibrium of axial forces. If this is done, the internal and external moment couples are 
found to be out of balance when the forces are in balance, but the imbalance is small 
compared with each of the couples. 
8.2.7.3 Analysis of prestress loss with beam precompression 
As in the case of an initially uncompressed beam, the prestress loss with precompression 
may be estimated for the uncracked and the cracked section. Assuming an uncracked 
section, equation 8.10 still applies, but the change in compressive stress at soffit level is 
given by 
fbot -fconc 
= 
5f, 1 1.01 
. -.. Eqn 8.14 Ec Epl 
rather than equation 8.9, f.., being the initial uniform precompression throughout the 
concrete section. As before, equation 8.12 is substituted into equation 8.10 and this is 
then substituted into equation 8.14 to give the prestress loss as follows: 
f p,,, +AP, -e- 
(h : L)j 
-Leonc - 
"self * (h - C) 
P, Ec I- Ec 
) 
Ec I-Ec 
lfp 
pp, 
+, 
4,,, -e- (h - c) +1 
:1..... Eqn 8.15 
Ec I-Ec Ep, 
which is the same as equation 8.13 except for the additional numerator term in fco,,,. It 
can be seen, therefore, that the precompression of the beam will cause a lower prestress 
loss than without precompression, resulting in a higher value of P, the residual prestress, 
and correspondingly greater stresses at the top and bottom of the section - ie. cracking 
above the neutral axis will become more likely if the beam is precompressed. 
In the following analysis results, the prestress losses were obtained without the self 
weight term since the beams were experimentally Prestressed upside down, but the plate 
strain immediately before load testing was based on a loss that included the self weight. 
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8.2.7.4 Comparison of analytical and experimental prestress losses 
Table 8.5 lists the experimental and analytical prestress losses based on the uncracked 
and cracked sections; beam precompression was included for beam P50/1/1.0m, and beam 
P50/3/1.0m is omitted since its plate split during the tensioning operation so the 
experimental prestress loss is unknown. Considering first the I. Om beams with the 
nominal 25% prestress, Table 8.5 shows that the prestress loss would be best represented 
by a partially cracked section above the neutral axis, the uncracked section having 
underestimated the prestress loss and the cracked section having overestimated the loss. 
However, under the greater 50*/o prestress, the loss was underestimated using both the 
uncracked and the cracked sections. 
Table 8.5 Experimental and analytical prestress losses in the prestressed beams 
Beam Experimental Analytical (microstrain) Analytical error (106) 
(microstrain) 
Uncracked Cmcked Uncracked Cracked 
LOM 
P25/1/1-0m 238 200 310 -16 +30 
P25/2/1.0m 240 201 313 -16 +30 
P25/3/1.0m 210 178 276 -15 +31 
P501vi. om 1094 257 399 -77 -64 
P5012/1.0in 1045 385 598 -63 -43 
2.3m and 4-5m 
P40/7-3m 251 192 309 -24 +23 
P40/lieavy 309 194 313 -37 +1 
P25/2 bars/4-5ra 154 114 189 -26 +23 
P25/3 bars/4-5m 157 109 179 -31 +14 
P4013 bars/4.5m 348 142 235 -59 -32 
PSO/3 bars/4.5m 392 195 322 -50 -18 
The experimental prestress losses in the 2.3m and 4.5m beams lay between the analytical 
values, except in the nominal 40% and 50% prestressed 4.5m beams for which the loss 
was again underestimated even with the cracked section. It is thought the 
underestimation, with the cracked section, was due to the estimated neutral axis depth 
being lower in the section (ie. nearer the plate) than was the case experimentally; for 
example, the neutral axis depth of the 4.5m beam with 3 rebars and the 46.6% prestress 
is predicted to be 155mm, but the actual depth from Figure 5.41 (page 262) was only 
113mm. Asa result of the analytically low neutral axis, the external moment couple due 
to the plate was lower than the internal couple of the beam section when the axial forces 
were in equilibrium; the out-of-balance moment was 8.1% of the internal couple in the 
I. Om beams and 8.9% in the 2-3m and 4.5m beams. These small out-of-balance 
proportions were the basis for accepting the cracked section approach as a method of 
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estimating the prestress losses. However, the consequence was that the concrete strain at 
the bottom of the section was underestimated, and the top strain was overestimated, as 
shown in Figure 8.41 for the 4.5m beam with the 46.6% prestress. 
Crackcd analytical 
-50 -L 
-0.0006 -0.0004 -0.0002 0 0.0002 
Strain 
0.0004 0.0006 0.0008 
Figure 8.41 Comparison of experimental and analytical concrete strains after prestress 
transfer in beam P50/3 bars/4.5m 
The analytical distribution in Figure 8.41 has two implications; firstly, the residual plate 
prestress after transfer is greater than the experimental value and, secondly, the change in 
the strain at the top face of the beam, to achieve concrete cracking and rebar yield below 
the neutral axis, is greater than the experimental value. It will be shown below that these 
features cause the analytical response, during the subsequent load testing, to be stiffer 
than the experimental behaviour. 
8.2.7.5 Comparison of analytical and experimental responses to applied load 
The experimental work of Chapter 5 confirmed that initially plane cross sections remain 
plane, so the assumption of a linear strain distribution was made in the present analyses. 
Also, the other assumptions listed in section 8.2.3 (page 365) were adopted in the 
prestressed analyses. 
Figure 8.42 compares the increments of midspan plate strain for the nominally 25% 
prestressed I. Om beam, P25/1/1.0m, the concrete above the neutral axis was considered to 
remain uncracked in determining the transfer strains. The Figure shows the same 
characteristics exhibited by the non-prestressed beams - ie. the concrete cracking load 
was best represented using f,, t = ft and f,,, t =I MPa gave the best approximation of the 
yield load. As the applied load progressed further into the loading range beyond yield, 
the experimental response shifted towards the curve representing the cracked section. As 
in the non-prestressed I. Om beams, the flexural failure mode predicted analytically was 
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steel yield followed by concrete crushing, the actual prestress of 23.5% having been 
insufficient to bring about plate tensile fracture. The experimental maximum load was 
lower than the analytical values, as would be expected due to the premature plate 
separation that occurred experimentally. 
Figure 8.42 Midspan plate strain responses of the 25% prestressed beam, P25/1/1.0m 
The main difference between the ft =0 MPa curve in Figure 8.42 and in the above 
Figures for the non-prestressed beams is that a change in slope occurs at around 10 kN in 
the prestressed casel- the reason for this will be explained below in terms of the neutral 
axis position. 
The variation of the neutral axis depth is shown in Figure 8.43. Two forms of depth are 
represented, the actual depth and the apparent depth. As the name suggests, the actual 
depth is the true position of the neutral axis, while the apparent depth is that associated 
with the increments of section rotation during the load testing of the beam after prestress 
transfer. Consequently, the depth determined experimentally, from the demec 
measurements, is the apparent value rather than the actual depth. Figure 8.43 omits the 
results for f, =2 't .5 
MPa for the sake of clarity, these curves having been of similar 
general form to those shown. Although not seen clearly in the Figure, the apparent 
neutral axis depth varied in the same 'stepped' fashion as in the non-prestressed beams. 
The actual depth, however, shifted from its level of 34mm immediately after transfer 
(stage I in Figure 8.44) to a position outside the extremes of the beam, the negative sense 
indicating the location of the neutral axis above the top of the beam (stage 2). The 
neutral axis occurred above the beam since both the top and bottom faces of the concrete 
were in compression, the strain magnitude at the bottom having been greater than at the 
top due to the initial prestress. 
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Figure 8.43 Experimental and analytical neutral axis depths of beam P2)5/I/I. Om 
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Figure 8.44 Section strain variation throughout the loading range of a prestressed beam 
When the top compressive strain became greater than the bottom, due to the further 
rotation of the section, the neutral axis shifted abruptly to a position below the beam 
(stage 3), marked in Figure 8.43 by the sudden rise to above 150mm. However, between 
these two states, when the compressive strain at the top of the beam was equal to the 
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value at the bottom, there was no neutral axis so the actual position lay at an infinite 
distance above the beam before shifting to its location below the beam; consequently, no 
analysis solution could be found, as indicated in Figure 8.43 by the asymptotic variation 
of the neutral axis depth. The location of the neutral axis above the top of the beam and 
below the bottom was deduced for beam P50/3 bars/4.5m by the locations at the applied 
loads of 8 kN and 16 kN in Figure 5.41 (page 262). 
As explained previously for the analysis of non-prestressed beams, the first step was to 
find the value of the strain at the top face of the beam when the tensile concrete stress at 
rebar level was equal to the chosen value of f,, t, and this strain was then split into a 
desired number of smaller increments which would be used to deter-mine the function of 
load against deformation. Since this strain value at the top face was greater for ft =I 
NVa than for ft =0 NTa, the individual increments were also greater for the partially 
cracked section and, therefore, the actual neutral axis depth was greater in magnitude for 
each increment. The greater magnitude for ft =I Wa is shown in Figure 8.43 to the 
left of the asymptote. The curve marked 'neutral axis variation' is the locus of all such 
depths above the top of the beam. 
The continued rotation of the section, at loads to the right of the asymptote, caused the 
gradual rise of the neutral axis through the beam, such that the actual and apparent depths 
became approximately equal. Ile excellent correlation of the experimental and 
analytical apparent depths is seen in Figure 8.43, confirming the suitability of this 
analytical method for estimating the section rotations at this prestress level. 
During the subsequent loading of the beam after prestress transfer and before the value 
of ft is reached at bottom rebar level (stages 2 and 3 in Figure 8.44), the whole of the 
concrete section is effective in sustaining increasing stress as the load rises. However, 
when ft is reached, the concrete below the neutral axis sustains no additional stress 
beyond its current maximum of ft. This abrupt loss of a rising tensile concrete 
contribution caused the first change in slope of the curves in Figure 8.42 (page 410), 
even with the cracked section for which the concrete stress rose to its critical value of ft 
=0 NTa at rebar level. 
The comparison of the analytical responses obtained using the uncracked and cracked 
sections above the neutral axis is shown in Figure 8.45 for the present 25% prestressed 
I. Om beam; only the cracked section, during the subsequent load testing after prestress 
transfer, is represented. It is seen that the analytical response of the section which cracks 
during prestress transfer is initially less stiff than that of the intact section, due to the 
greater transfer rotation of the cracked section. The difference in the responses is 
negligible after yield when the section rotations under applied load are large compared 
with the initial transfer rotation. A similar comparison of the intact and cracked section 
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responses was found for other prestress levels also. 
Figure 8.45 Midspan plate strain responses of the 25% prestressed beam, P25/1/1.0m, 
with and without concrete cracking above the neutral axis 
Figure 8.46 shows the experimental and analytical plate strain responses of the 
nominally 50% prestressed beam, P50/1/1.0m, for which the prestress loss was analytically 
underestimated. The analytical response, which is shown for the cracked section only 
0 M[Pa), assumes the concrete cracked above the neutral axis during prestress 
transfer. This beam was precompressed experimentally to a load equal to the initial plate 
prestress before transfer. The axial stress, fconc, due to this precompression was 3.8 MPa 
and, by inspection of equation 8.15 (page 407), it is found that the influence of this small 
stress is negligible, such that the plate prestress loss was 44.2 Mpa with and without 
precompression. The Figure shows the cracked section response to be stiffer than the 
experimental behaviour; the concrete cracking load was estimated reasonably well, 
contrary to the non-prestressed cases in which the cracking load was best predicted using 
f, t = ft. As mentioned earlier, the excessive analytical stiffness was due to the prestress 
loss having been too low, causing a greater moment couple due to the plate throughout 
the loading range. As a result, the analytical apparent neutral axis depths were greater 
than the experimental values by a greater error than in the 25% case, as shown in Figure 
8.47 which presents the results based on ft =0 MPa. The experimental and analytical 
depths are both greater for the higher prestress, as would be expected. 
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Figure 8.46 Midspan plate strain responses of the 50% prestressed beam, P50/1/1.0m 
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Figure 8.47 Neutral axis depths of beams P25/1/1.0m and P50/1/1.0m 
Therefore, Figures 8.43 and 8.47 show that the neutral axis depth is reasonably well 
represented using the cracked section (fct =0 MPa), indicating no measure of tension 
stiffening. This is in contrast to the non-prestressed behaviour in which the experimental 
neutral axis depths corresponded to relatively high values of fct. The reason for the 
difference is that the concrete below the neutral axis is initially in compression when the 
plate is prestressed so the concrete assists the applied load in overcoming the moment 
couple due to the plate, rather than assisting the plate by carrying tensile stress between 
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cracks. When the concrete does eventually crack at the elevated cracking load 
characteristic of prestressed beams, the neutral axis depth continues to decrease with 
further applied load, so no tension stiffening behaviour is suggested by the neutral axis 
depths at any stage of the loading range. 
Table 8.5 (page 408) shows the prestress loss to have been well estimated for the 2.3m 
beam with the nominal 40% prestress, beam P40/Hea, and, as a consequence, the 
subsequent plate strain and deflection responses to applied load lay within the analytical 
bounds, as shown in Figures 8.48 and 8.49, respectively. Both Figures show the concrete 
cracking load to have been best predicted using f, = ft, after which the experimental 
response shifted towards the ft =0 MPa curve, as in the non-prestressed members. 
Figure 8.48 shows that the experimental yield load of 120 kN was best predicted using f,, t 
= ft, reflecting the tension stiffening effect which was clearly present but, as noted above, 
not indicated in the neutral axis depths. The equality of the post-yield experimental and 
analytical slopes confirms the average tensile stress of fct = f, at rebar level to be 
appropriate in this region of the loading range. The overestimation of the maximum 
plate strain and deflection, using the cracked section (fct =0 MPa), would be a desirable 
error in the flexural design of such prestressed members. 
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Figure 8.48 Midspan plate strain responses of the 40% prestressed beam, P40/11eavv 
As in the I. Orn beams, the neutral axis levels of this 2.3m beam were predicted with least 
error using the cracked section. Figure 8.50 shows the analytical depths based on fct =0 
MPa; the depths using fct =I MPa and fct = ft were greater in magnitude. As in the I. Om 
beams, the neutral axis depths did not reflect the tension stiffening behaviour of the 
rebars and plate combined. The comparison of the experimental and analytical results 
for the 4.5m beams, not shown here, was similar to that shown for this 2.3m beam. 
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Figure 8.50 Experimental and analytical neutral axis depths of beam P40/Heavy 
8.2.7.6 Comparison of the experimental and analytical characteristic loads 
The experimental and analytical yield and ultimate loads are listed in Table 8.6 for the 
prestressed beams, with the percentage errors shown in brackets, beam P50/3/1. OM IS 
omitted since its plate split during the prestressing so the initial tension was unknown. 
The majority of the yield loads were best predicted using f,, t =0 MPa or I Mpa, although 
the inevitable variability between the experimental beams prevented this being the case 
for all members. For example, beams P25/1/1. ()m and P25/2/1.0m were associated with the 
lowest yield errors using ft =I NWa and 0 MPa, respectively, while beam P25/3/1.0m Was 
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,t= 
ft. best represented at yield using f. 
Table 8.6 Analytical yield and ultimate capacities of the Prestressed beams 
Beam 
0 
Yield load (W) 
1 A 
Ultimate load 
01 A 
1.0m beams 
P25/1/1-01n 30.5(-8) 32.1(-2) 34A (+4) 53.2(+7) 53.8(+8) 54.7(+10) 
P25/211. Om 1 30.6(-1) 32.2(+4) 34.5(+Il) 53.2 53.8 54.7 
P25/3/1-Oin 29A (-14) 31.0(-9) 33.3(-2) 52.6 53.2 54.1 
P501vi. om 40.9(-5) 42A (-1) 44.6(+4) 53.5(+6) 55.0(+9) 57.1(+13) 
P5012/1.0m 40.0(-7) 41.5(-3) 43.7(-2) 53.5 55.0 57.1 
7-3m beams 
P40/2.3m 2 102.6 106.5 112A 127.1 130.8 136.4 
P40/Heavy 103.7(-14) 107.7(-10) 113.9(-5) 129.6(-1) 133.7(+2) 140.2(+7) 
P25/2 bars/4.5m 50.9 (-6) 53A (-1) 57.3(+6) 70.2(+10) 72.6(+14) 76.3(+20) 
P25/3 bars/4.5m 64.6(+2) 66.9(+6) 70.5(+12) 82.1(+16) 83.2(+Ig) 95.1(+21) 
P4W3 bars/4.5m 67.5(+5) 69.8(+9) 73.3(+15) 82.9(+14) 85.0(+17) 96.9(+19) 
P50/3 bars/4.5m 72.0(+6) 74.2(+9) 77.7(+14) 82.8(+8) 84.9(+Il) 98.2(+15) 
I Ultirrmtc load cirors not shown since the bcam failed um-epresentatively aftcr yield 
2 Errors not shown since the beam failed unrepresentatively before yield 
The ultimate loads of all the prestressed beams were best predicted analytically using the 
cracked section (f,, t =0 NTa). The lowest analytical ultimate load of the nominally 25% 
prestressed I. Orn beam, P25/l/I. Q,,,, is greater than the experimental value due to the 
premature plate separation experienced by this member, the prestress having been 
insufficient to bring about a flexural form of failure; the analytical failure mode was 
concrete crushing at the nominal 25% prestress in the 1. Gm beams. A flexural failure 
was experienced in the form of plate tensile fracture by beam P50/1/1.0m, although the 
cracked section still overestimated the maximum load by 6%. Figure 8.47 (page 414) 
shows close agreement between the analytical and experimental apparent neutral axis 
depths, using the cracked section, at the load of 40 W, the maximum at which demec 
readings were taken. Assuming this close correlation of the neutral axis shift to have 
continued to failure, the discrepancy in the ultimate load is attributed to the possibility of 
the plate properties having been different from the average stain and modulus assumed. 
Those prestressed plates of the 2.3m and 4.5m beams that failed in tension did so along 
their edges first, thought to have been due to the severing of edge fibres when the plates 
were sawn to their 90mm width. As a consequence, the plates did not reach their full 
ultimate tensile strains, so the ultimate capacities are lower than the analytical values 
which also correspond to plate fracture. This is shown in Table 8.6 by the positive 
ultimate load errors, using the cracked section, for beams P40/3 bars/4-5m and P50/3 bars/ 
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4.5m, in both of which the primary mode of failure was plate tensile fracture. The same 
mode was exhibited by beam P40/Heay but the analytical value, using the cracked 
section, is lower than the experimental maximum load, suggesting the premature edge 
fracture of this particular plate was delayed, presumably due to less extensive severing of 
edge fibres during the sawing operation. The analytical ultimate load of beam P25/3 bm/ 
4.5m is in greater error than the analytical values for the other beams, this member having 
experienced the primary failure mode of concrete crushing. The error is attributed to the 
assumed ultimate compressive strain of 0.0035 being greater than the experimental 
ultimate, as noted from the compressive behaviour of this beam shown in Figure 5.50 
(page 270). 
8.2.7.7 The influence of the plate modulus, area and prestress level 
As for the non-prestressed beams, it is possible to estimate the influence of the plate 
modulus and area on the ultimate capacities of the plated beams at different prestress 
levels. Figure 8.51 shows the influence for the CFRP plated I. Om beams in the form of 
the failure diagram, based on the cracked section (f, ,t=0 
NTa), and Figure 8.52 shows 
the same results using the GFRP plate. The following observations apply also to the 
2.3m and 4.5m beams, for which the prestressed failure diagrams are not shown. 
The common feature of both Figures is that the size of the steel yield-plate fracture 
region increases with rising prestress, and the steel yield-concrete crushing region 
becomes smaller. These changes are associated with the two boundary lines tending 
towards being parallel as they move closer together. If the prestress were to increase 
beyond the maximum levels represented in the Figures, the boundary lines would 
become coincident representing the failure mode of simultaneous steel yield, plate 
fracture and concrete crushing. Further increases in prestress beyond this level would be 
associated with plate tensile fracture before steel yield. 
As noted earlier for the non-prestressed beams, the experimental point lies in the steel 
yield-concrete crushing region using both plate materials. However, Figure 8.51 shows 
that, when the CFRP plate is bonded, the 25% prestress level would be sufficient to bring 
about plate fracture in the event of a flexural failure with the plate dimensions used 
experimentally. In the event the experimental beams with the nominal 25% Prestress 
failed due to the vertical displacement at the base of a shear crack, a mode not considered 
in the present flexural analysis. With the GFRP plate, the 25% level would be 
insufficient to cause plate tensile failure, the experimental point still lying to the right of 
the steel yield-plate fracture boundary line in Figure 8.52; a prestress level little below 
50% of the plate strength would be required to cause tensile fracture of the GFRP plate 
of the dimensions used experimentally. The need for a much greater prestress, to cause 
fracture of the GFRP plate, is a reflection of the higher ultimate strain of this plate 
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material. The high strain is reflected also in the fact that the distance between the 
boundary lines, for the CFRP plate, is approximately the same at 60% as it is at 85% with 
the GFRP plate. 
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As the prestress increases, the outward shift of the boundary nearest the origin reflects 
the need for a greater quantity of plate material to prevent its tensile fracture before yield 
of the rebars. Similarly, the inward shift of the outer boundary reflects the need for less 
material to ensure the concrete fails in compression before the steel yields, this inward 
shift is to be expected since the occurrence of concrete compression as the priMary 
failure mode is determined by the magnitude of the prestress force at soffit level, the 
force being provided by a smaller area of plate as the prestress rises. 
i AP/bh 
0.18 
0 Experimental point 
- 0% prestress 
- 25% prestress 
- 50% prestress 
- 75% prestress 
- 850, o prestress 
8.2. PARTA: Analysis by calculation offlexural behaviour 419 
0.02 0.04 0.06 0.08 0.1 0.12 0.14 0.16 
The variation in ultimate capacity with increasing plate prestress is shown in Figure 8.53 
for the CFRP plated I. Orn beams, and the GFRP plate is also represented for comparison, 
although it was not used in the experimental prestressed beams, the cracked section (f, 
0 MPa) is assumed. 
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Figure 8.53 Variation of ultimate capacity with plate prestress in the I. Orn beams 
In both cases, the capacity rises initially linearly with increasing prestress, this being the 
region in which the beam would fail in concrete compression. After a certain prestress, 
the failure mode becomes steel yield followed by plate fracture, marked by a reduction in 
the rate at which the ultimate capacity increases. After a negligible increase in capacity 
at the reduced rate, the capacity starts to fall gradually with further prestress until the 
failure mode changes to plate fracture before steel yield or concrete crushing, at which 
point the capacity falls more rapidly. As a result of the fall in capacity after the 
maximum value, the greatest sustainable applied load of the CFRP plated member would 
be no greater with the high prestress of approximately 85% than with no prestressl 
likewise, the GFRP prestress of around 95% would provide no gain in ultimate capacity. 
This is because the total increment of section rotation, required to strain the plate to 
ultimate, becomes lower with increasing prestress and the applied load becomes 
correspondingly lower. Therefore, the Figure suggests there will be an optimum 
prestress, as far as the ultimate capacity is concerned, and that a very high prestress will 
be detrimental to the maximum sustainable load. A very high prestress will be a 
disadvantage due also to the brittle nature of the resultant plate fracture before steel 
yield, a mode in which no ductility would be provided. 
However, it must be remembered that, if the non-prestressed member fails in the shear 
form of the series V experimental beams in Chapter 4, then a certain threshold prestress 
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will be required to convert this mode to a flexural form. Consequently, the optimum 
prestress may be greater than the value suggested by a diagram such as Figure 8.53 
which is based solely on flexural considerations. For the CFRP plated beam, Figure 8.53 
suggests the modest prestress of approximately 35% is the optimum value; this level is 
greater than the 23.5% associated with the series V failure of beam P2511/1.0m, but it is 
not known if 35% would have been sufficient to avoid the premature form of plate 
separation with the particular material properties and dimensions used. The optimum for 
the GFRP plated beam is suggested to be in the region of 50%, higher than the CFRP 
value due to the greater scope for concrete compressive failure with the GFRP material. 
The capacity curves for the larger 2.3m and 4.5m beams are not presented but exhibited 
the swne general trend of increasing then falling capacity. 
8.3 PART B: Analysis by finite elements 
As mentioned at the beginning of the Chapter, the above flexural calculations were to be 
supplemented with a numerical study of the global responses of plated beams, before 
using the numerical technique to sub-model the regions where plate separation has been 
found to begin; the plate ends were to be selected for specific analysis. In this respect, 
the numerical analyses would provide information that could not be obtained from the 
above global analysis method. The numerical method would allow the influence of 
various geometric and material parameters to be assessed rapidly and would enable 
design rules to be established using the large number of parameter results obtained from 
the various analyses that could be run simultaneously. 
The results of any parametric study may be interpreted with confidence only if the 
analysis provides results that are in reasonable agreement with known experimental data 
for a number of cases. Therefore, it was first necessary to compare the global flexural 
responses of the finite element analyses with the experimental results. 
ABAQUS (version 5.3), a general purpose finite element program developed by Hibbitý 
Karlsson and Sorensen Inc. (HKs), was used in the numerical trials. This package has a 
concrete option designed to provide a general capability for the nonlinear modelling of 
plain and reinforced concrete under essentially monotonic loading- The approach of this 
package to modelling reinforced concrete will be described after a brief introduction to 
the finite element method and a review of the problems involved in, and the methods 
used for, the modelling of concrete generally. 
It will be shown, using typical numerical results, that the correlation between the finite 
element and experimental responses was, unfortunately, inadequate to enable the plated 
beams to be sub-modelled with confidence at a smaller scale, and the reasons for this will 
be discussed. 
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8.3.1 Introduction to the finite element method 
The basic principle of finite element analysis is simple but the mathematical 
formulations of the elements and the solution procedures can be complex and are beyond 
the scope of the present description; these details are to be found in the thorough texts of 
authors such as Zienkiewicz and Taylor (1989; 1991). The finite element technique 
involves the breaking down, or discretisation, of a system into a number of smaller units, 
known as finite elements, which are geometrically configured to represent the assembly 
of components whose response to an applied action is required. Each such unit known 
as a finite element, represents the response to a physical action by an interpolation 
function which allows the variation of the response to be modelled throughout the 
element; the resulting configuration of elements is known as the mesh. In structural 
engineering problems, the action is usually an applied load which may be a concentrated 
point load or a distributed load due to mechanical and/or thermal actions. 
In addition to the number of elements used, the type of element needs to be appropriate 
for the problem in question since the elements are characterised by their interpolation 
functions which are available in a variety of forms such as linear or quadratic 
polynomials, for example. The element type will determine the number of calculation 
positions, or integration points, per element. 
The global equation from which the solution to, say, a stress analysis problem is found 
will usually be of the basic form of equation 8.16 below. 
JU) p ... -Eqn 8.16 
where (F) is the vector of applied forces, (k} is the stiffness matrix and (U) is the vector 
of displacements at the element junctions which are known as nodes. Equation 8.16 is 
rearranged by the finite element program to obtain the vector of displacements, from 
which the nodal strains are determined; the strains at the nodes provide the nodal 
stresses, given the material stress-strain behaviour, and the distribution of strain and 
stress throughout the element is then determined for the particular element type used. 
The above procedure is typically conducted for a number of increments throughout the 
analysis, each increment giving results for a new state of deformation and/or applied 
load. in each increment, the analysis aims to keep the structure in equilibrium with the 
externally applied loads. Any imbalance in solution variables throughout the structure, 
such as force or displacement, is brought down to within a user-specified tolerance in 
each increment; it is usually necessary for the analysis to pass through a number of 
iterations per increment to achieve this approximation of equilibrium. Since this will be 
an approximation, the final output from the analysis will also be approximate, so the 
finite element method cannot be regarded as a precise technique. In addition to the 
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solution tolerances specified, the output accuracy will be affected by the number of finite 
elements used, their geometric properties and their interpolation functions. Increasing 
the order of the interpolation functions will lead to reduced solution error for a given 
number of elements. For example, a beam bending problem is better represented by 
second order elements than by elements with first order interpolation functions; this is 
because flexural displacements follow a second order variation with applied moment, so 
a larger number of first order elements would be required to represent the curvature of 
the member. The disadvantage of increasing the number of elements and/or the order of 
the interpolation function is that the computer processor time increases considerably. 
The number of elements used will be affected by their aspect ratio (ie. ratio of length to 
height), a value which, for rectangular elements, is preferably kept as near to unity as 
possible. 
The nonlinearity of a system such as reinforced concrete, brought about by the nonlinear 
materials and their nonlinear interaction, demands the iterative procedure referred to 
above since the structural deformation cannot be found directly from the applied load, or 
vice versa. NAFEMS (1992) reviewed the basic iterative solution procedures for 
nonlinear equations. In the Newton-Raphson and modified Newton-Raphson methods, a 
solution is sought in the vicinity of an initially guessed value. This is done by estimating 
the increment of, say, displacement, corresponding to a given increase in applied load, 
using the stiffness appropriate to the initially guessed displacement, as shown in Figure 
8.54, and then finding the new actual load based on the residual, R. The procedure is 
successively repeated using the stiffness at the new displacement until the residual 
reduces to within a specified tolerance. In the Newton-Raphson method, the stiffness 
appropriate to each new displacement, which is defined by the stiffness matrix, {k) in 
equation 8.16, is updated in every iteration, but the modified Newton-Raphson method 
updates the stiffness matrix only periodically so that less computer time is used. As a 
result, the rate of convergence is lower in the modified Newton-Raphson method, as 
shown in Figure 8.54b, especially when the problem involves a high degree of 
nonlinearity, as is the case with reinforced concrete. The solution procedure can be 
made to change from modified Newton-Raphson to full Newton-Raphson when the rate 
of convergence becomes unacceptably low (13alakrishnan et al, 1988). 
The particular form of the modified Newton-Raphson method shown in Figure 8.54b is 
called the 'initial stiffness' procedure since the iterations are based on the stiffness at the 
first displacement of A" only. The rate of convergence is increased if the stiffness 
matrix is updated more frequently. 
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Figure 8.54 Newton-Raphson and modified Newton-Raphson solution procedures 
One of the problems associated with the iterative solution of reinforced concrete systems 
is that it may be very difficult to bring the force residuals to within the required 
tolerance, due to the difficulty of redistributing all the tensile force released by cracking. 
The unbalanced forces are often localised in small areas and they may not have much 
influence on the overall structural response (NAFEMS, 1992) but overall convergence 
will, nonetheless, be necessary. Concrete cracking causes instability in the solution 
response and the above Newton methods then become unsuitable due to the lack of 
convergence. Tberefore, a constrained solution procedure may be required, in which the 
load level is altered at each iteration rather than holding the applied load level constant 
during an increment. Such a constrained procedure is the modified Riks method, 
depicted in Figure 8.55, in which a trial distance, L, is moved along the tangent to the 
present solution point and convergence is sought by preventing successive tangents from 
extending beyond the normal to the first tangent, thereby reducing the lengths of the 
successive iterations. If convergence is not achieved, the initial tangent length, L, is 
reduced and the procedure repeated. 
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8.3.2 The finite element modelling of reinforced concrete 
8.3.2.1 Early attempts to numerically model reinforced concrete 
Scordelis el al (1982) presented a brief history of the finite element modelling of 
reinforced concrete, acknowledging the vast literature that has developed on the subject. 
The earliest published application of the finite element method to reinforced concrete 
beams was by Ngo and Scordelis (1967) in which linear elastic analyses were performed 
on beams with predefined crack patterns to determine the principal stresses in the 
concrete, the tensile rebar stresses and the rebar/concrete interface bond stresses. 
Scordelis et al (1974) used a similar approach to study shear in beams with diagonal 
tension cracks. Nonlinear material properties were introduced by Nilson (1967; 1968) 
who used quadrilateral elements as an improvement over the triangular elements adopted 
by Ngo and Scordelis (1967). The analysis was terminated whenever an element showed 
a principal tensile stress greater than the concrete tensile strength, upon which the 
redefined crack pattern was programmed into the analysis and reloaded incrementally. 
The need to stop and start the analysis was eliminated by Franklin (1970) and Mufti el al 
(1970; 1971) who developed a nonlinear analysis that automatically accounted for 
cracking by redistributing the stresses. The analysis complexity was advanced by 
Bresler and Bertero (1968) who considered the effects of repeated loads on reinforced 
concrete members, and by the investigation of Sandhu et al (1967) on the two- 
dimensional stress analysis of plain concrete dams, including the effects of creep. 
Becker and Bresler (1974) also considered the time-dependent effects of creep and 
shrinkage using one-dimensional elements, and the effects of heat transfer due to fire 
were also included. 
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83.2.2 The problems of modelling reinforced concrete using finite elements 
While the finite element technique is now well established as a method of structural 
analysis, certain problems are introduced when the technique is applied to reinforced 
concrete. The main difficulties arise from the following five effects which are 
characteristic of reinforced concrete members and structures (Scordelis et al, 1982): 
reinforced concrete comprises two dissimilar materials, the concrete and the internal 
rebars, whose mechanical properties are very different. The properties of the rebars 
generally exhibit much less variability than those of the concrete, due to the 
conditions of mixing, placing and curing the concrete and the nature and rate of 
loading of the concrete; 
the rebars are loaded essentially uniaxially, but the concrete is generally under a state 
of multiaxial stress. The bi- and tri-axial stress-strain responses of concrete are not 
yet fully understood and the best way to incorporate them in the finite element method 
is not universally agreed; 
concrete cracks at a relatively low tensile stress so the majority of the loading range is 
dominated by the redistribution of stresses associated with the onset and propagation 
of cracks which have a profound effect on local stresses and displacements. Each 
time a new crack forms, the concrete at that location changes abruptly from an 
initially isotropic material to an orthotropic one (Schnobrich el al, 1972). The 
existence of cracking in the finite element method implies a continuously changing 
mesh topology as the analysis progresses; 
the rebar/concrete bond is progressively broken down as the applied load increases, 
starting almost immediately after the onset of flexural cracking (Gerstle el al, 1982). 
The increase of bond slip with applied load is highly nonlinear (Kemp, 1986) and 
depends on such factors as the steel stress, the length of embedment the concrete 
strength and the rebar area ratio (Valliappan and Doolan, 1972); 
the transfer of stress across a shear crack is difficult to represent numerically since the 
shear retention properties depend on the aggregate size and the influence of the dowel 
action provided by the tensile rebars. 
Therefore, it is clear that reinforced concrete members are associated with the 
discontinuous nature of cracking, crushing, bond slip, etc. which is difficult to model 
numerically. Finite element analyses equate failure of the structure with the failure of 
the iterative solution technique. Consequently, for a brittle response such as that 
associated with cracking, the numerical procedure can fail to establish the particular 
mechanism that initiates structural failure because there is no converged equilibrium 
state (Crisfield, 1986). 
The basic requirement for a finite element analysis of reinforced concrete is a suitable 
relationship between stress resultants and strain measures which adequately reflects the 
yielding of the internal reinforcement and the cracking and crushing of the concrete 
(Hand et al, 1973); simplifying assumptions need to be made to achieve this. The 
success, or otherwise, with which cracking is modelled will determine the suitability of a 
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particular numerical model since, as mentioned above, cracks dominate the loading 
range. Cracks may propagate rapidly with applied load when, for example, little internal 
reinforcement is provided, in which case problems may be caused due to the large 
number of elements containing cracks at any one time. 
The majority of the experimental data on concrete behaviour are taken from tests of plain 
concrete specimens in which the material is largely unrestrained laterally. However, in 
reinforced concrete members, additional stress states are introduced due to the internal 
reinforcement in the form of rebars and shear links. The restraining effect of the tensile 
reinforcement produces a material with greater strength and ductility than plain concrete 
to an extent determined by the dimensions and location of the reinforcement; the 
restraining effect will be greater using larger and more densely located reinforcement 
(Cheng, 1995). The concrete strength is fiinher increased in reinforced concrete 
members by the additional restraining effect of the shear reinforcement which produces a 
triaxial stress state. 
Clearly, then, the finite element analysis of reinforced concrete requires the inclusion of 
many complex features in the material description, but the solution accuracy is further 
affected by various features of the model input such as the mesh density, element type 
and convergence criteria. 
8.3.3 Material relationships used in reinforced concrete models 
As has now been seen, the modelling of reinforced concrete requires the use of 
relationships describing the interaction of the reinforcement and the concrete, as well as 
the material behaviours of the concrete and steel; the concrete must be described both in 
tension and compression. The following sections highlight the important features of the 
materials and their interaction, and a review is given of the relationships previously 
proposed. 
8.3.3.1 Material models of concrete in compression 
The above review has indicated that concrete behaves in a multiaxial stress state when 
loaded as a member in service, and the uniaxial loading of plain concrete specimens will 
not represent this condition since concrete exhibits greater strength and stiffness 
properties under multiaxial loading (Kupfer et al, 1969; Neville, 1995). The choice of 
numerical mesh adopted will determine the material relations required; if plane stress is 
considered, only biaxial data are necessary, while a three-dimensional model will need to 
incorporate triaxial data. The experimental results available on the response of concrete 
to triaxial loading are much less extensive than those on biaxial loading. Various 
mathematical models have been proposed to represent plain concrete under multiaxial 
stress states and experimental research has continued in an attempt to understand the 
behaviour (Bazant et al, 1982); the mathematical details of these models are beyond the 
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scope of the present review. 
A typical response to biaxial loading is that reported by Kupfer et al (1969), shown in 
Figure 8.56. The Figure shows the increase in the maximum compressive and tensile 
strengths under a biaxial loading regime; when the ratio of a, to q2 is 0.5, the strength 
increases by approximately 25%, an increase that diminishes to around 16% when a, 
and a2 are equal. 
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In addition to the strength increases, the multiaxial loading state causes an increase in the 
material ductility. The strength and ductility increase ftu-ther when the concrete is loaded 
under triaxial stress, in which case the ductility increases significantly with rising lateral 
stress due to the reduction of internal cracking and associated volume increases shortly 
before failure (Richart et al, 1928). 
The failure envelope of Figure 8.56 has formed the basis of several empirical 
mathematical models of the biaxial and triaxial behaviour, such models include those of 
Kupfer and Gerstle (1973) and William and Warnke (1974). However, an element of 
uncertainty arises in these models from the fact that they are based on limited 
experimental data. In an attempt to overcome the sparcity of multiaxial test results, 
Darwin and Pecknold (1977) proposed an equivalent uniaxial strain model in which 
biaxial behaviour was related to uniaxial response; the equivalent uniaxial strain was 
taken as the strain that occurs in one direction when the stress in the other is zero. 
The high ductility of concrete under multiaxial stress states is associated with its ability 
to Tow' like a plastic material such as steel prior to failure. However, the flow of 
concrete is not, strictly, the same as that of a truly elastic-plastic material such as steel 
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since concrete ductility arises from internal microcracking, so to liken the two is 
conceptually incorrect (Lin and Scordelis, 1975; Al-Mahaidi and Nilson, 1979). 
Nonetheless, the adoption of flow behaviour is a convenient way of representing the 
ductile characteristics under multiaxial stresses, and provides probably the most reliable 
constitutive relations for practical applications (Bazant et al, 1982). The ductile 
response is represented using plasticity-based models in which a flow rule is entered to 
define the behaviour in the plastic region of the material loading range. Plasticity-based 
models require also the yield point and the ultimate strain to be provided. Early 
plasticity-based models assumed perfectly plastic behaviour (Cervenka and Gerstle, 
1971; Chen and Chen, 1975; Agrawal el al, 1976). These were preceded by elasticity- 
based models in which the material behaviour was taken as either linear throughout or 
elastic in small increments with reducing modulus (Ngo and Scordelis, 1967; Nilson, 
1968; Franklin, 1970), but the plastic response was not modelled as effectively as in the 
plasticity-based models. A more recent approach has been to model the concrete as a 
material that experiences strain hardening like steel, for instance; it is necessary to define 
a hardening rule which represents the expansion of the yield surfaces with increasing 
multiaxial stresses up to the point of collapse which is defined by a failure criterion 
(Chen and Ting, 1980). The most appropriate choice of failure criterion has been the 
subject of debate, commonly used criteria being the Drucker-Prager and Mohr-Coulomb 
relations (Argyris et al, 1974; Abassi et al, 1992). The Mohr-Coulomb constitutive law 
has been found to be suitable for beams in which shear is critical (Cedolin and Dei Poli, 
1977), although the appropriate constitutive relations for shear dominated loading 
remains a topic of discussion amongst numerical analysts (Pilakoutas et al, 1995); this is 
because the majority of the constitutive relations available have been developed from 
principal stress loading tests rather than shear dominated trials. 
8.3.3.2 Material models of concrete cracked in tension and shear 
The modelling of tensile cracking in concrete is difficult since, as mentioned earlier, the 
material changes abruptly from isotropic to orthotropic and the propagation of cracks is a 
random process. Indeed, the initial locations of flexural and shear cracks are random so 
will not be the same between specimens; therefore, it is impossible to model exactly the 
initiation and propagation of cracks for a particular member. Also, the magnitude of the 
tensile stress that causes a crack to form perpendicular to the principal tensile stress is 
not a precisely defined quantity, since some difficulty exists in conducting an experiment 
to find the true tensile strength (Cedolin et al, 1982). Consequently, the average tensile 
strength, from common laboratory tests, is assumed to be a satisfactory nominal value. 
Concrete in tension is usually considered to behave linearly up to its cracking strength, 
beyond which the material either sustains no stress in the direction normal to the 
cracking plane or sustains a gradually reducing stress with increasing strain. The 
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existence of a falling stress branch was identified in tests by, for example, Evans and 
Marathe (1968) and Petersson (1981) who used stiff testing machines. The assumption 
of a sudden complete loss of tensile stress carrying capacity is not only unrealistic but 
also leads to distorted crack patterns in numerical procedures (Schnobrich et al, 1972; 
Suidan and Schnobrich, 1973). 
As with the compressive behaviour, the tensile material response of concrete is 
dependent on various factors which vary between specimens. For example, the strain at 
which cracking occurs depends largely on the proportion of coarse aggregate in the mix 
(Evans and Marathe, 1968). The modulus of elasticity in tension is somewhat greater 
than that in compression, and the tensile Poisson's ratio is lower than the compressive 
value (Tasuji et al, 1979), but these mechanical properties are generally assumed to be 
equal under both modes of loading in numerical procedures, with the tensile strength 
being typically between 7 and 10% of the compressive strength. 
As mentioned in the review of section 8.3.2.1 (page 425), the numerical modelling of 
concrete cracking started with the assumption of predefimed crack locations along 
element edges; the opening of the cracks was represented by the separation of nodes and 
their inclinations were based on experimental tests (Ngo et al, 1970). This method was 
progressed by Nilson (1968) who represented the splitting of common element nodes 
into separate nodes and then reloaded the revised mesh. Mufti et al (1970) and Franklin 
(1970) subsequently represented cracks by two nodes connected by a link element at the 
crack location; the stiffness of the link element reduced after cracking so the nodes could 
separate to model the opening of the crack. A similar method was developed by Al- 
Mahaidi and Nilson (1979) using four nodes at a single point so that crack opening could 
be modelled in two directions. 
As a result of such developments, modem cracking representations are based on discrete 
or distributed cracks and their propagation is defined in terms of strength or fracture 
toughness, as acknowledged by Cedolin et al (1982). These authors noted disadvantages 
in the use of the discrete crack approach, such as the dependence of crack direction on 
the element type and mesh geometry, leading to the potential overestimation of crack 
lengths. The predefined crack approach of authors such as Ngo et al (1970) implies the 
crack locations and directions are known in advance; although the locations and 
directions were based on experimental tests, they could not be assumed to be equal in all 
reinforced concrete members since cracking is a random phenomenon (Cedolin el al, 
1982). The alternative method of allowing discrete cracks to form wherever the tensile 
stress exceeds the concrete strength causes a vast increase in the computer processor 
time needed. As an alternative to discrete cracking, Rashid (1968) introduced the 
distributed, or smeared, crack approach in which the concrete is assumed to remain intact 
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but its modulus falls to zero in the principal strain direction of any element in which the 
tensile strength is reached. This approach represents several closely spaced cracks of 
arbitrary location and spacing and, after cracking starts at any position, the principal axes 
are oriented to coincide with the crack direction (11inton and Owen, 1984; Massicotte el 
al, 1990). Therefore, additional cracks at the same position must occur at right angles to 
the first crack (Owen et al, 1983). Frantzeskakis and Theillout (1989) argued that the 
smeared crack approach is only appropriate if the structural behaviour is not dominated 
by a few relatively wide cracks, for which the discrete crack method must be used. A 
disadvantage of the smeared crack approach is that additional features must be included 
in the model to account for the crack-related features of dowel action, bond slip and 
aggregate interlock. 
In the discrete crack method, a finer mesh is preferable to allow the more representative 
definition of the likely crack inclination throughout the member (Valliappan and Doolan, 
1972), but a finer mesh implies greater processor time. In the smeared crack approach, 
the analysis is mesh sensitive such that narrower crack bands are produced as the mesh is 
refined (Crisfield, 1984). To eliminate the mesh sensitivity, a fracture mechanics 
representation of cracking may be adopted, in which the tensile stress normal to the crack 
plane is assumed to reduce gradually as the crack widens, thereby approaching the true 
failing stress branch found experimentally. Such a method was developed by Hillerborg 
et al (1976) who assumed the stress to fall to zero within a specified crack opening 
displacement u, corresponding to a total amount of fracture energy characteristic of the 
concrete; this representation is shown in Figure 8.57 where the fracture energy is the area 
under the curve. 
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Figure 8.57 Representation of crack opening by fracture mechanics 
The initial pre-cracking part of the curve, from displacements of zero to x, may be 
represented by the stress-strain response rather than the stress-displacement behaviour, 
so that the displacements from x to u represent the widening of the crack. A crack will 
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continue to propagate as long as the associated energy release equals or exceeds the 
stored strain energy. Hillerborg el al (1976) proposed that the displacement u, is around 
0.01 - 0.02mm for normal strength concrete. The stress-displacement behaviour is 
generated from the stress-strain response of the tensile concrete and a characteristic 
element length; this length is associated with the integration point at which cracking 
occurs and is calculated from the element dimensions (11illerborg et al, 1976; Jiang, 
1983). Although this calculation implies a degree of mesh dependency, the crack 
propagation is independent of the mesh because the fracture energy of cracking is a fixed 
quantity independent of the mesh (Choi and Kwak, 1990). 
In addition to modelling a gradual loss of tensile capacity, it has been found that the 
retention of some shear stiffness in the plane of the crack results in closer correlation 
with test results (Schnobrich et al, 1972; Suidan and Schnobrich, 1973). The retained 
shear stiffhess is incorporated using the 'shear retention factor', defined as the shear 
stress carried by cracks divided by the uncracked shear strength, which varies from 0 to I 
for no retained capacity and full retention, respectively. The precise value of the shear 
retention factor has been shown not to be critical in terms of the level of correlation with 
test results (Hand et al, 1973; Hu and Schnobrich, 1990), but to use a value of zero is to 
assume no aggregate interlock or dowel action, a clearly unrealistic assumption. 
Although the exact value is not important, a value greater than zero is needed to avoid 
numerical instability (Seraj et al, 1992). 
As noted in Chapter 4, the relative contributions of aggregate interlock and rebar dowel 
action depend on the sizes of the beam, the aggregate particles and the reinforcement 
(Taylor, 1974), so this feature of concrete shear cracking is specific to the particular 
member being modelled. The way in which the shear retention is modelled numerically 
will depend on the type of tensile cracking assumed - ie. discrete or distributed. For 
discrete cracks, Ngo et al (1970) and Muffi el al (197 1) used link elements with a spring 
formulation to represent the retained stifffiess in the plane of the crack, the spring 
stiffness in such a representation can be calibrated from experimental tests (Al-Mahaidi 
and Nilson, 1979). Alternatively, the retained stiffness can be set by a chosen constant 
shear retention factor so the shear crack will be assumed to be capable of sustaining the 
same proportion of the intact shear strength throughout the loading range, an assumption 
made by Hand el al (1973), Suidan and Schnobrich (1973), Lin and Scordelis (1975), 
Crisfield (1984) and 11suan-Teh and Schnobrich (1990), for example. A varying shear 
retention factor may be used by basing its value on the width of the crack or, more 
precisely, the strain across the crack, this variation can be linear (Owen et al, 1983; 
Abassi et al, 1992) or nonlinear (Al-Mahaidi and Nilson, 1979). 
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8.3.3.3 Models of the reinforcement and the concrete/rebar bond 
The bond stress developed between the rebars and the surrounding concrete gives rise to 
the tension stiffening phenomenon mentioned earlier in section 8.2.5 (page 369); the 
important factors that determine the influence of tension stiffening are the rebar 
circumference and the effective bond stress (Nawy, 1992). Therefore, it is necessary to 
model both the rebars and their interface bond stress with the concrete in order to 
represent the true stiffness of the member. Methods for modelling tension stiffening are 
reviewed in section 8.3.3.4, while the present section considers just the rebars and their 
bond. 
The shear stress between the reinforcement and the concrete will cause interface damage 
when the stress reaches a critical level (Kemp, 1986), so a model of the interface bond 
must include the subsequent stress-slip behaviour. The omission of the bond behaviour 
is likely to cause an over-stiff numerical response and produce too high a failure load, as 
found by Foster et -al (1996), for example, who found a difference in ultimate load of 
10% by including the bond slip behaviour. Since the bond behaviour depends on the 
geometric properties of the rebars, it is not possible to specify a bond stress-slip 
relationship to satisfy all general cases, but a nominal interface bond stress is acceptable 
for ribbed rebars, for example (Gerstle et al, 1982). 
The bond stress-slip behaviour has been investigated experimentally by workers such as 
Mirza and Houde (1979) and Kemp (1986) in order to establish relationships for 
analytical and numerical work; a fundamental conclusion of these studies is that there is 
no unique relationship between the slip of the steel and the associated bond stresses 
(Fehling et al, 1986). The method of incorporating such a relationship in a finite element 
model will depend on the type of element used to represent the reinforcement. The 
reinforcement is commonly modelled as distributed, embedded or discrete (Cervenka 
and Gerstle, 1971; Gerstle et al, 1982). In the first of these, a modified relationship is 
used to define the deformation of the concrete element over which the rebars are 
distributed (Suidan and Schnobrich, 1973), assuming perfect bond between the 
reinforcement and concrete. The embedded representation also assumes perfect bond, 
the rebars, being treated as axial components within the concrete elements. The 
assumption of perfect bond in these two cases implies concrete/rebar strain compatibility 
which is not valid for discrete cracking models in which a strain discontinuity occurs at 
the crack (Philips and Zienkiewicz, 1976). For the distributed and embedded 
reinforcement representations, the bond slip can be represented by varying the degree of 
tension stiffening (Gilbert and Warner, 1978). Discrete representations of the 
reinforcement are based on axial and/or beam elements connected to the concrete 
elements at common nodes, in which case discrete cracking may be assumed. In this 
case, the bond may be modelled by link elements for which a stiffness is specified to 
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represent the shear action (Scordelis et al, 1974). However, this approach has the 
disadvantage of attempting to represent a distributed bond action at discrete nodes only, 
a shortcoming that may be overcome using interface elements (Saouma, 1981). 
8.3.3.4 Models of the tension stiffening phenomenon 
As mentioned above, the internal rebars, transfer tensile stress to the intact concrete 
between cracks by the action of the concrete/rebar bond. This transfer of stress to the 
intact material will increase the effective stiffness of the tensile region of the beam so the 
tension stiffening phenomenon is modelled to maintain a realistic analysis and to 
improve the analysis stability, in addition to avoiding the estimation of unreasonably 
high stresses in the reinforcement (Mang and Meschke, 1991) and the associated high 
deflections (Gilbert and Warner, 1978). The tension stiffening effect is commonly 
assumed to be constant throughout the beam but some authors, such as Gilbert and 
Warner (1979), acknowledged that the tension stiffening effect is dependent on the 
locality of the internal reinforcement, in which case less stress is transferred to the intact 
concrete between cracks at a distance from the reinforcement. 
The most popular method of representing tension stiffening in distributed crack models 
has been to assume the concrete tensile strength falls gradually after a crack is identified 
at an integration point (Scanlon and Murray, 1974), although the exact form of the 
gradual reduction has varied between authors. For example, Scanlon (1971) used a 
stepped profile, whereas later work by Lin and Scordelis (1975) adopted a polynomial 
form. The slope of the linear stress reduction in this 'softening' region has been the 
subject of debate and the usual approach has been to find a slope that gives the closest 
correlation with experimental results. Since the adoption of no tension stiffening causes 
numerical instability, it follows that the slope of the softening region should not be high - 
ie. a shallow softening region is desirable (Crisfield, 1984). However, the slope should 
be steep enough to adequately represent the actual tension stiffening behaviour. 
Therefore, there may be a need to use an initially high slope and then reduce the slope so 
that the analysis remains stable towards zero stress. For this case, Massicotte et al 
(1988) found a bi-linear softening branch to be suitable, the slope becoming shallower 
when the tensile stress reduced to a third of the tensile strength, this fraction having been 
proposed earlier by Hillerborg (1985). Two reductions in slope, to produce a tri-linear 
softening branch, were proposed by Di Tommaso et al (1994). 
8.3.4 The ABAQUS approach to modelling reinforced concrete 
The solution procedure recommended for reinforced concrete analyses in ABAQUS is 
the modified Riks method depicted in Figure 8.55 (page 425) due to its suitability for 
problems in which the structural stiffness changes rapidly, as happens due to concrete 
cracking and compressive failure and due to rebar yielding; this method ensures the 
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iterations are sufficiently small to encourage convergence. 
The ABAQUS reinforced concrete modelling capability is based on the superposition of 
the reinforcement on to the plain concrete elements and the properties of the concrete are 
modified for those elements containing reinforcement - ie. the interaction of the concrete 
and rebars is not modelled directly. The concrete in compression is modelled by the 
Nfises yield surface; this approach ensures computational efficiency but is a 
simplification of the true behaviour of concrete (HKS, 1993a). The biaxial stress 
response adopted is that shown in Figure 8.56 (page 428) which is formed using four 
failure ratios defining the relationship between the uniaxial and biaxial behaviour and 
between the tensile and compressive strengths. 
A measure of tension stiffening is introduced to cater for the features of the concrete/ 
rebar interaction such as bond slip and dowel action after the onset of tensile cracking. 
The post-cracking behaviour of Figure 8.57 (page 43 1) is adopted to overcome mesh 
sensitivity using the fracture mechanics approach. The typical values of the crack 
opening, u in Figure 8.57, are quoted by HKS to be 0.05mm and 0.08mm for normal and 
high strength concrete, respectively, rather than the 0.02mm maximum stated by 
I-jillerborg et al (1976). The post-cracking shear retention may be represented by a 
linearly reducing shear stiffness with increasing crack width, or by a constant shear 
retention factor which may apply throughout the loading range for widening cracks and 
for subsequently closed cracks. 
Rather than tracking macro cracks in the concrete, the concrete option uses the smeared 
cracking approach in which the cracks are taken into account by the way in which they 
affect the stresses and stiffnesses associated with integration points; the post-cracking 
stiffness is reduced in this 'damaged elasticity' approach. Once a crack occurs at an 
integration point, the stress components associated with the open crack are not included 
in the definition of additional cracks at the same point; additional cracks may form only 
in orthogonal directions. 
The ABAQUS concrete model was used by HKS to analyse slabs to provide examples of 
the model capability (HKS, 1993b; 1993c); these were the experimental slabs of Jain and 
Kennedy (1974) and McNiece (1967), both of which were modelled assuming the 
cracked shear stiffness remained at the uncracked value. The first of these examples was 
a simply supported one-way spanning slab loaded under symmetrically located knife 
edge loads and reinforced in one direction only, while the second was supported at its 
comers, reinforced in both directions and subjected to a central point load. The Jain and 
Kennedy slab was modelled using beam, shell and continuum elements, whereas the 
McNiece slab was represented by shell elements only. The purpose of these examples 
was to demonstrate the need to provide adequate tension stiffening in the post-cracking 
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representation, in order to accurately model the experimental behaviour and to permit the 
analysis to proceed as far as possible by including sufficient tension stiffening. With too 
little tension stiffening, the numerical sustained load fell upon cracking and the 
subsequent structural stiffness was too low, these problems having been rectified by 
allowing more tensile stress to be sustained after the onset of cracking to produce an 
ultimate load that corresponded well with the experimental work. Conversely, the 
stiffness was too high when the tension stiffening provision was excessive. 
8.3.5 Previous finite element studies of externally plated beams 
Anandarajah and Vardy (1985) analysed adhesivelconcrete and/or adhesive/plate 
interfacial crack propagation in open sandwich beams using specially formulated finite 
elements with high aspect ratios to model thin adhesive layers. The analysis was based 
on linear elastic fracture mechanics and it was concluded that the critical case occurs 
when interfacial cracks exist within a short region of flexural cracks close to midspan; 
this finding will be addressed further in section 9.3.9 (page 535) of Chapter 9 which 
considers plate separation. 
Hutchinson and Rahimi (1993) used the LUSAS program to form two-dimensional 
linear elastic models of CFRP and steel plated beams, for the purpose of estimating the 
shear and normal stresses in the adhesive at the plate ends. The internal rebars were 
represented by bar elements, for which a perfect concrete/rebar bond was assumed, and a 
gradual refinement of the mesh towards soffit level enabled the thin adhesive and plate 
layers to be modelled without using excessively high aspect ratios in the plane stress 
elements. For a given plate thickness, the adhesive stresses were predicted to be greater 
using the high modulus steel plate; no experimental verification was provided. 
Mays (1993) assessed the influence of the adhesive modulus on the stress concentrations 
at the ends of the plate and on the global structural stiffness of steel plated beams. Since 
the plate end stresses were of principal interest the flexural and shear cracking of the 
concrete was not incorporated in the model; the compressive and tensile behaviours of 
the concrete were, therefore, linear elastic. The peak shear and normal plate end stresses 
were predicted to be 4 and 3.5 times the elastic longitudinal shear stress, respectively, 
and the stress magnitudes were found to fall with reducing adhesive modulus. The 
model predicted that further increases in adhesive modulus beyond 1 GPa have little 
effect on the overall structural stiffness of the plated beam. No experimental data were 
provided to support the numerical results. 
EI-Attar et al (1994) analysed the flexural response of concrete beams strengthened with 
composite plates using an iterative procedure in which the section was discretised into 
one-dimensional frame elements representing the concrete, rebars and plate; the material 
properties were taken as uniform within each element and perfect bond was assumed at 
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the interfaces between the different components. The tension stiffening behaviour of the 
concrete was represented. The analytical results were compared with the experimental 
data of Ritchie et al (1991), Swamy et al (1989) and Saadatmanesh and Ehsani (1991), 
revealing close correlation of the theoretical and experimental results. 
Ziraba et al (1994) used the numerical procedure and elements developed by Ziraba 
(1993) to model plated beams and suggest guidelines for their design, based on the 
magnitudes of the shear and normal stresses in the adhesive at the plate ends; the 
experimental ultimate loads were entered in the numerical model to estimate the stress 
values corresponding to interfacial failure. The numerical results suggested the concrete/ 
plate interface (ie. the adhesive) could be represented by the Mohr-Coulomb expression 
of equation 8.17 below. 
'Cmax --'ý c- (cro , tan ý) , ... -Eqn 8.17 
where r.,, is the peak interface shear stress, c is the interface shear cohesion, co is the 
normal stress and ý is the angle of internal ffiction. 
The design guidelines proposed by these authors were in three stages which consider the 
flexural strength of the plated section, the plate/concrete interface stresses at the plate 
ends, and the shear capacity of plated beams. Equation 8.17 was used to derive an 
expression for the maximum distance between the beam supports and the plate ends to 
avoid premature interfacial failure, as governed by the peak shear stress of equation 8.17. 
The design procedure involved the calculation of the peak shear and normal stresses at 
the applied load corresponding to full flexural failure - ie. to check for premature plate 
separation before flexure, or vice versa. 
Ziraba et al (1995) numerically analysed the shear and beam specimens of Swamy et al 
(1986; 1987), Charif (1983) and Jones et al (1982), concluding that equation 8.17 
applied again, for values of ao equal to or below 4 Wa, and that the values of c and ý 
were 4.8 - 9.5 NTa and 280, respectively, at the ultimate limit state which was 
characterised by premature plate separation. These authors conducted experimental tests 
in which two concrete blocks were bonded to a steel plate and loaded in a four point 
fashion so that a shear pull off configuration was created at each end of the plate. The 
shear modulus of the adhesive was estimated from the shear stress-strain relationship 
derived from the readings from the strain gauges on the plate, and this value was 
subsequently applied in a numerical study of plated beams by Ziraba and Baluch (1995) 
using interface elements for the adhesive. The tension stiffening behaviour of the 
concrete was modelled by a linearly reducing stress with crack widening and the 
concrete cracking was treated as smeared. As in the previous work of Hutchinson and 
Rahimi (1993), the rebars were represented using bar elements with perfect concrete/ 
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rebar bond. For a selection of the experimental beams of Jones et al (1982), the load- 
deflection responses were represented well and close agreement was found between the 
numerical and experimental capacities. 
Rahimi and Hutchinson (1995) used LUSAS to generate two-dimensional linear elastic 
and nonlinear models and three-dimensional linear elastic models. Plane stress elements 
were used for the concrete, adhesive and composite plate and the internal rebars were 
again represented by bar elements assuming perfect bond. The general statement was 
made that the comparison of numerical and experimental load-deflection responses was 
reasonable, but that the failure of the beams is less well represented numerically due to 
the difficulty of redistributing stress after concrete cracking. Additionally, the 
occurrence of the potentially simultaneous failure modes of concrete cracking and 
crushing, and of plate separation, makes it difficult to achieve a model that satisfactorily 
represents failure. 
Peshkarn et al (1995) and Lane et al (1997c) reviewed some of the numerical modelling 
undertaken in the ROBUST Project by the lead partner, the then L. G. Mouchel and 
Partners Ltd., and Oxford Brookes University, using the programs, ANSYS and LUSAS, 
respectively, the latter being the studies by Rahimi and Hutchinson reported above. The 
objective was to model the 1.0m and 2.3m beams tested experimentally at the University 
of Surrey (by the present author) and at Oxford Brookes University, respectively. The 
problem of adequately representing the energy release and stress redistribution 
associated with concrete cracking was re-iterated. The ANSYS modelling began by 
representing the concrete using the Drucker-Prager failure criterion. This approach was 
satisfactory for the plated beams but the unplated controls were found to be numerically 
too stiff. In addition, the material properties had to be 'fine tuned' for every test, 
rendering the results unreliable for the prediction of structural response in the absence of 
experimental data. The analyses were next run using the von Mises yield criterion for 
the concrete, with associated flow and kinematic hardening, in which it was assumed the 
compressive and tensile strengths were equal. The mesh was divided into regions 
designated to be under compressive and tensile stress; this division was initially a trial 
and needed to be modified manually after each analysis run in order to achieve 
correlation with the experimental load-deflection response. The manual effort involvedl 
combined with the unreliability of this approach in the absence of experimental results 
for comparison, rendered the method unsuitable for general analysis. 
Therefore, the three-dimensional brick element, dedicated to reinforced concrete 
modelling, was used in future trials (Peshkam. et al, 1995). The combination of this 
concrete element and the dedicated concrete model provides the capability to represent 
cracking in three orthogonal directions at each integration point, together with plastic 
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deformation and crushing. Cracking is represented by the smeared approach rather than 
as discrete macro cracks. Close correlation was found between the numerical and 
experimental load-deflection and load-plate strain responses using this concrete-specific 
three-dimensional approach. Fanning (1997) also used ANSYS with similar success. 
Kolsch (1995) modelled composite plated plain concrete beams using the program, 
DLANA, in two dimensions. The distributed (or smeared) concrete cracking approach 
was adopted and the compressive concrete was represented using the Drucker-Prager 
failure surface; satisfactory correlation of the numerical and experimental results was 
obtained. 
Arduini et al (1995) experimentally and numerically studied the responses of steel fibre 
reinforced concrete externally plated with aramid and glass fibre composite plates. The 
smeared crack approach was used since this was felt to be more appropriate than the 
discrete crack method for the finely distributed cracks that resulted due to the bonded 
plate. A bi-linear post-cracking curve was used for the softening behaviour of the 
concrete. Two and three-dimensional meshes were used, in which the adhesive was 
modelled by nonlinear springs with an elastic-plastic behaviour. The midspan 
deflection, plate strain and crack propagation were well represented, but it was difficult 
to estimate the ultimate load due to the increased nonlinearity associated with the 
widespread cracking of the concrete. 
Kaliakin et al (1996) used ABAQUS to model reinforced concrete T-beams with 
externally bonded aramid, E-glass and carbon composite wraps which provided shear 
and flexural strengthening; experimental test results were available for comparison. The 
three-dimensional meshes made use of eight-noded brick elements for the concrete and 
shell elements for the composite; higher order brick elements with twenty nodes were 
also tried but were found to produce little difference in the numerical results, so these 
were discontinued for the sake of reduced computer time. A perfect concrete/rebar bond 
was assumed using three-dimensionally configured bar elements. The failure ratios 
needed to define the concrete compressive failure surface were left at their default values 
since the model was dominated by shear cracking so variations in the failure surface had 
little influence on the results. The unplated control beams exhibited a wide scatter in 
their deflections at a given load because their failures were shear-dominated, so the 
deflections were small and variability was to be expected (Kaliakin et al, 1996). The 
numerical load-deflection response was stiffer than three of the controls and shallower 
than one, so the numerical-experimental correlation was taken as satisfactory. The 
analyses were unable to predict the experimental post-cracking strains of the beams, the 
numerical values having been around five times lower than the experimental strains, so 
the proximity of the composite strain to its ultimate value could not be assessed. 
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He et al (1997b) used ABAQUS to represent CFRP plated beams with one- and two- 
dimensional elements. The one-dimensional model achieved convergence further along 
the load path of the beams than the two-dimensional model, both having given slightly 
stiffer numerical responses than were found experimentally. The 250mm deep and 2.5m 
long concrete beam was modelled by the coarse mesh of 11 by 3 (length by height) 
second order plane stress elements, and the adhesive layer was represented by 11 
elements with the high aspect ratio of 50. The one-dimensional model assumed the 
plated members were able to reach their full flexural capacity, so the numerical ultimate 
loads were much greater than observed experimentally in the mode of premature plate 
separation. The two-dimensional model represented well the orientations of flexural and 
shear cracks in the concrete, and the maximum numerical load reached with the two- 
dimensional model was in better agreement with the experimental results. 
8.3.6 Numerical studies of the present plated beams 
8.3.6.1 Introduction 
As with the analytical method in Part A, it was necessary to first check the numerical 
results for the unplated beams to verify, or otherwise, the suitability of the ABAQUS 
concrete option for the basic concrete member. The plated beams were subsequently 
analysed with a view to predicting the influence of the bonded material. The results 
presented are sufficient to indicate the typical trends found. 
The compressive part of the ABAQUS concrete option models the material behaviour 
after the initially linear range which is set to a desired proportion of the maximum stress; 
this proportion was taken as one-quarter of the compressive strength in the present trials. 
The uniaxial stress-strain behaviour of the concrete was assumed to be that derived by 
Hognestad (1951), shown in Figure 8.1 (page 367). Roughly the first third of this 
parabolic curve may be approximated as linear, so the extent of the initially linear range 
was varied up to a maximum of one-third of the compressive strength; the effect on the 
analysis results over this range was negligible so the fraction of one-quarter was 
subsequently maintained. The maximum compressive stress in this curve is equal to 
0.92 times the cylinder strength which is found from equation 8.1 (page 368) and the 
cube strengths listed in Table 3.2 (page 33). It is necessary to enter also the Poisson's 
ratio of the concrete for the linear region; the value of 0.18 was adopted, this being 
typical (Neville, 1995). 
The subsequent nonlinear region requires the failure ratios to define the failure surface in 
biaxial compression. The default values were adopted for all ratios except that of the 
uniaxial tensile to compressive strength which was based on the values in Table 3.2 
(page 33). The shear retention factor was also left at its default value of unity, so no loss 
of shear stiffness was assumed. Various values of the maximum crack opening, u in 
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Figure 8.57 (page 43 1), were adopted to determine the influence of the tension stiffening 
provision. The analytical study in Part A of this Chapter confirmed the maximum self 
weight section stresses were negligible so no initial conditions were specified to account 
for these. The internal reinforcement configurations of the beams are shown in Figures 
3.8 (page 54), 3.9 (page 5 5) and 3.10 (page 55). 
The ABAQUS program requires uniaxial material properties to be entered in the analysis 
input deck. The properties used for the analyses were initially as determined in the 
characterisation tests of Chapter 3, but it will be shown that alternative values were also 
tried in order to assess the influence of the material parameters on the global numerical 
responses. The adhesive was found in Chapter 3 to become nonlinear after a certain 
tensile stress, but the rate of change in the slope of the uniaxial response, as a function of 
the initial modulus at low stress, was not determined; therefore, the adhesive was 
assumed to behave linearly to failure in the numerical work since various moduli were to 
be used for comparison. The modulus adopted was 8.6 GPa unless stated otherwise. 
The internal tensile rebars were assumed throughout the work to exhibit strain hardening 
in order to prevent the rebars from having zero stiffness which would have made 
convergence more difficult. 
8-3.6.2 Meshes used 
The beams were initially modelled using two-dimensional, isoparametric plane stress 
elements of eight-noded rectangular and six-noded triangular form; Figure 8.58 shows 
the plated mesh for the l. Orn beams, but the mesh for the concrete was the same in the 
unplated members. The 2.3m beams were similarly discretised - ie. the larger concrete 
elements (which were 50mm square) were reduced in size via two layers of triangular 
elements. For the purpose of modelling just the global structural response, simple one- 
dimensional beam elements could have been used instead but, although these would have 
reduced the computer time, it would not have been possible to estimate the stresses in the 
adhesive layer for which the two-dimensional mesh was required, so the two- 
dimensional form was adopted from the beginning. Figure 8.58 shows that only half the 
beam was modelled, taking advantage of the symmetry of the problem and reducing the 
computer processor time as a result. The midspan deflection was monitored at the top 
concrete node and the applied load was taken as twice the reaction at the support pad. In 
order to check the effect of mesh refinement on the results, the 25mm square concrete 
elements of the I. Orn beams were reduced to 10min square and the tensile concrete 
elements were reduced to 5mm square in the bottom 30mm depth of the beam. This was 
found to have no apparent influence on the slopes of the load-midspan deflection and 
load-midspan plate strain responses, since the second order elements shown in Figure 
8.58 were already sufficient in number to represent the bending of the beam, but the 
analyses terminated at lower applied loads due to the convergence failure of the concrete 
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tension plasticity algorithm, as will be shown below. 
The initial consideration in deciding on this mesh configuration was the need to achieve 
small elements at the level of the adhesive and the composite plate, so that the detail of 
the plate end region could be captured. In addition, the element aspect ratio was not to 
be significantly greater than unity in these thin layers. 'Merefore, to avoid using such 
small elements throughout the rest of the mesh, the second order triangular elements 
were used to achieve the changes in dimensions of the rectangular elements. The 
triangular elements were positioned away from the levels of the internal reinforcement 
since ABAQUS cannot accommodate rebars in triangular elements. 
The vertical boundary conditions shown in Figure 8.58 comprised an applied load of IN 
which was incremented at the five positions representing the 50mm. wide steel load 
spreader pad of the experimental beams, and a single vertical restraint at the support pad. 
These conditions arose from initial attempts to model the beam with both the point loads 
and support restraint directly against the concrete; convergence problems were 
experienced at the support due to the stress concentration so the steel support pad 
elements were added, but no problems were reported at the top of the concrete. 
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Figure 8.58 Initial finite element mesh used for the plated I. Om beams (dimensions in 
mm) 
8.3.6.3 Analysis of the unplated beams 
The following graphs make comparisons between the numerical, experimental and 
spreadsheet calculation results, the spreadsheet results, from Part A of the Chapter, are 
referred to as the 'analytical' data. 
Figure 8.59 shows the load-deflection responses of the unplated I. Orn beam, AunpLa, 
with the largest I. Om beam load spacing of 300mm, for the experimental, numerical and 
analytical cases, the numerical responses based on the refined mesh followed the same 
paths as those shown, but the analyses terminated at maximum loads of only 43% of the 
magnitudes shown. The reason for this earlier termination is that the tension plasticity 
algorithm, which modelled the tension stiffening behaviour, failed to converge at a 
greater number of integration points using the more numerous elements of the refined 
mesh, so the increment size had to reduce to a value lower than the minimum specified. 
The specification of an even lower minimum increment size enabled convergence to be 
achieved at a slightly greater number of integration points but not at all points, so early 
- Repeated 
8.3. PARTB: Analysis byfinite elements 443 
---------------- 
termination still occurred. The general behaviour of the I. Orn beams with the 220mm 
and 100mm load spacings was similar. 
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Figure 8.59 Experimental and numerical load-deflection behaviour of beam Aunpi. a 
The numerical response is based on the actual average modulus of the rebars and the 
lower modulus of 200 GPa which was applied to check the effect of this parameter on the 
clearly over-stiff numerical behaviour using a reasonable lower bound value. It is shown 
that the numerical deflections were significantly lower than the experimental values; for 
example, the pre-cracking numerical stiffness, using the actual rebar modulus of 215 
GPa, was 27.71 kN/mm, far greater than the experimental value of 9.32 kN/mm listed in 
Table 4.6 (page 105), and this numerical value was reduced by only 23% using the lower 
steel modulus. A rebar modulus lower than 200 GPa would be unrepresentatively low so 
it would not have been useful to reduce this parameter further. 
The effect of the concrete modulus was assessed by varying its magnitude from the 
experimental value of 35 GPa to the lower level of 20 GPa, the value that was found to 
produce satisfactory correlation of the numerical and experimental pre-cracking 
stiffnesses, as shown in Figure 8.60. While the effect of this low modulus was to reduce 
the initial numerical stiffness of the beam to the experimental level and to slightly 
increase the progression of the analysis after the internal steel yielded, the average post- 
cracking numerical stiffness, with the modulus of 20 GPa, was only 27% lower than the 
value using the actual modulus of 35 GPa, so the absolute magnitude of the modulus had 
little effect when compared with the experimental stiffness which was 44% lower than 
that corresponding to the 20 GPa modulus. Both numerical curves end at the deflection 
corresponding to solution convergence failure- in the stiffer case, this was the failure of 
the concrete compression plasticity algorithm to converge, while the shallower case 
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ended due to failure of the tension algorithm as a result of widespread cracking. 
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Figure 8.60 Effect of the concrete modulus of elasticity on the deflection response 
The shallower case in Figure 8.60 did not fail due to compression convergence because 
the uniaxial stress-strain curve for the concrete did not reach its maximum stress of 
0.92f'c before the ultimate strain of 0.0035, shown in Figure 8.1 (page 367), so no 
convergence problems were experienced in negotiating the sharp change in slope of the 
curve. The reason for the peak not being reached was that 6() (=2f"', /E, ), the strain 
corresponding to the maximum stress, was greater than 0.0035 due to the low modulus. 
However, with the higher modulus, the peak compressive stress was reached 
numerically. 
Therefore, even if the concrete modulus was reduced to 20 GPa, 57% of the actual 
experimental value, the numerical response was still too stiff. Variation of the material 
characteristics in this way is not a justifiable method of achieving correlation with 
experimental results since the modification is likely to vary between beams of different 
configurations and actual material properties, as was found by Peshkam el al (1995). 
However, the above results serve to demonstrate the small influence of such material 
variations on the numerical response. 
The stiffness of a reinforced concrete beam is influenced also by the tension stiffening 
behaviour of the reinforcement which determines the stiffness generated by the transfer 
of tensile stress to the intact concrete between cracks. This behaviour is modelled in 
ABAQUS using the value of the maximum crack widening, u, corresponding to the 
complete fall off in tensile stress. The value of u is not an experimentally measured 
quantity so it is justifiable to vary its magnitude from the 0.05mm recommended by HKS 
for normal strength concrete. Figure 8.61 shows the influence of the value of u, 
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indicating the further progress made by the analysis as the value increases, the numerical 
responses are based on the actual experimental material characteristics for the concrete 
and rebars. It is shown that the initial stiffness of the member is unaffected by the 
tension stiffening provision, as would be expected since tension stiffening has not yet 
come into play in this initially uncracked region of the loading range. After the onset of 
tensile cracking, the larger values of u allowed the analysis to progress further because 
the stiffness of the member fell less dramatically, due to the stiffness retention associated 
with the tension stiffening, the increasing slopes of the curves, with rising tension 
stiffening, are shown in Figure 8.61. 
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Figure 8.61 Effect of the tension stiffening parameter on the deflection response 
Therefore, the above results have shown that the material properties cannot be reduced 
sufficiently to achieve correlation of the pre-cracking responses unless unreasonably low 
moduli are assumed. In addition, such unreasonably low material characteristics will 
still not produce post-cracking correlation of the numerical and experimental responses, 
so it is deduced that the post-cracking representation of the ABAQUS concrete model is 
fundamentally inappropriate. The error clearly lies in the representation of the global 
stiffness degradation, a feature dominated by the modelling of stiffness reduction due to 
concrete cracking. The same problem was experienced with the larger 2.3m unplated 
members, such as beam Bunpl. /2.3m represented in Figure 8.62, and the 4.5m beams (not 
shown). The Figure shows that the progression of the analysis was greater using a higher 
value of the tension stiffening parameter, u, and that the analysis which ran beyond the 
onset of yield failed soon after yield, consistent with the convergence failure of the 
concrete compression plasticity algorithm in the I. Orn beams. Although not shown, the 
lowering of the concrete modulus of elasticity to the unreasonably low level of 20 GPa 
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had the same effect as in the I. Orn beams - ie. the numerical pre-cracking stiffness 
correlated well with the experimental behaviour, but the numerical response after 
cracking was too stiff. For the 2.3m beam, Figure 8.62 shows that the tension stiffening 
parameter had to be raised to the relatively high value of 0.4mm before the failure of the 
tension plasticity convergence was overcome, thereby allowing the numerical yield load 
to be reached, the value of 0.4mm was reached by incrementing u in steps of 0.1 mm. 
Figure 8.62 Experimental and numerical load-deflection behaviour of beam Bunpl. /2.3ni 
The plated I. Orn and larger beams were analysed next to see if the same lack of 
correlation existed for these experimentally stiffer members. 
8.3.6.4 Analysis of the plated beams 
Figure 8.63 shows the experimental, numerical and analytical deflection responses of the 
Lom beam, Ala - ie. with the 0.50 by 90mm plate and the 300mm load spacing. The 
tension stiffening parameter, u, was set to 0.05mm for these numerical curves since this 
value was found, for the unplated beams, to allow the analysis to proceed as far as rebar 
yield without adding further stiffness to the behaviour, as shown in Figure 8.61 (page 
446). Figure 8.63 shows the numerical behaviour to have been over-stiff for the plated 
member, consistent with the unplated results. The concrete modulus had to be reduced 
to the low value of 25 GPa to achieve numerical/experimental correlation in the elastic 
range. This value is higher than the 20 GPa required for the unplated beam (Figure 8,60 
(page 445)), suggesting the numerical elastic response of the plated beam was less in 
error than the unplated numerical response, indeed, the numerical unplated slope, in the 
initial elastic range, was 197% greater than the experimental value, while the plated error 
was at the lower level of 66%. 
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Figure 8.63 Experimental, numerical and analytical deflection behaviours of beam AIa 
Although the initial elastic numerical behaviour correlated well with the experimental 
results using E, = 25 GPa, the post-cracking and post-yield numerical stiffnesses . oncrete 
were similar to the values based on Econcrete = 35 GPa, so the shallower numerical 
response was still far stiffer than the experimental behaviour throughout the majority of 
the loading range, consistent with the unplated finding. 
The pre-cracking numerical response corresponded with the analytical behaviour based 
on ft = 2.5 N4Pa, greater than the value of I MPa which was found in Part A of the 
Chapter to produce reasonable correlation with the experimental results. However, 
although the initial elastic deflections were underestimated numerically, the initial plate 
strains were well represented, as shown in Figure 8.64 which compares the experimental, 
numerical and analytical plate strains. The Figure shows the initial numerical response 
to have correlated well with the analytical curve based on fct = 2.5 MPa which is 
appropfiate for the uncracked concrete. Therefore, the agreement of the uncracked 
experimental and numerical plate strains confirms the initial section rotation is well 
represented by the finite element model but, as with the deflections, the post-cracking 
numerical rotations are too low so the tensile concrete retains too much stiffness after the 
specified tensile strength is reached. 
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Figure 8.64 Experimental, numerical and analytical plate strain responses of beam AIa 
The numerical curve in Figure 8.64 is also based on u=0.05mm, the value chosen as a 
result of the unplated trials. However, by varying this tension stiffening parameter in the 
plated beam, the curves in Figure 8.65 were obtained. 
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Figure 8.65 Effect of the tension stiffening parameter on the deflection response of 
beam Ala 
The Figure shows results for values of u ranging from O-Olmm to 2.00mm - ie. either 
side of u=0.05mm. It can be seen that the tension stiffening parameter had little effect 
on the numerical response, particularly when varied from 0.50mm upwards. In the 
unplated beams, the failure point was defined as the onset of yield which was reached 
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using u=0.05mm, but the plated failure is defined simply as the point at which 
convergence no longer occursI- therefore, Figure 8.65 shows that the value of u= 
0.0 1 mm would seem most appropriate since the numerical stiffness was lowest, although 
this relatively low stiffness was at the expense of the maximum deflection reached - le. 
lowering the tension stiffening value caused earlier analysis termination, as was the case 
with the unplated beams. 
The numerical/experi mental correlation for the GFRP plated beam, A2b(iFRP, showed 
the same general characteristics as for the above CFRP plated beams, as shown in 
Figures 8.66 and 8.67 for which the numerical curves are based on u=0.0 1 mm. The 
initial elastic deflections were underestimated numerically but the plate strains were well 
represented in this range. 
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Figure 8.66 Experimental, numerical and analytical deflections of beam A2b(jIRP 
The addition of the bonded plate introduces the adhesive material into the composite 
system, so the influence of the adhesive modulus on the numerical response needs to be 
determined. Figure 8.68 shows the plated deflection responses of beam Ala based on 
various adhesive moduli. It is seen that the reduction of the modulus to approximately 
half its experimental value caused a negligible change in the global beam behaviour; 
even the large reduction to 0.1 GPa, 1.2% of the experimental modulus, caused little 
reduction in the pre-yield stiffness, although the yield load was reduced by 
approximately II%. 
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Figure 8.67 Experimental, numerical and analytical plate strain responses of beam 
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Figure 8.68 Effect of adhesive modulus on the deflection response of beam AIa 
The reason for the reduction in yield load, with the adhesive modulus of 0.1 GPa, is the 
less efficient transfer of strain from the concrete to the plate via shear of the adhesive, the 
softer adhesive is predicted to experience a greater shear strain throughout the plated 
length, causing less tensile strain to be developed in the plate. Figure 8.69 shows the 
shear strain of the stiff and soft adhesives at the applied load of 2.3 kN, corresponding to 
one of the numerical increments below the predicted concrete cracking loads of 8.25 kN 
and 8.14 kN with the stiff and soft adhesive, respectively. This distribution of shear 
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strains corresponds to the shear stresses shown in Figure 8.70. 
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Figure 8.69 Numerical adhesive shear strains of beam AIa at 2.3 kN applied load 
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Figure 8.70 Numerical adhesive shear stresses of beam AIa at 2.3 kN applied load 
The shear stress and strain distributions show peak magnitudes near the end of the plate 
and falling values with distance along the plate, it will be shown in Chapter 9 that this 
form is typical. The shear stress and strain, based on the adhesive modulus of 0.1 GPa, 
rise initially near the plate end before falling again, while the values for the stiffer 
adhesive show no such initial rise. This is because the plots are based on the stress and 
strain averaged at the element centrolds, and the peak for the stiffer adhesive occurred 
within the first half of the first adhesive element, suggesting the peak shear becomes 
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concentrated nearer the plate end as the adhesive modulus increases, this result is typical 
of the trend expected with varying adhesive moduli, as will also be seen in Chapter 9. As 
a result of the reduced strain transfer to the plate with the softer adhesive, the global 
structural stiffness was lower throughout the majority of the loading range, as shown in 
Figure 8.68, the plate strain comparisons were of similar form to these deflection curves. 
At the higher applied load of 25 kN, which Figure 8.68 (page 45 1) shows to be near yield 
of the beam with the soft adhesive, the adhesive shear strains were numerically affected 
by the cracking of the concrete, as shown in Figure 8.71, but the shear of the softer 
adhesive was, as expected, still greater than that of the stiffer material, thereby 
maintaining the trend of lower tensile strain transferred to the composite plate. After the 
initial rise and fall in shear strain near the plate end, the shear of the adhesive in Figure 
8.71 rises to a relatively high value due to the increasing post-cracking strain (with rising 
bending moment) registered in the adjacent concrete elements, before falling towards 
zero strain in the constant moment region. 
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Figure 8.71 Numerical adhesive shear strains of beam Ala at 25 kN applied load 
The above numerical underestimations of midspan plate strain were recorded also 
throughout the remainder of the plate, as shown in Figure 8.72 for the failed shear span 
of beam Ala, this general comparison of numerical and experimental results is typical of 
the beams of all sizes. The discrepancy between the predicted and experimental strains 
was greater at 35 kN than at 20 kN in beam Ala since the higher load was above the 
yield load, the post-yield region of the loading range being that in which the numerical 
and experimental stiffnesses differed the most. 
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Figure 8.72 Experimental and numerical distributions of plate strain in beam AIa 
The comparison of the experimental, numerical and analytical responses of the plated 
2.3m and 4.5m beams showed similar general characteristics to the above I. Om beams, 
as shown by the deflections in Figure 8.73 for the 2.3m beams, the midspan plate strains 
were of similar general form. Again, the initial elastic numerical deflections and plate 
strains at midspan followed the analytical path based on ft = ft, the tensile strength of the 
concrete. 
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Figure 8.73 Experimental, numerical and analytical deflections of the first batch 2.3m 
beams, BI and B2 
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Strain gauge locations 
The 2.3m and 4.5m beams were additionally instrumented with electrical resistance 
strain gauges on the top face of the beam, providing the numerical compressive strains 
shown in Figure 8.74 for the 2.3m beams. 
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Figure 8.74 Experimental, numerical and analytical compressive strains of the first 
batch 2.3m beams, BI and B2 
The Figure shows the close correlation of the numerical and fct = 2.6 MPa analytical 
compressive responses in the initial elastic range, consistent with the plate strain and 
deflection findings; also, the numerical post-cracking compressive strains were 
underestimated, again reflecting the excessive global stiffness. However, although the 
numerical compressive response was too stiff, the maximum numerical strain magnitude 
reached was 2904 microstrain which represents 83% of the assumed 3500 microstrain 
corresponding to compressive flexural failure. This shows the numerical method 
achieved nearly the whole flexural loading path, although the numerical maximum load 
was 21% greater than the experimental because the failure mode in practice was 
premature plate separation rather than full flexure. 
Although the numerical stiffnesses of the beams were too high, the finite element method 
was able to produce the general form of concrete cracking that would be expected of 
unplated and plated beams, as shown for some of the elements in Figures 8.75 and 8.76 
which represent beams Apl. a and Ala as examples, these crack patterns correspond to 
the last numerical increment before convergence failure. The red dots in the Figures are 
the element integration points at which the orientation of the principal tensile stress was 
given as a direction cosine, the crack orientations shown are orthogonal to the directions 
of the principal tensile stress. As found experimentally, the numerical crack orientations 
were vertical in the constant moment region and became inclined in the shear spans. The 
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reason for the exceptionally inclined cracks in the unplated constant moment region is 
unclear, but may be the interaction of the tensile stresses in the cracked elements and the 
compressive stresses in neighbouring elements. Also as expected, the number of cracks 
in the unplated beam was smaller than in the plated member, reflecting the ability of the 
plate to allow further cracks by increasing the ultimate capacity of the beam. 
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Figure 8.75 Numerical crack positions and orientations of beam A. Pj. a 
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Figure 8.76 Numerical crack positions and orientations of beam AIa 
t 
t 
The cracks are omitted from the relatively small elements in the Figures for the sake of 
clarity, but an examination of all elements in which cracks existed showed the cracking 
to extend as far as a position approximately 100mm and 50mm from the beam support in 
the unplated and plated cases, respectively; the plated distance of 50mm is 
approximately that beyond which the adhesive shear strain began to rise, as shown in 
Figure 8.71 (page 453). Analysis convergence failure prevented the shear crack at the 
end of the plate, in this and other series 'a' plated beams, from being represented 
numerically, this shear crack initiated plate separation, as indicated in Figure 4.10 (page 
81). 
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8.3.7 Discussion of the numerical work 
The main general finding of this work is that the numerical stiffnesses of all beams were 
much greater than the experimental stiffnesses, based on deflection, plate strain and 
concrete compressive strain. By determining the numerical and experimental stiffnesses, 
it is found that the numerical over-stiffness was lower for the plated beams which were 
experimentally stiffer than the unplated members; the error in both the unplated and 
plated beams was greater after the concrete cracking load. As far as the concrete is 
concerned, the difference between a plated and an unpIated beam is the width of concrete 
cracking and the number of cracks, so the concrete model needs to represent the tension 
stiffening behaviour at a greater number of narrower cracks in a plated beam, while the 
unplated tension stiffening applies to fewer wider cracks. However, although wide 
macro-cracks occur experimentally, ABAQUS assumes the cracks to occur as distributed 
micro-cracks, at each of which the loss in flexural rigidity due to concrete cracking needs 
to be represented by the tension stiffening model. Therefore, the relatively serious 
underestimation of the loss in unplated global stiffness, due to concrete cracking, was 
associated with an insufficient reduction in flexural rigidity at many micro-cracks - ie. 
the rapid rate of loss in the experimental rigidity was not matched numerically by the 
tension stiffening model. However, in the plated beams, the experimental rate of rigidity 
loss at the narrower cracks was lower, due to the bonded plate, so the numerical rate of 
loss was a better approximation of the experimental case. 
In both the unplated and plated beams, the success of the numerical convergence was 
improved by adopting a larger value of the maximum concrete crack opening, u in Figure 
8.57 (page 43 1) - ie. by assuming the tensile stress fell more gradually which reduced the 
magnitude of the discontinuity in the concrete tensile behaviour. However, while a 
larger value of u is better as far as numerical convergence is concerned, the effect is to 
increase the numerical error by fin-ther stiffening the global response. This balance 
between convergence success and numerical accuracy is a fundamental problem 
associated with the ABAQUS approach to modelling concrete cracking. The success of 
the verification trials of the Jain and Kennedy (1974) and McNiece (1967) slabs suggests 
the error in the analyses of the present beams was due to some peculiarity of these 
particular specimens. Since no particular feature of the beams stands out as a clear cause 
of the error, it is suggested that the ABAQUS concrete model needs to be re-assessed to 
judge its appropriateness for concrete structures in general. 
The author consulted HKS for advice on possible reasons for the numerical over- 
stiffness of the beams which is contrary to the good correlation with experimental data of 
the Jain and Kennedy (1974) and McNiece (1967) slabs. The suggestions resulting from 
these enquiries, and from discussions at an HKS course on concrete modelling (HKS, 
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1996a), were to reduce the value of u in the tension stiffening model and to use 
rectangular elements only to represent the concrete. The latter suggestion arose from 
trials of simple unplated meshes with rectangular elements only and with a combination 
of rectangular and triangular elements, the latter having produced a stiffer load- 
deflection response CEIKS, 1996b); the former suggestion had already been tried, as 
shown in Figures 8.61 (page 446), 8.62 (page 447) and 8.65 (page 449). As explained 
earlier, the triangular elements were required for mesh refinement towards the levels of 
the adhesive and plate. 
In addition to the above two-dimensional numerical trials, simple three-dimensional 
meshes of eight-noded (first order) and twenty-noded (second order) brick elements 
were used to represent the unplated I -Om 
beam, A,, "pj. a. The elements were 25mm cubes 
and the internal rebars were appropriately configured in three dimensions. In keeping 
with the suggestion of using only rectangular elements in two dimensions, no pyramid 
elements were used for mesh refinement in the three-dimensional cases. It was found 
that the analyses did not progress as far along the loading path to beam failure as in the 
two-dimensional cases with the same sized elements in compression. Refinement of the 
three-dimensional elements to l0mm cubes throughout did not improve the progression 
of the analyses but increased the computer time considerably; analysis termination was 
due to the convergence failure of the concrete compression plasticity algorithm. 
As a result of the lack of numerical/experimental correlation, the spreadsheet calculation 
procedure of Part A was more appropriate for predicting the global deformation 
characteristics of the unplated and plated beams. However, the potential advantage of 
the finite element method, in the present context, is the ability to record detail in specific 
regions of a beam so that localised failures, such as the onset of plate separation, can be 
traced. Unfortunately, no benefit was gained from this advantage because no reliability 
could be attached to the detailed results due to the inaccuracy in the representation of the 
global deformation behaviour. 
As stated in Chapter 3, the linear potentiometers were found to have a maximum error of 
±1.5%, far lower than the large numerical errors in the deflections, so the error in this 
instrumentation is discounted as a possible cause of the numerical/experimental 
discrepancy. The type of electrical resistance strain gauge which was bonded to the 
composite plates was used also in the characterisation of the steel rebar samples, for 
which the expected modulus of elasticity of this consistent material was obtained, as 
shown in Table 3.3 (page 34), suggesting the strain gauges were not vastly in error; 
indeed, the manufacturers indicate an error of ±1% in the gauge factor. Also, the plate 
strains broadly correlated well with the analytical results in Part A of the present 
Chapter, suggesting the experimental load and deformation were recorded accurately. 
8.3. PARTB: Analysis byfinite ekments 458 
The load cells used for both the material characterisation tests and the beam tests were 
calibrated periodically to confirm their consistency, so this instrumentation is also 
discounted as a cause of the inconsistent discrepancy between the numerical and 
experimental results. 
8.4 Conclusions 
The analyses based on the manual calculation of flexural behaviour lead to the following 
main conclusions: 
,t=I 
NTa is appropriate for estimating the initial " the partially cracked section with f,, 
maximum deflections of both unplated and plated beams, but the cracked section 
becomes more suitable at higher applied loads; 
" the internal tensile rebars may be taken to be elastic-perfectly plastic since the 
influence of their strain hardening behaviour is negligible in the plated section; 
" when the plated section fails in flexure, the cracked section produces the best estimate 
of the ultimate capacity; 
" when the flexural failure is in concrete compression, the rectangular stress block of 
BS 8110 leads to a close approximation of the ultimate capacity of unplated and 
plated beams based on the parabolic stress block; 
" the experimental plate end strains are initially consistent with the moment-curvature 
response characteristic of the particular materials and dimensions of the plated 
section, assuming the concrete in tension remains intact; 
" the tension stiffening effect is enhanced by the bonded plate and the enhancement is 
greater with a higher ratio of plate area to beam area, consistent with the greater 
improvement in the plated flexural rigidity. Consequently, an estimate of the neutral 
axis position of a non-prestressed beam must be based on an average tensile stress at 
rebar level greater than the I NTa assumed in BS 8110 for unplated beams; 
" in the absence of premature plate separation, a GFRP plated beam will usually fail 
ultimately in concrete compression due to the low modulus of elasticity of the plate; 
"a narrow bonded plate will behave compositely with its parent beam over the width of 
the adhesive bond, but the flexural section strains outside this width will be greater 
than those associated with composite action; 
" for beams with prestressed plates, the immediate elastic prestress loss will lie between 
the predicted values corresponding to intact and cracked concrete above the neutral 
axis, unless the prestress is high for the size of beam considered, in which case the 
analytical value based on the cracked section will be an underestimate; 
" the response to applied load of prestressed beams is modelled well using the same 
presently applied analysis procedure as for non-prestressed members; 
" the likelihood of concrete compressive failure is reduced as the plate prestress 
increases. For a given beam configuration, there will be a prestress at which the 
section is predicted to fail flexurally by the simultaneous actions of steel yield, plate 
fracture and concrete compression, thereby creating a completely balanced failure; 
4. Conclusions 459 
based on flexural considerations only, it is found that a very high prestress is not 
necessarily of benefit in terms of the ultimate capacity of the plated beam. The 
optimum prestress may well be lower than the value of 50% which was suggested in 
the review of Chapter 5 to be the necessary level for a viable strengthening system; 
the similarity in the broad comparison of analytical and experimental behaviour, for 
the Lom and larger beams both with and without plate prestress, confirms the validity 
of the smaller scale I. Orn beams for representing the general responses of larger 
beams. 
The manual analysis method assumes failure occurs in flexure, a mode found 
experimentally to be approached with a high shear span/depth ratio and a low plate area 
ratio. Given the relatively long beams used in construction and the low plate area ratios, 
flexural failures may be possible and the analysis method presented will be appropriate 
for estimating the ultimate moment capacity which can be translated into an applied load 
for a particular loading configuration. The suitability of the rectangular BS 8110 stress 
block for concrete in compression implies such an analysis technique could be 
incorporated into design calculations for compressive flexural failures which typically 
represent the greatest combinations of internal and external area ratios, as seen in the 
failure diagrams for non-prestressed beams. However, the experimental work of Chapter 
4 demonstrated that flexural failures are not as likely as the premature separation of the 
plate for which various analytical techniques have previously been developed, as will be 
shown in the next Chapter. 
The numerical finite element review and the present studies resulted in a number of main 
conclusions which can be summarised as follows: 
numerical reinforced concrete models contain a number of discontinuities due to 
cracking and crushing of the concrete, yielding of the internal reinforcement and bond 
slip at the concretelrebar interface. As a result of these discontinuities, it has 
previously and presently been found difficult to establish a numerical loading path to 
failure; 
an externally bonded plate introduces the additional potential failure mode of 
premature plate separation so a greater number of failure events may need to be 
represented concurrently, making it even more difficult to obtain the full load history 
numerically; 
a variety of methods exists to represent the compressive and tensile behaviour of the 
concrete and no one of these is universally applied. The compressive behaviour is 
generally approximated to exhibit the characteristic of yielding found in soils and 
metals, but the triaxial response of concrete remains a matter for discussion due to the 
lack of experimental data; 
8.4. Conclusions 460 
the loading range of a reinforced concrete member is dominated by the effects of 
concrete cracking, so this tensile aspect of the behaviour is the most important. The 
post-cracking capacity of the concrete must be reduced numerically at a sufficiently 
low rate to permit plasticity convergence but, at the same time, not so slowly as to 
cause excessive structural stiffness; 
ABAQUS uses the same tension model to represent both the tension stiffening 
generated by the internal rebars and the post-cracking behaviour of the plain concrete. 
As a result the gradual post-cracking stress reduction, which represents the tension 
stiffening behaviour, causes too much stress to be sustained by the plain concrete after 
cracking, leading to the globally over-stiff response; 
Part A of the Chapter indicated that the combined tension stiffening behaviour of the 
internal rebars and external plate is greater than that associated with the rebars, alone, 
as would be expected due to the additional stress transfer action of the bonded plate. 
To model this additional tension stiffening, the maximum numerical crack opening, u, 
would need to be increased beyond that associated with unplated beams but, as 
shown, this has the effect of ftirther increasing the member stiffness; 
the convergence difficulty associated with concrete cracking is accentuated when the 
tensile region of the beam is refined, since more cracked integration points need to 
achieve convergence of the tension plasticity algorithm, causing earlier analysis 
termination due to more widespread convergence failure; 
the material properties may be varied to 'fine tune' the numerical behaviour and 
improve its correlation with experimental results, but this is not a valid method 
because the modification will vary from one case to another and there will, therefore, 
be no reliability in the absence of confirmatory experimental results. 
The ABAQUS program was clearly unable to represent the responses of the plated 
beams to applied load, so it will be necessary to investigate the use of alternative 
programs with more appropriate representations of the concrete behaviour under flexural 
loading. It is known from the ROBUST project that ANSYS, with its concrete-specific 
element (Swanson Analysis Systems, 1989), is capable of modelling plated beam 
responses, as reviewed in section 8.3.5 (page 436); the program, DMNA, also has the 
facility for modelling specifically concrete and other brittle materials (TNO, 1995). 
In summary, this Chapter has presented two distinctly different methods of flexural 
analysis, the first with the advantage of simplicity in design calculations for global 
behaviour, and the second with the potential advantage of providing detailed results for 
localised regions of a plated member. Fundamental assumptions of material and 
interaction behaviour need to be made in both methods, these having been validated by 
the spreadsheet calculation technique of Part A. Consequently, the spreadsheet approach 
is a simple form of global analysis once the calculation equations are set up, and the 
method can be simplified to the level of standard design procedures when the flexural 
failure mode would be dominated by concrete compression rather than plate tension. 
Although the numerical program used in the present work was unsuitable, the advantage 
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of detailed analysis using finite elements would become important when designing 
features under locally high stress, such as the plate end anchorage region of a plated 
beam loaded under a low shear span/depth ratio. Under higher shear span/depth ratios, 
when plate separation is initiated within one of the shear spans, the numerical procedure 
would have the advantage of being able to rapidly calibrate modes such as the shear step 
of Figure 4.47 (page 141), for which more work is required to form design equations. 
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Chapter 9 
Studies of premature plate separation 
Chapter 8 considered the flexural analysis of plated beams, using the assumption that 
beam failure occurs when either the concrete or plate reaches its ultimate strain. If the 
cross sectional area of the plate is sufficiently small, or if the plate is prestressed, then 
flexural failure by plate tensile fracture can occur. However, flexural failures are not 
usual for plated beams; a premature failure usually occurs due to separation of the 
bonded plate from the beam before the full flexural capacity of the section can be 
reached, as shown for the CFRP plated beams of Chapter 4. Premature failures are 
undesirable in practice since the load at which they occur cannot be determined 
accurately (unlike flexural failure loads), as shown throughout this Chapter which 
considers the experimental and analytical studies of plate separation that have been 
reported in the literature and undertaken in the present investigation for the beams tested 
without plate end anchorage in Chapter 4. 
9.1 Introduction 
Studies of lap shear joints and externally bonded plates have shown that the adherends 
impose shear and peel stresses in the adhesive due to the adherend deformation that 
occurs under load. In plated beams, high localised shear and normal stresses exist in the 
adhesive layer over a short distance at the end of the plate; these stresses fall rapidly in 
magnitude with distance from the end of the plate, as will be seen. The plate end 
distance over which the peak stresses are reached is of the order of the adhesive 
thickness (Roberts, 1989) and smaller than the largest aggregate in the concrete of 
externally plated beams (Kaiser, 1989). The plate end is a location at which a 
discontinuity occurs due to a sudden change in cross section from the plated to the 
unplated member, positions of abrupt section changes are generally associated with 
9.1. Introducdon 463 
stress concentrations. The mismatch in the modulus of elasticity of the adherends and 
adhesive also contributes to the stress concentrations since this mismatch causes strain 
incompatibilities that can only be accommodated by distortion of the adhesive layer 
(Mays, 1993). The magnitude of the stress concentration is amplified by various factors, 
including the dimensions and moduli of the adherends and adhesive, as shown in the 
analyses throughout this Chapter. In adhesive bonded lap joints, for example, it is well 
known that the joint strength is increased by tapering the adherends towards the ends of 
the bond line (Thamm, 1976) and including a fillet of adhesive at the ends of the bond 
(Adams and Harris, 1987). The concentrated plate end stresses are several times greater 
than the theoretical uniform shear stress determined by elastic theory. When plate 
separation is caused by the concentrated plate end stresses, the transfer of the 
concentrated stresses into the beam usually causes the fracture of the layer of cover 
concrete to the internal tensile reinforcement. The stresses are associated with the 
tendency of bonded plates to peel away from the beam, caused by the tensile force in the 
plate; the magnitudes of the stresses are reduced by a more gradual rise in tension with 
distance from the end of the plate. 
Meier et al (1992; 1993a; 1993b) described other plate separation failure modes that are 
potentially possible. Since the stress concentrations are also interfacial, failures may 
occur by debonding of the adhesive fi-om the concrete and/or the plate. Also, plate 
separation may occur by cohesive failure of the adhesive, although this is less likely 
because the shear strength of the adhesive is usually much greater than that of the 
concrete. An alternative mechanism by which the concrete cover layer can separate is by 
the opening (ie. vertical displacement) at the base of a main shear crack away from the 
end of the plate. The present beam tests (Chapter 4) have shown that this occurs when 
beams are loaded under higher shear span/depth ratios than those associated with plate 
end peel. Meier and Kaiser (1991) commented that this is a dangerous failure mode that 
calls for a careful consideration of the shear adequacy of plated beams. Under even 
higher shear span/depth ratios, plate separation is flexurally dominated, a mechanism 
also described in Chapter 4 for the present beams. Holzenkdmpfer (1990) noted that 
adhesive bond failure may propagate towards the plate end from the base of flexure- 
shear cracks. Horizontal shear failure of the concrete immediately above the plate may 
occur, this usually being a secondary failure, and interlaminar shear fracture of the plate 
may also be observed as a secondary failure (Meier el al, 1992; 1993 a; 1993b). 
The purpose of applying the analytical methods to the present beams is first to establish 
the applicability of the methods to beams tested under a range of shear span/depth ratios 
and with different plate aspect ratios (ie. plate width divided by thickness). It is known 
from the tests reported in Chapter 4 that the influence of plate end peel diminishes with 
increasing shear span/depth ratio, so it is expected that methods based on peel become 
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unsuitable for beams with long shear spans; this is confirmed by comparison of 
analytical and experimental results. The interaction of the applied shear force and 
bending moment is investigated for different shear span/depth and plate aspect ratios. 
The calculated effects of varying the plate and adhesive material properties are compared 
with trends determined in previous experimental work. 
9.2 Review of experimental plate separation studies 
The review of plate bonding work in Chapter 2 shows the progression of knowledge on 
the general strengthening effects of plating. Therefore, it is the intention of this section 
to concentrate specifically on research into the plate separation phenomenon. The failure 
modes recorded in the literature are reviewed and the effects of varying the adhesive and 
plate dimensions and material properties are noted for subsequent comparison with the 
results of the analytical methods. 
9.2.1 Beams strengthened with steel plates 
Irwin (1975) instrumented the ends of the steel plate to determine longitudinal and 
vertical plate movements during the loading range to failure. At the end that separated, 
no longitudinal movement was indicated until approximately 56% of the failure load had 
been applied. Subsequent longitudinal movement was 0.05mm at 84% and 0.1mm at 
93%; the non-failed end experienced only O. Olmm at 93% of the maximum load, 
indicating the relatively high plate movement associated with plate separation. 
Macdonald (1978) also recorded a rise in the rate of plate end movement with respect to 
applied load, some time before complete plate separation. This increasing rate was 
associated with a drop in plate end strain, caused by the onset of plate separation; the 
onset occurred at 68% and 87% of the maximum load for the 6.5mm and 10mm plate 
thicknesses used, respectively. The plate widths were equal for both cases so the higher 
aspect ratio was associated with the relatively earlier onset of plate separation. In 
contrast, the CFRP plates used in beams Ala, Alb and Alc in the present study (Table 
4.27 (page 186)), in which plate separation was also initiated by plate end peel, started 
separating at 98%, 97% and 91% of their respective maximum loads; the plate aspect 
ratios were 180.0.81.7 and 41.6, respectively, indicating the more progressive separation 
of thick, narrow plates and the abrupt separation of thin, wide plates. 
Jones et al (1980) experimentally studied the effect of varying the plate and adhesive 
thickness; the latter was either uniform or linearly variable throughout the plated length 
and the plates were bonded in either one or two layers. Steel adherend double lap shear 
tests were used to find the shear strengths of the two adhesives used; the strengths were 
similar for the liquid and paste consistency materials and decreased with increasing 
thickness, a typical trend (Dukes and Bryant 1969). Ultimate failures were in concrete 
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compression so increasing the plate thickness caused improved maximum loads. 
However, before compressive failure, a shear crack through the concrete depth initiated 
plate separation towards the beam support when the plate thickness was doubled. It was 
concluded that a wide shear crack in the concrete appears to lead to undesirable 
separation of the plate at the root of the crack and the separation propagates rapidly to the 
support (Jones el al, 1980). Under low shear span/depth ratios, the plated beams 
experienced improved stiffness over comparable unplated beams but the shear capacity 
was not improved. The beam with the tapered adhesive layer, varying from 3mm to 
6mm, failed at a marginally higher load than that with the uniform adhesive thickness of 
3.5mm. Since the beam failures started with yielding of the plate, the improved load 
appeared to be associated with the increased average lever arm of the plate. 
Weder and Ladner (198 1) tested steel plated beams in such a way that the plate extended 
into the region of zero bending moment beyond the support at each end of the beam. The 
bonded plate length in this region was varied with plate width to maintain a constant 
bonded area in this length. Therefore, the bond length and plate aspect ratio were varied 
simultaneously, such that a short bond length was associated with a high aspect ratio, and 
vice versa. The beams strengthened by the plate with the highest aspect ratio (ie. shortest 
bond length) failed in flexure, whereby yielding of the steel plate preceded concrete 
crushing at the top of the beam. This indicated that a high plate aspect ratio may 
compensate for a short bond length, preventing failure in the concrete cover to internal 
reinforcement. Beams with lower plate aspect ratios and greater bond lengths failed by 
separation of the concrete cover layer from the internal rebars, highlighting the inability 
of long bonded lengths to prevent this failure mode when the plate was narrow and thick. 
The work determined that the strength of an externally bonded plate joint increases with 
the form factor, k defined as ?, = 4(l. b/t), where I and b are the bond length and width, 
respectively, and t is the plate thickness. 
The flexural load tests of open sandwich beams by Ong et al (1982) revealed that 
increasing the adhesive thickness can change the failure mode of diagonal tension in the 
concrete to flexural failure by plate yielding followed by concrete crushing. The 
increase in adhesive thickness was approximately two fold and the flexural failure was 
presumably caused by the increased lever arm of the plate. Cusens and Smith (1980), in 
their study of open sandwich beams, also observed a change from premature plate 
separation to full flexural failure with increasing adhesive thickness. 
Jones el al (1982) and Jones and Swamy (1995) reported tests of beams that were either 
under- or over-reinforced after plating to compare the failure modes and applied loads; 
the under- and over-reinforcement condition was controlled by varying the plate 
thickness. In the under-reinforced sections, the expected flexural failures occurred by 
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plate yielding followed by concrete crushing, whereas the over-reinforced beams and a 
beam in which the section was balanced experienced plate separation before yielding or 
concrete compression failure. This premature failure mode started with a short crack in 
the concrete immediately above the adhesivelconcrete interface, extending (initially) 
slowly with further applied load before propagating rapidly towards the loading position. 
The typical pattern of shear cracks for reinforced concrete beams was superimposed by 
diagonal cracks that propagated from the soffit to the level of the internal tensile 
reinforcement at several positions throughout the failed shear span. These latter cracks 
were attributed to the combined action of the plate tension and the vertical forces in the 
plate tending to separate the plate from the concrete; these two forces comprise an 
equivalent system representing the plate/concrete shear stress acting on the beam. The 
vertical force is applied as a tension to the adhesive layer and, therefore, to the concrete; 
as plate separation progresses, the effective end of the plate moves towards the load point 
so the vertical force is applied progressively to the whole of the shear span, causing the 
series of superimposed cracks to occur (Jones el al, 1982; 1988). It was suggested by 
Jones el al (1988) that the peeling stresses acting on the bond are relatively small and 
first become significant after plate separation has begun by the initiation of a horizontal 
shear failure in the concrete adjacent to the plate; the action of the peeling stresses are 
associated with the subsequent rapid propagation. A similar change from a flexural 
failure to a premature failure was recorded by Parmeswaran et al (199 1) when the plate 
thickness was approximately doubled; the premature plate separation occurred after a 
shear crack through the beam depth appeared at the end of the plate. 
The need for plate end anchorage, to prevent or delay plate separation, was 
acknowledged by Jones and Swamy (1984); plate separation reduces the beam to an 
unplated section that cannot sustain the energy released, creating the rapid propagation 
typical of this failure mode. Bond stresses, reported from strain gauge readings by Jones 
et al (1998) and Swamy and Jones (1990), confirmed the existence of peak values in the 
vicinity of the plate end. The locations of the peak values remained stationary with 
increasing applied load until plate separation began, beyond which point the peaks 
moved away from the end of the plate as the rapid propagation created an increasing 
unplated length and a decreasing plated length. 
In the above study by Jones et al (1982), measurements of longitudinal plate end 
displacements, attributed to the presence of the horizontal concrete cracks adjacent to the 
adhesive/concrete interface and termed 'slipping', indicated one major slip followed by 
recovery and then ftulher slipping until eventual plate yielding in the under-reinforced 
beams. The over-reinforced members, however, experienced one major slip followed by 
recovery and then another major slip that continued until plate separation occurred. 
Slipping relieves the stress concentration at the plate end and produces a transition zone 
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from the unplated to the plated section (Jones et al, 1982); since the change from the 
unplated to the plated rigidity is high for under-reinforced beams, a long transition zone 
is required to arrest slip, whereas the reverse is the case for over-reinforced members. 
These requirements are consistent with fewer sustained slips in under-reinforced beams 
and a greater number of smaller slips in over-reinforced beams. 
Macdonald and Calder (1982) tested beams with a range of plate aspect ratios; plate 
yielding occurred in wide and thin plates with aspect ratios of 57 and 142, while plate 
separation was prevalent with narrow and thick plates in which the aspect ratios were 8 
and 12. An intermediate aspect ratio of 24 resulted in a similar number of failures for 
each mode. Nominal values of the shear stress in the adhesive at the end of the plate 
were estimated from strain gauge readings at the load level corresponding to the greatest 
strain gradient; values of between 0.13 MPa and 0.8 MPa were calculated, far below the 
concrete shear strength of 5 MPa. The large discrepancy was thought to have been due 
to the initiation of plate separation by high strain gradients (ie. shear stresses) local to the 
tip of the plate; these high localised gradients cannot be detected by a limited number of 
strain gauges (Macdonald and Calder, 1982). 
Jones el al (1985) tested plated beams under a low and a high shear span/depth ratio to 
encourage shear and flexural load dominance, respectively. The first case resulted in 
plate separation by removal of the concrete cover layer to the internal rebars, a failure 
mode noted by these authors to be common for thick plates and/or shear dominated 
loading. The tests by Jones et al (1985) involved two epoxy adhesives with a high and a 
low modulus of elasticity. The latter resulted in slightly higher ultimate loads associated 
with plate separation, this having been due to the predicted lower stress concentrations at 
the plate ends. The stiffer adhesive was associated with higher applied loads at the 
serviceability deflection and lower internal rebar and external plate strains. Therefore, it 
was concluded that strengthening to satisfy serviceability conditions is best achieved 
using stiffer adhesives, while lower modulus adhesives are better suited to strengthening 
for ultimate load conditions (Jones et al, 1985). Using finite elements, Mays (1993) 
found that the midspan deflection of a plated beam increases rapidly, with respect to 
adhesive modulus, below a modulus of I GPa; the reduction in deflection with increasing 
adhesive modulus above I GPa was only slight suggesting that moduli of around I GPa 
may be suitable from a deflection (ie. serviceability) point of view. While this low 
modulus would be beneficial in terms of the plate end stresses, it is likely that stiffer 
adhesives will continue to be used in practical plate bonding applications. 
Swamy et al (1987) found that a thick plate may result in ultimate loads lower than that 
for a comparable unplated beam, due to premature plate separation compared with 
flexural failure. In this case, only 70% of the flexural capacity was reached, the internal 
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rebars and external plate having remained below yield. The full flexural capacity was 
achieved with the use of two plates adhered together before bonding to the beam, the 
outer plate being curtailed short of the inner plate in order to provide a reduction in plate 
thickness towards the ends for the purpose of minimising the plate end stress 
concentration. Although not as high as the full flexural capacity, an improvement in 
ultimate load was also recorded by Jones el al (1988) using similarly curtailed double 
plates. In the study by Swamy et al (1987), a plate aspect ratio of 83.3 resulted in 
flexural failure, whereas a ratio of 41.7 caused plate separation. Based on these 
observations, these authors recommended the use of plate aspect ratios not lower than 
50, a criterion subsequently adopted by the steel plate bonding advice note, BA 30/94. 
As reviewed above, the tests by Macdonald and Calder (1982) also revealed that aspect 
ratios greater than 50 avoid premature failure. However, Macdonald (1982) 
recommended aspect ratios not lower than 60; this was the optimum value that produced 
a gradual, rather than a brittle, plate separation and the greatest increase in failure load 
and beam stiffness. Although the value of 50 is based on comprehensive test results, it is 
not a universally applicable criterion for steel plates, as seen by the premature plate 
separation observed in the above-mentioned study with curtailed double plates by Jones 
et al (1988), in which the plate aspect ratio of the inner plate was 62.5 at the plate end. 
The need for thin plates was again highlighted in later research by Hussain et al (1995), 
in which premature failure occurred by plate end concrete cover separation with thick 
plates, before the theoretical shear capacity of the section could be reached. 
Even if this plate aspect ratio requirement is met, it is still necessary to ensure that the 
plated section is under-reinforced to avoid the premature failures associated with over- 
reinforced sections, as noted above for the study by Jones et al (1982). The neutral axis 
depth is the parameter that determines the under- or over-reinforcement condition; based 
on the ratios of neutral axis depth to effective depth for flexural and premature failures in 
the studies by Swamy et al (1987) and Jones et al (1982), a ratio of 0.40 or less was 
recommended to ensure flexural failures. 
Swamy et al (1989) listed the steps involved in an approximate assessment of the 
adequacy of the plate end region of a steel plated beam. The ultimate elastic horizontal 
shear stress is found for the transformed section using the long term modulus of elasticity 
of the concrete, although the short term value gives a similar stress magnitude. The peak 
shear stress will be approximately twice the elastic value (Swamy et al, 1989). This peak 
stress is compared with the ultimate shear strength of the platelconcrete interface; this 
strength is equal to approximately q2 times the tensile strength of the concrete, as seen 
from the experimentally estimated stresses in the tests by Jones el al (1988). The 
assessment concludes by finding the factor of safety against plate separation, given by 
the ultimate shear strength divided by the peak shear stress. The elastic shear stresses 
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and this assessment are presented in sections 9.3.1 (page 478) and 9.3.2 (page 484), 
respectively, for the beams tested in the present work. 
Oehlers and Moran (1990) identified two main types of plate end peeling failures for 
steel plated beams, namely shear peeling and flexural peeling, by studying the failure 
modes observed when the plate end was terminated in regions of varying proportions of 
shear and flexural loading in previous tests. The tests cited by these authors were those 
of Ong et al (1982) who tested specimens in which the plates terminated in regions of 
bearing stresses by continuing the plates under the beam supports, Van Gemert (198 1) in 
regions of pure shear, Jones el al (1988) in regions of shear and flexure, and Johnson and 
Tait (1981) in regions of shear, flexure and axial loads. Shear peeling is induced by 
shear cracks through the depth of the concrete at the end of the plate; this is a common 
failure mode when the plate end lies in a region of shear dominated loading. Flexural 
peeling is induced by an increasing curvature of the beam under flexurally dominated 
loading and is associated with a more gradual separation of the plate than in shear 
peeling (Oehlers and Moran, 1990). Tberefore, it is the predominance of shear or 
flexural cracks at the end of the plate that determines which type of peeling will occur. 
Oehlers (1988) and Oehlers and Moran (1990) studied flexural peeling by testing beams 
that were plated in the constant moment region only. After the formation of a plate end 
flexural crack, increasing curvature causes a peeling crack to form at the level of the 
internal tensile reinforcement. The propagation of the peeling crack, and the formation 
of new flexural cracks ahead of the peeling crack, continues until the onset of flexural 
failure of the concrete in compression. Oehlers (1992; 1993) reported the progression of 
this work to consider the combined interaction of shear and flexural loading at the end of 
the plate; this interaction analysis is described in section 9.3.5 (page 506). 
9.2.2 Beams strengthened with composite plates 
Since the research into plate bonding technology began with steel plates and the use of 
composite plates has been studied only relatively recently, far more data have been 
published for steel plates than for composites. Most of the work with composite plates 
has concentrated on demonstrating the feasibility of using these materials, rather than 
systematically studying the effects of varying the plate and/or adhesive dimensional and 
material properties. Nonetheless, the data that are available do suggest that the findings 
from steel plates are applicable to composites also. 
Saadatmanesh and Ehsani (1990) and Ehsani and Saadatmanesh (1990a) reported the 
results of a series of tests to determine the effect of different epoxy adhesive material 
properties on the response of GFRP plated beams. A move towards premature plate 
separation was found with increasing adhesive stiffness. The most rigid adhesive caused 
the beam to fail by brittle separation of the plate from the concrete, starting near a 
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tension crack and spreading throughout the bond line. It was commented that, as in steel 
plating, a suitable adhesive is that which has sufficient strength and stiffness to transfer 
shear force between the plate and concrete, but sufficient toughness to prevent brittle 
failure of the bond or the concrete due to plate end peeling. 
Parmeswaran el al (1991) tested GFRP plated beams with plate thicknesses of 5mm, 
I Omm and l5mm. The first failed by flexural fracture of the plate, the second by the 
flexural peeling mode, as defined by Oehlers (1988) and Oehlers and Moran (1990), and 
the third by shear peeling. The second two beams failed at an applied load 21% greater 
than that of the first. Therefore, the thicker plates enabled a higher shear force to be 
carried but this led to shear cracking in the concrete at the end of the 15mm thick plate, 
causing a premature failure due to shear peeling. Sharif et al (1994) also found that 
increasing the thickness of a GFRP plate changed the failure mode from flexural plate 
fracture to premature plate separation. A Imm thick plate resulted in flexural failure, 
whereas 2mm and 3mm thick plates caused plate separation after and before the internal 
steel rebars yielded; respectively. Ritchie et al (199 1) found a change from flexural plate 
fracture to plate separation when the CFRP plate modulus was increased by 
approximately 116%, indicating the detrimental effect of stiff plates; the premature 
failure was by shear peeling such that the cover concrete layer was removed. 
Hutchinson and Rahimi (1993) tested CFRP plated beams in which the plate thickness 
and plate end geometry (in plan and elevation) were varied. Increasing the thickness of 
the plates without any additional changes in plate end geometry caused a reduction in the 
failure load; the mode of failure remained as shear peeling, causing the removal of the 
layer of concrete cover to the internal tensile reinforcement. A reduction in the 
maximum load resulted also from the linear tapering of the plate in plan, such that the 
width was reduced to one third of the maximum width over a length equal to twice the 
maximum width. This caused a reduction in the aspect ratio of the plate so a lower 
failure load was to be expected. If the plate width had been increased towards the plate 
end, rather than decreased, then a higher failure load may have resulted; this was 
suggested by Jones and Swamy (1995) as a method of increasing the plate aspect ratio in 
the critical plate end region. Hutchinson and Rahimi (1993) found that tapering a 
constant width plate in section, from 0.78mm to 0.2mm in three rectangular steps, caused 
a reduction in the failure load of one of two such beams and an increase in the other. 
Finite element modelling confirmed the higher shear and normal bond stresses at the end 
of the plate when a steel plate was used, compared with the CFRP material. This was 
due to the greater modulus of the steel; this result, combined with the greater thickness of 
steel plates, demonstrates the disadvantage of steel plates from a plate separation stress 
point of view. 
9. Z Review ofexpaimentalplate separation studies 471 
Swamy and Mukhopadhyaya (1995) acknowledged that, where the plate geometry is 
concerned, the aspect ratio is the critical factor in enabling flexural failures to be 
achieved before premature plate separation. The I. Orn beams tested in the present study 
(Chapter 4) confirmed the need for as high an aspect ratio as possible if premature failure 
is to be delayed. As mentioned above, Swamy et al (1987) recommended aspect ratios 
of not less than 50 in order to achieve yielding of steel plates. However, polymeric 
composites do not exhibit yield and their strengths are several times greater than the 
yield stress of mild steel, so it would be expected that aspect ratios far greater than 50 are 
required to reach tensile fracture of the plate without additional plate end anchorage. 
Composite plates may be applied in very thin sheets so it is possible to achieve aspect 
ratios far greater than 50. The plate modulus has an influence on the magnitudes of plate 
end stresses so this parameter will affect the appropriate value of aspect ratio; this is 
important since the modulus of elasticity may vary significantly between different 
composites such as GFRP and CFRP materials, for example. The plate modulus effect 
was confirmed in tests by Arduini et al (1994) in which the stiffest plates were associated 
with premature shear peeling before the onset of flexural concrete cracking, whereas 
lower modulus plates enabled the loading range to extend beyond this point. 
The elimination of premature plate separation is not determined by the plate aspect ratio 
alone; the depth of the beam and the quantity of internal tensile reinforcement will affect 
the likelihood of flexural failure by concrete crushing or plate fracture. Insufficient data 
have been reported from tests with composite plates to be able to establish an aspect ratio 
criterion for these materials. Parmeswaran et al (1993) found a change from plate 
separation to flexural plate fracture when the GFRP plate aspect ratio increased from 10 
to 20. Sharif et al (1994), again with GFRP plates, found such a change as the aspect 
ratio increased from 50 to 100. The beam depths were 200mm and 150mm for the first 
and second cases, respectively, so plate fracture would be expected at a lower aspect 
ratio for the deeper beams in the first case. 
Quantrill et al (1995) reported tests of GFRP plated beams in which an increase in 
adhesive thickness from Imm to 2mm had little effect on the failure load for two 
different concrete strengths; the failures were by shear peeling. As expected, a reduction 
in failure load occurred when the plate aspect ratio was reduced from approximately 67 
to 25. The first case was associated with shear peeling, while the second aspect ratio 
caused separation of the plate from the soffit, with only a very thin layer of concrete 
remaining bonded to the plate after failure. The high bond stresses transferred to the 
concrete by the narrower plate were associated with concrete failure over the plate width 
only, rather than the full beam width as with the wider plate. 
Takeda et al (1996) tested beams strengthened with CFRp sheets of 0.28mm thickness. 
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These were bonded in one, two or three layers, the second and third being approximately 
67% and 33% as long as the first, respectively. The failure load increased with the 
number of sheets, but the increment in applied load for each additional sheet was far 
lower than predicted by a flexural analysis. This was because all plated beams failed by 
premature plate separation so the flexural analysis grossly overestimated the ultimate 
capacities. 
9.23 The effect of varying anchorage length 
The above studies have shown, then, that the dimensions and material properties of the 
plate and adhesive affect the plate end bond line stresses. In addition to these cross 
sectional parameters, studies have been undertaken to examine the effect of varying the 
length of bond over which the plate tension reaches its maximum value. This rate of 
strain increase is important since higher rates are associated with greater bond stresses, 
so the length over which the maximum tension is reached should be maximised. This 
length is commonly referred to as the anchorage length. By terminating the end of the 
plate nearer the load position in a four point loaded beam, for instance, the anchorage 
length is reduced and the bond stresses rise as a result; the theoretical basis for this result 
is presented in the analysis methods that follow. 
As mentioned above, Weder and Ladner (1981) found the bond strength to vary as the 
square root of the bond length. Using lap shear tests of a CFRP plate bonded to a 
concrete block, Neubauer and Rostisy (1997b) found the greatest sustainable load to 
reach a constant maximum value with increasing anchorage length; the anchorage length 
at which the maximum was reached became greater for thicker plates. 
Johnson and Tait (1981) used a cantilever loading arrangement to apply bending and 
tension loading to reinforced concrete members strengthened by externally bonded mild 
steel plates. The length of bonded plate was varied to achieve different ratios of bond 
length to loaded span. Since the post-yield integrity of an externally strengthened 
member is important, the ratio of plate strain at an intermediate support to the yield strain 
of the plate was used to assess the performance of the bonded length beyond the support 
- ie. the anchorage length. The inability to achieve plate Yield before failure was 
associated with premature failure in the concrete, whereby the cover layer was separated 
from the internal rebars. This occurred at relatively low anchorage lengths. It was 
tentatively concluded that, for a reinforced concrete member in which the bending 
moment varies linearly between points of zero and maximum moment the plate should 
extend over at least 80% of the distance between these points. 
Jansze (1995) tested beams in which steel plates were bonded to within three different 
distances from a loading point in order to provide three anchorage lengths for 
comparison. All three specimens failed by separation of the concrete cover layer from 
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the internal longitudinal reinforcement, initiated at the end of the plate. Bond line shear 
stresses, determined from plate strain data, became greater with reducing anchorage 
length at a given applied load. Failure loads were found to be correspondingly lower 
under shorter anchorage lengths. It was concluded that the system of stresses acting at 
the end of the plate needs to be resisted by some form of plate end anchorage. 
Chajes et al (1996) used CFRP plates bonded to rectangular concrete prisms to 
investigate the effect of varying the length of plate bonded to the concrete. Although 
these tests made use of only one plate width and thickness configuration, the authors 
acknowledged that the length over which the bond becomes fully developed will depend 
on the cross sectional geometry of the plate. Therefore, ftirther tests with various 
geometries need to be undertaken with composite materials. The failure load of the 
bonded system, which was reached by shear failure of the concrete beneath the bond 
line, increased with rising bond length up to an optimum value, beyond which no further 
increase was registered since the bond was fully developed at that length; this confirmed 
the previous finding of Finch etal(1994). In agreement with the result of Jansze (1995), 
the shear stresses were found by Chajes et al (1996) to reduce with increasing bond 
length since, for longer bonds, the entire length was not used because failure initiated in 
the region of highest shear stresses. 
Having determined that performance is enhanced with greater anchorage lengths, 
methods of increasing this length need to be sought One method of achieving this is to 
continue the bond into a different part of the beam. Tests with bridge corbels by Oehlers 
(1993), for example, involved bending the plates around the corbel edges to increase the 
anchorage length. The plate ends can also be bent around the edges of a beam, in the 
form of wings, to improve anchorage (Jones el al, 1988; Karam, 1992). 
9.2.4 Magnitudes of plate end bond stresses 
The above reviews have shown that certain common features apply for both steel and 
composite plated beams - ie. increases in plate thickness and modulus of elasticity cause 
reductions in failure loads due to accelerated premature failure, and increases in the 
modulus of the adhesive have a similar effect However, there remains uncertainty as to 
the magnitudes of the bond stresses at the ends of the plate corresponding to premature 
plate separation, as the following review will show. The values have been estimated 
from plated beams and smaller scale concrete shear specimens in which bonded plates 
were pulled parallel to the concrete face to remove the plate by a shear action. The fact 
that such small scale tests have been undertaken in addition to beam tests reflects the 
difficulty of representing the plate end zone and the inconclusive results obtained in 
beam tests alone. Since the plate separation failure is usually in the concrete, it would be 
expected that a common relationship would exist between the bond stress at failure and 
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the strength properties of the concrete, but the reported results do not indicate any such 
universal relationship. 
Macdonald (1978) estimated nominal shear stresses from the rate of change in plate 
tensile strain in steel plated beams. Values ranged from 0.88 MPa to 2.93 Nva for a 
range of plate and adhesive properties; as expected, a reduction in plate thickness gave a 
lower stress. These values were acknowledged as being minima since actual values 
would have been greater due to plate end stress concentration effects not detected by the 
strain gauges. 
Van Gernert (1980), Van Gernert el al (1987) and Van Gernert and Leuven (1990) 
reported tests with small scale steel plated shear specimens used to estimate bond line 
shear stresses from the plate tension. An exponential drop in tension along the plate 
occurred at low loads in the region of highest shear stresses. At higher loads, the 
distribution was uniform in this region, indicating the lack of force transfer from the 
plate to the concrete due to concrete cracking; the same effect was recorded by Swamy et 
al (1986) and Chajes et al (1996), also with small scale shear specimens. The shear 
stresses took their maximum value at a short distance from the end of the bond line, 
values having ranged from approximately 2.5 NTa to 6 NTa over this distance in 
uncracked concrete. The position of the peak shear stress moved along the plate, ahead 
of the concrete cracking, with further loading. A similar shift in the position of the peak 
shear stress was found by Van Gemert and Maesschalck (1983) for concrete beams 
repaired with a layer of epoxy mortar and an externally bonded steel plate; the stress 
reached approximately 4 NTa before failure by concrete cover separation. The rate of 
increase in shear stress in the small scale shear specimens of Van Gemert began to fall 
beyond a stress of 1.5 NTa due to concrete microcracking. This magnitude was the 
tensile strength of the concrete at its surface, determined in pull off tests, so it was 
concluded that the maximum shear stress must be limited to the surface strength to 
ensure a safe plated system. RostAsy (1993) referred to analytical work by Ranisch 
(1982), in which it was suggested that the maximum shear stress reaches 4 times the 
surface tensile strength of the concrete. Kaiser (1989) also analysed the anchorage 
length and found close agreement with experimental data collected in shear tests by 
Ladner and Weder (1981) which suggested that peak shear stresses of as much as 8 NTa 
occur when failure begins in the concrete. 
Swamy et al (1986) related the bond shear strength to the compressive, rather than the 
tensile, strength of the concrete. For the range of concrete strengths used (25 - 70 NTa), 
the maximum shear stress varied almost linearly, between 6.0 NTa and 8.3 Nva; these 
stresses were greater than the corresponding range of concrete tensile strengths (3.1 - 4.0 
Wa). Ranisch and Rostisy (1986) found a shear strength of 8.0 NTa for a concrete 
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compressive strength of 30 Wa; this shear strength is 33% greater than that of Swamyet 
al (1986) for similar concrete strengths. Kaiser (1989) found the shear stress of 8 Wa to 
represent the average of several previous experimental values for a concrete compressive 
strength of 40 NVa; despite the constant compressive strength, the scatter in critical 
shear stresses was wide. Finch et al (1994) found the bond strength, for shear failures in 
the concrete immediately below the bond line, to be related to the square root of concrete 
compressive strength. Chajes etal(1996) varied the compressive strength from 25 NTa 
to 46 NTa and found, for a limited number of test data, that the bond strength increased 
linearly with increasing concrete strength. This was consistent with the failure mode of 
concrete shear below the bonded surface. The magnitudes of the bond stresses at failure 
were 20% greater than those found by Swamy et al (1986). Although the surfaces were 
well prepared and consistent, it is the case that the strength of a bonded joint depends on 
the quality of the concrete at the bond surface and that the surface properties may not be 
indicative of the concrete strength throughout the structure (Chajes et al, 1996). This 
will be because the water/cement ratio varies throughout the depth of the concrete and 
segregation of the aggregate occurs, these being factors that contribute to the variability 
of test results and the inconclusive magnitudes of bond strengths with concrete 
adherends. 
In addition to the above pure shear tests, Van Gernert (1980) connected two rectangular 
concrete prisms end to end by a bonded steel plate along their length and loaded these as 
an externally plated beam in four point bending. The bond was discontinued over the 
constant moment region so that a shear stress concentration occurred at the ends of this 
region as well as at the ends of the plate. The shear stresses reached 3.5 -4 MEN at the 
discontinuity and 1.7 -2 NTa at the plate ends. The former values indicate that a break 
in the bond may lead to high shear stresses away from the expected position at the end of 
the plate, so a well prepared bond is essential. The plate end shear stresses were found to 
be more than twice the values calculated fi-om elastic theory, in agreement with the 
finding of Swamy el al (1989) who found that the maximum shear stress equals twice the 
theoretical value. 
Jones et al (1982) found the maximum interface shear stresses to be higher in balanced 
and over-reinforced steel plated sections than in under-reinforced beams, the former 
having failed by plate separation and the latter by plate yielding. The former values 
ranged from 2.13 NTa to 2.17 UTa; the fact that the higher of these is only 1.9% greater 
than the lower is consistent with the existence of a limiting shear stress for the concrete. 
The maximum shear stress estimated by Jones et al (1988) was approximately 5 NTa for 
a steel plated beam; as mentioned previously, this corresponded to 42 times the concrete 
tensile strength. The tensile strength of concrete normally used in construction is 
unlikely to exceed 5 NTa, so the maximum shear stress by this criterion will be around 7 
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NTa, a relatively high value when compared with values from beam tests. 
9.3 Analyses applied to the present beams 
As mentioned above, the stress concentrations in the adhesive at the ends of externally 
bonded plates and in lap shear specimens consist of shear and normal stresses. Plate end 
peel is caused by the combination of both the shear and the normal stresses and the 
analytical magnitudes of each are determined here. Adequate surface preparation should 
provide a sufficiently high adherend/adhesive interface bond strength to ensure that the 
failure occurs in the concrete, so it is expected that plate separation will occur when the 
principal tensile stress, due to the shear and normal stresses, reaches the tensile strength 
of the concrete. The distribution of the stresses throughout the thickness of the adhesive 
is not considered in the plate end peel analyses. This is because the adhesive is taken to 
be thin compared with the depth of the beam and is treated merely as an interface with a 
certain stiffness for the purpose of calculating the transfer of stress into the concrete. In 
practice, however, the principal stresses may be greatest nearest the flexible adherend, as 
seen in peel tests (Crocombe and Adams, 1981); this adherend would be the plate in 
externally strengthened beams. 
in addition to the plate end peel analyses, attempts are made to analyse the plate 
separation that occurred experimentally under the higher shear span/beam depth ratios. 
The following analyses are presented in the order shown: 
Plate endpeel analyses 
" an elastic analysis of plate end stresses by Jones et al (1988); 
" an assessment of the factor of safety against plate separation by Swamy et al (1989); 
an approximate solution for shear and normal plate end stresses by Roberts (1989); 
a rigorous solution for shear and normal plate end stresses by Roberts and Haji- 
Kazemi (1989); 
a plate end moment-shear interaction analysis by Oehlers (1992); 
an analysis for the applied load at plate end peeling based on concrete cracking by 
Zhang et al (1995); 
Analysesfor all shear spanldepth ratios 
the moment-shear interaction for varying shear span/depth and plate aspect ratios by 
the present author, 
considerations of plate separation by plate end peel, shear crack opening and plate/ 
concrete interface cracking by Triantafillou and Plevris (199 1 a); 
an analysis of plate separation by platelconcrete interface cracking by Anandarajah 
and Vardy (1985). 
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This order reflects the development of theoretical plate separation analyses from simple 
elastic theory (Jones el al, 1988; Swamy et al, 1989), to more complicated analyses of 
the forces and moments acting on the plate at its ends (Roberts, 1989; Roberts and Haji- 
Kazemi, 1989; Oehlers, 1992; Zhang el al, 1995), and then to the initiation of plate 
separation at a position away from the end of the plate (Triantafillou and Plevris, 199 1 a; 
Anandarajah and Vardy, 1985). 
The method by Roberts (1989) is based on similar principles to that by Roberts and Haj i- 
Kazemi (1989) and the former is considered in detail before the latter is applied as a 
comparison. The analysis by Roberts (1989) is a popular technique employed by other 
authors to estimate the shear and normal stresses in the adhesive of beams tested 
experimentally. Its validity is assessed by comparing trends in the magnitudes of shear 
and normal stresses, with varying adhesive and plate material properties and dimensions, 
with the trends reported in the literature. The method by Oehlers (1992) is based on a 
relationship between flexural and shear peeling determined from experimental beam 
tests. This method is adapted by the present author (Garden) to consider varying shear 
span/depth ratios and plate aspect ratios. The method by Zhang et al (1995) is based on 
the concrete cracking that occurs at the level of the internal reinforcement. This method 
is in two parts, the first of which is based on theoretical considerations while the second 
is an extension that makes use of experimental data. The method is a relatively recent 
technique that has been proposed for determining the bending moment at which plate 
separation occurs by plate end peel. 
The important beam parameters throughout these analyses are the length of the shear 
span and the plate dimensions. To ensure that the values of these parameters are 
recognised immediately for each beam, all specimens have been identified by these 
parameters rather than the beam identification numbers; limited space in the tables 
prevents both being used. The identification numbers and all relevant beam details will 
be found in Table 9.19 which has been included as a fold out table on page 543. 
9.3.1 Elastic analysis by Jones et al (1988) 
93.1.1 Introduction to the method 
These authors presented a simple linear elastic analysis in which expressions were 
derived for the adhesive/concrete and adhesive/plate bond stresses in the anchorage zone 
of a bonded plate. These stresses were expressed in terms of the changes in tensile force 
that occur in the plate and adhesive over the distance, t, in Figure 9.1; the notation of 
Jones etal (1988) is used in the Figure. This distance was taken as the length over which 
the plate becomes fully effective - ie. elastic theory applies beyond section BB. It was 
stated that the length, t, is generally of the same order of magnitude as the distance 
between the end of the plate and the beam support, distance L in Figure 9.1. The 
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analysis was presented in three parts, the first considering elastic stresses, the second 
examining the effect of the plate cut off (section AA in Figure 9.1) and the third 
determining peel loading at the end of the plate. The analysis is shown here under the 
same headings and is then applied to the experimentally tested beams. 
93.1.2 Outline of the analysis method 
AB 
II 
v V+dV 
Neutml 
m M+dM 
tg Tg-:; J= -T +dT 99 
TP W-T +dT 
dx 
axis 
Y9 
yp 
AA: plate cut off 
BB: plate fully effective 
Adhesive 
Plate 
Figure 9.1 Details of the plate end region (after Jones et al (1988)) 
interface bond stresses awayftom the plate end by simple elastic theory 
The adhesive/plate interface bond stress is referred to as fbp, and the adhesive/concrete 
interface stress is fbc. Equation 9.1 gives the elastic longitudinal shear stress at the 
adhesivelplate interface, derived by considering the equilibrium of forces in the plate, 
Abp 
Av *y., a.. 
..... Eqn 9.1 IT - bp 
where the terms are defined as follows: 
v applied shear force; 
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L 
-I 
Ap cross sectional area of the plate; 
yp lever arm to the plate centreline; 
ap modular ratio of the plate to the concrete; 
IT second moment of area of the transformed concrete section; 
bp plate width. 
The equilibrium of forces gives the adhesive/concrete bond stress as 
= 
dTj, +d 
fb 
cb &c ..... 
Eqn 9.2 
where dTP and dTg are the changes in plate and adhesive tension, respectively, over the 
length, dx. Equation 9.2 leads to the following expression for fbe: 
v. 
- 
IXv 
+yg. A fc- AP 
ccg ..... 
Eqn 9.3 b IT - bp 
YP 9) 
where cc, is the modular ratio of the adhesive to the concrete, y. is the lever arm to the 
adhesive centreline and A. is the cross sectional area of the adhesive. Since CEP/cc, is in 
the range 27 to 270 (Jones et al, 1988), the second term in brackets is small compared 
with the first and may be ignored. This indicates that by simple elastic theory, the effect 
of the adhesive itself on the adhesive/concrete bond stress is small, so fj,, may be 
considered equal in magnitude to fbp. This result is the basis for the assumption that the 
adhesive may be ignored when estimating plate/concrete bond stresses. 
Equation 9.3 is applicable only to regions of the platelconcrete bond distant from the 
plate cut off - ie. beyond section BB in Figure 9.1. These elastic stresses are calculated 
below for the experimentally tested beams in the present study, and are considered again 
as a comparison with peak adhesive stresses calculated by the method of Roberts (1989). 
ne effect of the plate cut off 
The tensile stress in the Plate, ap, at section AA (Figure 9.1) is zero, while the stress at 
section BB is given by universal bending theory as I 
up 
-y. -o(,, 
..... Eqn 9.4 IT 
Therefore, the average bond stress over the length t is given by 
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Abp + L) 
.-V-Y,, 
- Aj, - cc,, 
..... Eqn 9.5 X-: IT. bp 
This average bond stress is assumed to be uniform over the length YC. Equation 9.5 
shows that the average bond stress will rise with an increasing value of L- ie. as the end 
of the plate is terminated further from the beam support. The equation suggests that 
increasing the plate thickness at constant width (ie. increasing Ap) will cause a reduction 
in the applied shear force, V, for a given bond stress at failure. Therefore, the use of 
thinner plates should allow a higher load to be carried. The average bond stresses in the 
vicinity of the plate cut off are calculated below for the present beams. Since it is 
assumed that the distances, L and ic, are equal, equation 9.5 yields average bond stresses 
twice as great as the elastic stresses calculated from equation 9.1. Equation 9.5 suggests 
that the average bond stress in the region of the plate cut off will be equal to the elastic 
bond stress away from the plate end if the plate is continued as far as the beam support 
(ie. L= 0). The average bond stress will be further minimised if the value of T is 
maximised; this can be achieved by using a lower modulus adhesive, in which case the 
tensile force in the plate rises more gradually with distance from the plate end so the 
average shear stress is lower (Jones el al, 1985). 
7he plate endpeeling effect 
As the literature review in section 9.2.1 (page 465) has shown, plate separation in steel 
plated beams has been characterised by diagonal and horizontal cracking in the concrete 
cover layer. This cracking starts at the end of the plate, as seen in the series 'a' I. Orn 
beams and the 2.3m beams of Chapter 4, and extends rapidly along the shear span. The 
onset of the plate separation has been attributed to a peeling action at the end of the plate, 
associated with a bending moment in the plate tending to separate the cover layer. Jones 
et al (1988) expressed this moment as the product of the change in plate force over a 
length, dx, and the eccentricity of the force, tp/2. Using a similar expression for the 
moment in the adhesive, and summing the moment in the adhesive and plate, gave the 
total peeling moment, Mxy, as 
t 
M"y = V-yp - ap - Ap -+ ý) , . -.. Eqn 9.6 2 
where tg and tý are the thicknesses of the adhesive and plate, respectively. Equation 9.6 
suggests that the plate end peel can be made less severe, at a given applied load, by 
reductions in the cross sectional area and thickness of the plate, the thickness of the 
adhesive and the distance between the end of the plate and the beam support. The plate 
can have a constant cross sectional area but varying thickness by altering its aspect ratio, 
so the equation suggests that the peel effect is minimised, at a given cross sectional area, 
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by using plates as thin and wide as possible. The experimental work undertaken in the 
present study (Chapter 4), and in previous tests reviewed in section 9.2, certainly confirm 
that the ultimate capacity of a plated beam is maximised, at a given plate area, by using 
the widest and thinnest plate possible. 
9.3.1.3 Application of the analysis to the present beams 
Table 9.1 shows the magnitudes of the elastic shear stresses at beam failure, as calculated 
from equation 9.1 for the beams of Chapter 4 which suffered plate end peel failures. The 
average bond stresses in the plate cut off region are also listed; as mentioned above, the 
average plate end bond stresses are twice the elastic values since it is assumed that L and 
x are equal. 
Table 9.1 Elastic shear (or bond) stresses and average shear stresses 
Beam size Shear Plate size Elastic bond Average bond stress in 
span (mm) (mm) stress (APa) plate cut off region (APa) 
I. Om 300 0.50 x 90 1.00 2.00 
0.82 x 67 1.46 2.92 
1.13 x 47 1.80 3.60 
2.3m 845 1.28 x 90 0.96 1.92 
The stresses are lower for the 2.3m beam than the I. Oin beams, despite the relatively 
thick plate in the 2.3m case. This is because the larger beam had significantly greater 
second moment of area than the I. Om beams but the failure load was not proportionately 
higher. 
In Chapter 4, the maximum plate end shear stresses in the adhesive were estimated from 
the average strain gradients between neighbouring strain gauges. The relationship from 
which these values were determined is reproduced below in equation 9.7. 
E de 
p- lp 71, 0 Eqn 9.7 
in which Ep is the modulus of elasticity of the plate, tp is the plate thickness and 5e/81 is 
the average plate strain gradient between neighbouring strain gauge positions. Table 9.2 
lists these experimentally estimated shear stresses together with the calculated average 
shear stresses in the plate cut off region; the ratio of the experimental to the calculated 
values is given in the last column. 
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Table 9.2 Relative magnitudes of calculated and experimentally estimated bond 
stresses 
Beam size Shear Plate size Average bond Experimental Experimental bond stressl 
span (mm) (MM) stress (APa) stress (APa) calculated average 
LOM 300 0.50 x 90 2.00 4.05 2.03 
0.82 x 67 2.92 3.39 1.16 
1.13 x 47 3.60 4.16 1.16 
2.3m 845 1.28 x 90 1.92 1.65 0.86 
The last column of Table 9.2 shows no consistency in the relative magnitudes of the 
experimental and analytical shear stresses, an observation made from the results of beam 
tests by Jones et al (1988) also. The 0.82 by 67mm and 1.13 by 47mm plates of the I. Om 
beams are the only two cases in which agreement is obtained in the ratio of the 
experimental and analytical values. 
9.3.1.4 Discussion 
This analysis is based on elastic theory only so does not represent the high bond stresses 
that occur at the end of the plate. However, the presence of a high peak stress in the 
region of the plate cut off can be deduced from the fact that the average shear stress in 
this region is calculated to be twice the elastic shear stress. 
The experimental method of determining interface shear stresses is only approximate 
since the strain gradient, 5e/51, is an average over the distance between strain gauges, 
rather than the actual gradient at any particular position along the plate. To estimate 
bond line shear stresses more accurately, the strain gauges would need to have been 
located at much closer centres than the spacings actually used, detailed in Chapter 3. 
Tberefore, due to the imprecise nature of the experimental estimates, no consistency in 
the ratio of experimental to calculated stresses can be expected. 
The current advice note for steel plate bonding, BA 30/94 (1994), requires elastic shear 
stresses at the plate ends at the ultimate limit state to be compared with an allowable 
value of 0.8 NIPa stipulated in BS 5400, Part 4 (1990) for grade 40 concrete or stronger. 
The use of the elastic shear stress in the design calculations reflects the fact that other 
analysis methods are either too complicated or require a detailed knowledge of material 
properties. The elastic stresses in Table 9.1 are based on applied loads that correspond to 
premature failure by plate separation, so the stresses based on calculated ultimate 
capacities would be even higher. The values in Table 9.1 are all greater than 0.8 Nva so 
the beams fail the BA 30/94 criterion. This criterion is set to ensure that interface 
stresses are kept low, but plate end anchorage is still required by BA 30/94 even if the 
elastic stress is lower than 0.8 NIPa. In calculating the elastic shear stress, BA 30/94 
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assumes there is no internal reinforcement so the second moment of area of the beam 
section is low, resulting in high elastic stresses and a more conservative design against 
plate separation. The elastic shear stresses in Table 9.1 are based on a second moment of 
area that includes the internal reinforcement, so the present beams fail the BA 30/94 
criterion to an even fin-ther extent than shown by the stresses in the Table. The fact that 
in practice, the distribution of bond stresses is non-unifonn and exhibits a high peak, led 
Ranisch and Rostisy (1986) to warn against the use of average shear stresses in design. 
However, simple rules are necessary for design so the use of average bond stresses will 
be satisfactory as long as adequate safety factors are incorporated and plate end 
anchorage is installed, as required by BA 30/94. 
9.3.2 Plate end assessment by Swamy et al (1989) 
Table 9.3 lists the ultimate elastic shear stresses, the peak stresses (taken to be twice the 
elastic values) and the maximum allowable stresses (equal to 42 times the concrete 
tensile strength). The last column gives the factor of safety against plate separation, 
calculated as the allowable bond stress divided by the peak bond stress. 
Table 9.3 Assessment of the adequacy of the plate end region 
Beam size Shear Plate size Bastic bond Peak bond Allowable bond Factor 
span (mm) (MM) stress (APa) stress (APa) stress (APa) of safety 
LOW 300 0.50 x 90 1.00 2.00 3.54 1.77 
0.82 x 67 1.46 2.92 3.54 1.21 
1.13 x 47 1.90 3.60 3.54 0.99 
2.3m : 945 1.28 x 90 0.96 1.92 3.68 1.92 
The peak bond stresses are equal to the average shear stresses obtained in the elastic 
method of Jones el al (1988). The factor of safety decreases with reducing plate aspect 
ratio since the peak bond stress rises but the allowable shear stress remains constant. 
The fact that the safety factors are greater than 1.00 in nearly all cases suggests that this 
assessment method is inappropriate for the composite plated beams. In steel plated 
beams, a safety factor of 1.00 would correspond to simultaneous plate separation and 
plate yield, while in composite plated beams this factor would represent simultaneous 
plate separation and plate fracture or concrete crushing, but these latter modes did not 
occur before plate separation. If it is assumed that the shear stresses were responsible for 
plate separation due to plate end peel, without considering normal stresses, then a peak 
value far greater than twice the elastic stress must be adopted. A finite element study by 
Mays (1993) suggested a peak of 4 times the elastic; this would reduce the safety factor 
to below unity. 
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9.3.3 Approximate solution by Roberts (1989) 
93.3.1 Introduction to the method 
Roberts (1989) presented an approximate linear elastic solution for the shear and normal 
stresses in the adhesive layer of steel plated beams. The method involves three stages, 
the last two of which apply modifications to allow for the fact that there is no tension or 
bending moment at the ends of the plate. In the first stage, general beam bending theory 
is used to establish equations for the plate tension and adhesive shear stress in terms of 
the applied shear force and bending moment. 
Shear stresses determined by this method compared well with values obtained 
experimentally by Jones et al (1988) and with values determined previously in a more 
rigorous, partial interaction method by Roberts and Haji-Kazemi (1989). The 
comparison with the experimental results was thought to be good, bearing in mind the 
uncertainty in allocating material properties and the likely influence of non-linear 
material behaviour (Roberts, 1989). Only the calculated shear stresses could be 
compared with experimental data because normal stresses could not be found 
experimentally. However, close agreement was found with the normal stresses 
calculated using the method of Roberts and Haji-Kazemi (1989). The three stages of the 
method by Roberts (1989) are briefly outlined here before results are presented of the 
application of the analysis to the beams tested experimentally in the present 
investigation. 
The analysis requires the use of the transformed equivalent section, based on the plate 
material, to find the second moment of area. The equations for the transformed section, 
as they appear in the paper by Roberts (1989), assume the plate is steel so its modulus of 
elasticity equals that of the internal rebars; this will not be the case for a general plate 
material and the calculations have been performed in the present work using the modular 
ratio appropriate to each plate modulus used. 
9.3.3.2 Outline of the three analysis stages 
Stage 1: determination of tensile and shear stresses 
Figure 9.2 shows the transverse and longitudinal cross sections of an externally 
strengthened beam. The shaded area is a small length of plate, 5x, over which the change 
in tension is considered; fully composite action of the plate and beam is assumed in this 
stage of the analysis. This stage starts by determining the tensile and shear forces 
generated by the change in bending moment M, and vertical shear force, F, over the 
length 5x; the quantity 'rj' is the shear force per unit length in the adhesive. Using 
conventional beam theory, the elastic longitudinal shear force per unit length of beam is 
determined from equation 9.8, and equation 9.9 gives the plate tensile force due to 
flexure. The quantity, L is the second moment of area of the transformed equivalent steel 
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section about the neutral axis. To determine L it is assumed that the concrete section is 
either cracked or uncracked. 
-TV = 
b', d, 
I 
(h h) 
..... Eqn 9.8 
M-b d 
'- (hp-h) 
..... Eqn 9.9 I 
bc 
NeutM axis 
d, bp 
As 
00 0- 
cIPT --r-- 
bp 
Subscript I dcnotes the Ist stagge of the analysis 
F F+5f 
mt) M+SM 
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. de- 
ti t+ St 
8x 
Figure 91 Cross sectional dimensions and forces in a plated beam (after Roberts 
(1989)) 
Stage 2: correction for zero plate end tension 
This stage applies tensile forces to the plate ends equal in magnitude, but in the opposite 
direction, to those calculated from equation 9.9 for these positions. The bonded plate is 
assumed to be attached to a rigid concrete beam by an adhesive layer that has a shear 
stiffness per unit length given by 
b 
Ks = Ga_ a d 
a 
in which the terms are defined as follows: 
Ks adhesive shear stiffness per unit length; 
Ga shear modulus of elasticity of the adhesive; 
ba width of the adhesive layer, 
da thickness of the adhesive layer. 
... -Eqn 9.10 
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The value of the shear modulus of elasticity of the adhesive is found from equation 9.11, 
E, 
..... Eqn 9.11 (1 + 4a) 
where E. is the tensile modulus of elasticity of the adhesive and -&a is the Poisson's ratio 
of the adhesive. Equation 9.11 is appropriate for isotropic linear elastic materials in 
general (Gere and Timoshenko, 1987) and is an acceptable way of finding 'G' for 
adhesives (Adams and Wake, 1984). 
By considering the longitudinal equilibrium of the plate length, Sx, a governing second 
order differential equation is found for the longitudinal displacement of the plate, u, in 
terms of the shear stiffhess of the adhesive and the plate dimensions and tensile modulus 
of elasticity. The boundary condition needed to solve the differential equation is that the 
tension at each end of the plate is equal and opposite to the values determined by 
equation 9.9. The solution to the equation is back-substituted to find a new expression 
for the shear force per unit length in the adhesive, based on the present plate end 
boundary conditions. This gives rise to forces, moments and stresses found by 
superposition, as shown in Figure 9.3. 
'cl, + 'C2, 
AL- 
tl + t2 
- 
M20 f2O M2 f2 
u 5x 
w 
Subscripts I and 2 denote the I st. and 2nd sta ges of the analysis, respectively 
Subscript 0 denotes the end of the plate 
Figure 9.3 Forces at the end of the plate 
The magnitude of the bending moment in the plate at its ends, shown as M20 in Figure 
9.3, is taken to be a proportion of the global bending moment acting on the beam at the 
end of the plate. The proportion is equal to the ratio of the flexural rigidity, 'EI, of the 
plate to the combined flexural rigidities of the plate and concrete beam. This calculation 
assumes that the curvatures of the beam and plate are equal at the end of the plate. 
Stage 3: correction for zero plate end moment and vertical shear force 
The moment, M20, and shear force, f2o, in Figure 9.3 do not exist in a bonded plate 
because forces and moments cannot be applied by the free face of the plate. Therefore, 
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this stage of the analysis applies equal and opposite moments and shear forces at the ends 
of the plate. The plate is again assumed to be bonded to a rigid beam by an adhesive 
with a normal stiffness per unit length given by 
K =E - 
ba 
... -Eqn 9.12 nad 
a 
As with the longitudinal direction in stage 2, a governing differential equation is found to 
determine the relative normal displacement w, of the plate in terms of the normal 
stiffness of the adhesive, among other variables. The normal stress per unit length is 
then the product of K,, and w. 
The final solutions of the method are the maximum shear and normal stresses (-to and ao, 
respectively) at the ends of the plate. Equations 9.13 and 9.14 show these solutions; the 
subscripts 0, a and p refer to the end of the plate, the adhesive and the plate, respectively. 
To = Fo+ 
K, 
Ep - bp - dpl 
'Mo 'I- ba * 
(hp - h) Eqn 9.13 
I 
GO = -co - dp - 
Kn 4 
4- Ep - IPI 
Eqn 9.14 
Roberts (1989) made a cautionary mention of the error that may be incurred due to 
approximations made throughout the analysis. It was noted that this method may 
underestimate the magnitude of the plate end stresses by up to 30%, as detected by 
comparison with the more rigorous method of Roberts and Haji-Kazemi (1989). 
Therefore, it was recommended that the quantity N1, the global bending moment at the 
end of the plate, should be replaced by M*, the global bending moment at a distance of 
(d, ý + dp)/2 
from the end of the plate. This modification was found to result in 
satisfactory correlation with the more rigorous method and with experimental data. 
Although the analysis was originally applied to steel plated beams, it is reasonable to 
apply the method to FRP strengthened members because the beam is assumed to be rigid 
so the plate is taken to have a low out-of-plane rigidity compared with the concrete. 
93.33 Application of the analysis to the present beams 
The calculations were set out in a computer spreadsheet and it was first confirmed that 
the calculations gave the same shear and normal stresses quoted by Roberts (1989) for 
the beam tested by Jones el al (1988). 
Table 9.4 shows the plate end shear and normal stresses based on K and M* for the 
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cracked and uncracked concrete sections. 
Table 9.4 Shear and normal stresses at beam failure 
Beam size Shear Plate size ro based on ro based on cro based on cro based on 
span (mm) (MM) MO aPa) (AlPa) M,, (Wq) aga) 
Cracked section 
Lom 300 0.50 x 90 3.66 11.05 1.95 5.88 
0.82 x 67 4.33 12.61 2.59 7.55 
1.13 x 47 4.72 13.37 3.04 8.62 
2.3m 945 1.28 x 90 4.08 13.87 2.70 9.20 
Uncracked section 
Lom 300 0.50 x 90 0.92 2.76 0.49 1.47 
0.82 x 67 1.15 3.39 0.69 2.00 
1.13 x 47 1.25 3.54 0.80 2.28 
2.3m 845 1.29 x 90 1.09 3.70 0.72 2.46 
It is clear that both the shear and normal stresses are lower under the assumption of an 
uncracked section. This is due to the greater flexural rigidity, 'EI', of the uncracked 
concrete section, arising from its lower neutral axis level in the section and the 
corresponding higher second moment of area. The influence of these parameters is clear 
from an inspection of equations 9.13 (page 488) and 9.14. 
The magnitudes of the stresses are greater using the global moment, M*, than the 
moment, M., in both the cracked and uncracked sections. This is to be expected since 
the moment, W, is greater than NL due to its location at a distance of (d, + dp)/2 from the 
end of the plate. The relative magnitude of W, compared with NL, depends on the depth 
of the beam, the plate thickness and the length of the shear span. Therefore, deep beams 
would give rise to greater values of M* at a given applied load. 
Table 9.5 lists the experimentally estimated maximum shear stresses together with the 
shear stresses calculated by the present analytical method using the cracked and 
uncracked concrete sections. 
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Table 9.5 Comparison of maximum experimental and analytical shear stresses 
Beam size Shear Plate size r, hased on To hased on Max. experimental 
span (mm) (MM) M,, (AlPa) (APa) shear stress (APa) 
Cracked section 
Lom 300 0.50 x 90 3.66 11.05 4.05 
0.82 x 67 4.33 12.61 3.39 
1.13 x 47 4.72 13.37 4.16 
2.3m 845 1.28 x 90 4.08 13.87 1.65 
Uncracked smflon 
Lom 300 0.50 x 90 0.92 2.76 4.05 
0.82 x 67 1.15 3.39 3.39 
1.13 x 47 1.25 3.54 4.16 
2.3m 845 1.29 x 90 1.09 3.70 1.65 
Table 9.5 shows that analytical values based on both M. and W and the cracked section 
are mostly greater than the experimentally calculated stresses; the closest similarity 
between the analytical and experimental stresses occurs for the I. Orn beams using MO 
rather than the recommended value, 3X. The correlation using M* is better for the 
uncracked concrete section; in these cases, the experimentally calculated values are 
greater than the analytical values based on M. for nearly all beams. 
Table 9.4 (page 489) shows that the magnitudes of ro are greater than the 2.5 NVa or 2.6 
NTa tensile strengths of the concrete, assuming a cracked concrete section, for all 
beams. This strength value was determined by tensile testing of necked concrete prisms 
and by cored pull off tests on the beams themselves, as described in Chapter 3. The 
cracked section normal stresses are also greater than the tensile strength of the concrete 
in most cases. Therefore, the validity of this analysis method is questionable, since it 
might be expected that the strength of the concrete represents an upper limit on the 
stresses that may be carried. 
It was suggested in Chapter 4 that the narrow and thick plates generate greater stresses in 
the concrete at beam soffit level because a narrow plate transfers stress over a smaller 
area than a wide plate. Table 9.4 (page 489) shows that the plate end shear and normal 
stresses are predicted by this analysis to be indeed greater when the aspect ratio of the 
plate reduces, consistent with experimental findings reported in the literature. Equation 
9.13 (page 488) shows that the predicted magnitude of the maximum shear stress is 
inversely proportional to the width of the adhesive layer, ba, which is itself assumed to be 
equal to the width of the plate, bp. Therefore, equation 9.13 can be rewritten as 
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2d 
To = Fo+ . -. 2. (hp - h) ..... Eqn 9.15 
JEP 
- bp - dpl 
1* 
Mo 
I 
by cancelling out bp with ba- It is clear from equation 9.15 that, for a given cross 
sectional area of plate (bp. dp), the shear stress is approximately directly proportional to 
the thickness of the plate, dp, given that small changes in dp will have little influence on 
the values of hp and 1. The increasing plate end stresses in Table 9.4 (page 489), with 
increasing plate thickness, reflect the combined influence of the increase in dp and the 
decrease in bp. Therefore, for a given cross sectional area of plate, the stresses in the 
adhesive can be minimised by using as wide a plate as possible. 
In their experimental study of the external strengthening of concrete beams with GFRP 
plates, Sharif et al (1994) compared the observed ultimate loads with values calculated 
using the present analysis method. Equation 9.13 (page 488) was rearranged to give the 
applied shear force and, therefore, total load, in terms of the shear stress, -c.. Equation 
9.16 shows a rearranged form of equation 9.13 for finding Pfail, the failure load; the 
multiple 2 takes into account the fact that the failure load is twice the applied shear force. 
To *I - ba Ks 12. M Pfail ý2- bp-45ý- (hp-h) Ep - bp - dp 0 ..... 
Eqn 9.16 
However, the bending moment at the end of the plate, M., is itself a function of Pfail, as 
shown in equation 9.17, 
MO 
fL"-l 
- dp 2ý st .. 
Eqn 9.17 
where dp, is the distance between the end of the plate and the beam support. Substituting 
equation 9.17 into equation 9.16 and rearranging for Pfail, the following is obtained for 
the magnitude of Pfau: 
2 -To -I, La 
Pfa 
b,, - dj, - (h,, - h)) Eqn 9.18 
+ 
K, 2 
Ep - bp - dpf 
The calculations by Sharif el al (1994) were based on the moment ýX, which lies at a 
distance of (d. + dp)/2 from the end of the plate (Roberts, 1989). Therefore, the value of 
M* is found from equation 9.19, 
9.3. Analyses applied to the present beams 491 
P ail M LL . (dp, + 0.5 - (d, ý + 
dp)) ..... Eqn 9.19 2 
but Sharif et al (1994) excluded the term dps so their calculations are valid only if the 
plate is assumed to extend as far as the beam support (in which case dp, is zero). To 
determine the magnitude of Pfail using M*, the term dps in equation 9.18 must be replaced 
with (dPs + 0.5(de + dp)). 
The value of the shear stress adopted by Sharif et al (1994) in this calculation was 3.5 
NVa. This value was determined from single lap shear tests of FRP plates bonded to 
concrete prisms. The value of 3.5 NTa was the lower observed shear strength when 
failure occurred in the concrete. Double lap shear tests of the adhesive, in a related study 
by Ghaleb (1992), revealed that high shear strengths may be recorded due to the presence 
of compressive interface normal stresses. Therefore, the shear strength of the adhesive 
was not adopted in the calculations (Sharif el al, 1994). 
The shear strength qfioted by the manufacturer for Sikadur 31 PBA, the adhesive used in 
the present study, is 12.5 NTa (Sika, 1993), far greater than the shear stresses based on 
N4. (Table 9.4 (page 489)) but lower than the values based on M* for the cracked section 
in several cases (Table 9.4). Therefore, the adhesive shear strength would lead to 
overestimates of the failure load based on the plate end global bending moment, NI.. It is 
uncertain, then, what value of shear stress needs to be used in order to produce failure 
loads that match the experimentally observed values. In equation 9.16, the shear stress, 
, ro, can be varied to obtain the influence of this parameter on the failure load, given 
constant values of the other parameters in the equation; this is considered further in 
]Figure 9.4. 
Figure 9.4 shows the variation of Pfail with plate end shear stress,, ro, for the Lorn beams. 
The maximum shear stress considered is the manufacturer's adhesive shear strength of 
12.5 NVa. The influence of the shear stress is plotted for each of the three plate 
dimensions using both NIO and W and assuming a cracked concrete section. The two 
horizontal solid lines in Figure 9.4 mark the experimentally recorded failure loads of the 
beams with the 0.50 by 90mm. plate and the 1.13 by 47mm plate; these two loads were 
the highest and lowest, respectively, recorded experimentally for the CFRP plated beams 
without plate end anchorage, and the lines are referred to again later. 
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Plate end shear stress (MPa) 
Figure 9.4 Influence of shear stress on predicted ultimate load for the 1.0m beams 
Equation 9.18 and Figure 9.4 show that the relationship between the failure load and the 
plate end shear stress is linear. The ultimate load corresponding to any shear stress value 
becomes lower with reducing plate aspect ratio when calculated by M,, or M*. This is 
consistent with the rising magnitudes of shear stress corresponding to the experimental 
failure loads with reducing aspect ratio (Table 9.4 (page 489)). The loads based on M* 
are lower than those based on MO, since a higher plate end global bending moment 
corresponds to a given plate end shear stress at a lower applied load. 
The horizontal line marking the highest experimental ultimate load in Figure 9.4 lies 
above the highest predicted failure load based on the moment, M*, for the 67mm and 
47mm wide plates, and the horizontal line marking the lowest experimental load lies 
above the highest prediction for the 47mm wide plate. These highest predicted loads 
occur at the assumed shear stress of 12.5 NVa, the manufacturer's published shear 
strength of the Sikadur adhesive. Therefore, the use of the cracked concrete section and 
the global bending moment, M*, is inappropriate for estimating the failure loads of the 
CFRP plated I. Orn beams with the narrowest plate, based on shear stress alone, This is 
because the moment, M*, is too high so the load corresponding to each shear stress 
magnitude is too low. Based on shear stress alone, then, it is more appropriate to use the 
global bending moment at the end of the plate, M, to estimate the failure loads if a 
cracked concrete section is assumed. In this case, the corresponding analytical shear 
stresses at beam failure range from 3.66 MPa to 4.72 MPa, as shov in Table 9.4 and by 
the vertical solid lines in Figure 9.4. 
Plate separation by shear peel has been reported in the literature, and in Chapter 4, to 
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begin by the fracture of the concrete at the end of the plate due to the presence of a shear 
crack at that position. Failure then progresses to the separation of the concrete cover 
layer from the internal rebars. This second stage of the separation involves the tensile 
fracture of the concrete cover in the plane of the rebars on both sides of each bar. 
Therefore, the load at which the cover concrete layer separates from the rebars depends 
on the tensile strength of the concrete and the bond strength between the concrete and the 
rebars. This bond is overcome by the combination of the shear and normal stresses 
transferred from the adhesive into the concrete. Therefore, it is necessary to consider 
both the shear and the normal stresses together in order to establish their relative 
influences on the onset of plate separation. Separation starts when the principal stress 
due to the normal and shear stress combination reaches the tensile strength of the 
concrete. 
For those cases in which plate separation was initiated experimentally at the end of the 
plate, the influence on the failure load of the magnitude of the normal stress, cro, can be 
assessed by a rearrangement of equations 9.13 (page 488) and 9.14. By rearranging 
equation 9.14 to obtain ro, equating this to equation 9.13, replacing FO and M. with 
terms in Pfau, and rearranging to find Pfau, equation 9.20 below is obtained for the failure 
load based on a.. Again, the load based on Nr is found by replacing dps with (dps + 
0.5(dc + dp)). 
Pfa i2- 
cr, 
... -Eqn 9.20 
2 Kn 4. 
(hp - h) I+1- dp., 
] 
- 
6-2 
- Ep - bp - dp 14- Ep - IPI 
Since the analytical normal stresses are lower than the shear stresses, the predicted 
failure load is greater when based on normal stress, as shown in Figure 9.5 which shows 
the variation of the failure load with shear and normal stress based on the cracked section 
and M* only. Both the shear and normal stresses are considered up to the 12.5 IV[Pa shear 
strength of the adhesive. The solid horizontal lines in Figure 9.5 represent the highest 
and lowest experimental failure loads of those beams in which plate separation was 
initiated at the end of the plate; these loads correspond to the 90mm. and 47mm wide 
plates, respectively. 
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Figure 9.5 Influence of shear and normal stress on predicted ultimate load for the 1.0m 
beams based on M* 
When based on MO, the loads predicted from the normal stress are again greater than 
those predicted from the shear stress but the load magnitudes are greater in both cases, 
reaching 135 kN and 254 kN based on shear and normal stress, respectively, at the 12.5 
N4Pa shear strength of the adhesive. The normal and shear stresses based on M" are 
much lower than the values in Figure 9.5 at the experimental failure loads of the beams 
although, as in Figure 9.5, the magnitudes of the normal stresses are still greater than the 
tensile strength of the concrete for the 67mm and 47mm wide plates. 
Equations 9.13 (page 488) and 9.14 include various material property parameters so it Is 
possible to conduct a parametric study of their influence on the shear and normal stresses 
in the adhesive at the end of the bonded plate. Such a study can include the parameters 
in various combinations but only a selected few are considered here in order to compare 
calculated trends with those expected. The effect of varying the tensile modulus of 
elasticity of the adhesive and the plate is considered next in Figures 9.6 and 9.7, 
respectively. These graphs show the effects at an applied load of 30 kN using both MO 
and M* in the calculations. A cracked concrete section is assumed in each case and all 
parameters, other than the variables of interest, are kept constant at the values 
appropriate to the I. Orn beams. 
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Figure 9.6 Plate end stresses of I. Orn beams (0.5 by 90mm plate) as a function of 
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Figure 9.7 Plate end stresses of I. Om beams (0.5 by 90mm plate) as a function of plate 
modulus at 30 kN total applied load assuming a cracked section 
The magnitude of the shear stress, based on both M. and M*, is approximately 0.55 MPa 
at an adhesive modulus of zero in Figure 9.6, although the normal stress is zero. The 
non-zero value of shear stress arises because only the term in Ks5 the shear stiffness of 
the adhesive, becomes zero in equation 9.13 (page 488). However, equation 9.14 shows 
that a zero normal stiffness of adhesive, Kn, results in a zero value of normal stress. By 
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inspection of equation 9.13, it is seen that the shear stress at an adhesive shear stiffness 
of zero is the elastic longitudinal shear stress in the beam at the level of the plate. 
Figure 9.6 shows that the analysis predicts the plate end stresses to increase as the 
adhesive becomes stiffer. The rate of increase of the stresses, with respect to adhesive 
tensile modulus, decreases with rising modulus. The initially high rate suggests that 
small increases in the adhesive modulus have greatest effect for very low stiffness 
adhesives. The rate of stress increase is greater when the calculations are based on M* 
than M.. This is because increases in the shear stiffness of the adhesive are magnified by 
the higher moment, Nf, as seen by inspection of equation 9.13 (page 488). The higher 
increase in shear stress, ro, then leads to a higher increase in normal stress, cro, per unit 
rise in adhesive modulus (equation 9.14). The fact that increases in adhesive modulus 
have a more severe effect on plate end stresses when based on the higher global bending 
moment, Nf, indicates that the use of this analysis method as an approximate assessment 
in design would result in a more conservative design if based on M*; Hussain et al (1995) 
commented that the method could be used as a design guideline by ensuring the 
maximum stresses do not exceed those calculated by this analysis. 
The cracked section analysis predicts an increase of plate end shear stresses as the 
modulus of elasticity of the plate increases for a given plate thickness, as shown in 
Figure 9.7. This is as expected from the results of experimental work, but the reduction 
in normal stresses, beyond a modulus of around 120 GPa, is not expected; the reduction 
is more pronounced based on NV due to the amplification effect mentioned above. 
Based on the uncracked section, however, the stresses in the adhesive at the end of the 
plate are predicted to rise with increasing plate modulus throughout the range 
considered, as shown in Figure 9.8 for the same plate dimensions and applied load. 
Based on both the cracked and uncracked sections, the rate of stress increase, with 
respect to plate modulus, is greater for low modulus plates, as is the case for the adhesive 
material. 
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Figure 9.8 Plate end stresses of I. Orn beams (0.5 by 90mm plate) as a function of plate 
modulus at 30 kN total applied load assuming an uncracked section 
Figure 9.9 shows the calculated influence of plate thickness on the maximum shear and 
normal stresses for three values of plate modulus of elasticity, assuming a cracked 
concrete section. For the two moduli above 30 GPa, this trend also contradicts the 
expected trend, that increasing the thickness of the plate will result in elevated plate end 
-a thicker plate has a greater out-of-plane rigidity so the plate will transfer stressesl 
greater stresses into the adhesive and the concrete due to its tendency not to conform to 
the profile of the beam under load. 
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Figure 9.9 Plate end stresses of I. Orn beams (90mm wide plate) as a function of plate 
thickness and modulus at 30 kN applied load (based on M* and a cracked 
section) 
The moduli of elasticity represented in Figure 9.9 are a possible value for a GFRP plate 
(30 GPa), the value for the 90mm wide plates used in the experimental beam tests in this 
study (108.05 GPa) and the value for a steel plate (210 GPa). It is seen that the shear 
stresses of the 108 GPa and 210 GPa plates reach a maximum value at a relatively small 
thickness and then fall with further increasing thickness. The normal stresses also 
increase towards an upper value. Figure 9.9 shows that a thick steel plate is calculated to 
experience lower plate end stresses than a GFRP plate of the same thickness. Therefore, 
these trends in stress magnitudes with increasing plate thickness and modulus are 
contrary to the findings of the previous studies cited in the review of section 9.2 (page 
465). The reason for this is the influence on the second moment of area of the cracked 
section, this quantity becoming greater with increasing plate thickness so that the stresses 
become lower. 
The curves representing the shear and normal stresses converge for each value of plate 
modulus, although the plate thickness at which the curves cross becomes lower with 
reducing modulus. Therefore, the magnitude of the normal stress in low modulus plates 
is calculated to become greater than the shear stress beyond a relatively low plate 
thickness. 
Figure 9.10 shows the behaviour in Figure 9.9 redrawn assuming an uncracked concrete 
section. 
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Figure 9.10 Plate end stresses of I. Om beams (90mm wide plate) as a function of plate 
thickness and modulus at 30 kN applied load (based on M* and an 
uncracked section) 
Based on the uncracked section, the steel plate is now predicted to be associated with 
higher adhesive stresses than the lower modulus CFRP and GFRP plates, as expected. 
The difference between the analytical shear and normal stresses becomes greater with 
increasing plate modulus, such that the normal stresses for the modulus of 210 GPa are 
lower than those for the modulus of 108 GPa beyond a plate thickness of approximately 
3mm. This suggests that the dominance of the shear stresses with a steel plate would 
increase in the I. Om beams with thick plates. Jones et al (1988) also suggested that the 
shear stresses are dominant in initiating steel plate separation, and that the normal 
stresses have a significant effect only after failure has been initiated by the shear stresses. 
However, Figure 9.10 shows that, for the low modulus material (EP = 30 GPa), the 
normal stress is calculated to become higher than the shear stress as the plate thickness 
increases. These results suggest, then, that the relative magnitudes of the shear and 
normal stresses depend not only on the thickness of the plate, but on its modulus also. 
it was seen in Figure 9.6 (page 496) that the shear stress corresponding to an adhesive 
modulus of zero is the elastic longitudinal shear stress due to the applied shear force 
alone. The bending moment term in equation 9.13 (page 488) applies the additional 
shear stress due to the shear stiffness of the adhesive itself Therefore, the shear and 
normal stresses in the adhesive at the ends of the plate are expected from this analysis to 
be greater when the plate terminates in a region of higher global bending moment. This 
suggests that the adhesive stresses can be minimised by continuing the plate as far as the 
beam supports, 'at which position the global bending moment is zero. The shear stress 
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coffesponding to a zero distance between the end of the plate and the beam support is the 
elastic longitudinal shear stress. Therefore, plate separation may still occur even if the 
plate is continued as far as the beam supports, if the elastic shear stress is sufficiently 
high. Although not shown here, the rate of increase in the shear stress, with respect to 
distance between the end of the plate and the beam support, is greater than the rate of 
increase in the normal stress. This suggests that shear becomes increasingly dominant as 
the plate is terminated in a region of higher bending moment. 
9.3.3.4 Discussion 
In practice, the shear stress cannot take its peak value at the end of the plate because the 
shear stress in the plane of the adhesive is equal in magnitude to the zero vertical shear 
stress on the exposed face at the end of the bond line. The location of the maximum 
shear stress at the end of the plate is one of the approximations of the method. The shear 
stress actually falls to zero at the end of the plate over a distance of the order of the 
adhesive thickness (Roberts, 1989; Roberts and Haji-Kazemi, 1989). This 
approximation is made since the adhesive thickness is small compared with the other 
dimensions of the beam. 
The analysis calculates that greater stresses were sustained in the adhesive layer at the 
end of the plate, at beam failure, as the aspect ratio of the plate reduced. This is 
apparently anomalous because the materials that carried these stresses, namely the 
concrete and the adhesive, did not change as the plate width and thickness were changed. 
Therefore, the magnitudes of the stresses associated with plate separation would not be 
expected to vary with changing plate aspect ratio. The applied load that must be applied 
to reach a given critical stress becomes lower with reducing plate aspect ratio, as shown 
in Figures 9.4 (page 493) and 9.5 (page 495). Therefore, it is suggested that the initial 
onset of plate separation before complete failure, when initiated at the end of the plate 
experimentally, occurred at a lower load with reducing plate aspect ratio. This initial 
separation would have occurred in the short length at the end of the plate over which the 
separated width of concrete was approximately equal to the plate width. The existence 
of this length was shown in Chapter 4 (Figure 4.11 (page 83)). The subsequent 
propagation of plate separation occurred when the load reached a value corresponding to 
the separation of the full concrete cover width. The latter load level was not associated 
with the initial failure so unrepresentatively high stresses are calculated. 
A discrepancy between analytical and experimental results, due to the effect of plate 
width, was recorded also by Oehlers (1988) and Oehlers and Moran (1990). These 
authors registered an increase in the ratio of the experimental ultimate capacity of steel 
plated beams to the capacity predicted by their empirical method as the plate width 
decreased. This was because the predicted ultimate capacities were based on the 
assumption that plate separation occurred over a width equal to the plate width, but the 
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actual separated width was the full width of the beam, regardless of plate width. 
The increase in normal stress with rising adhesive modulus is in agreement with the 
trend found for single lap joints (Goland and Reissner, 1944; Adams and Peppiatt, 1974). 
The adhesive shear stresses are also known to rise with increasing adhesive modulus, as 
seen again from studies of lap joints (Guess el al, 1977). This suggests that adhesive 
stresses can be minimised by using a low modulus adhesive, although the efficiency of 
strain development in the plate must not be impaired if the stiffening effect of plating is 
not to be lost. Therefore, the use of a low modulus adhesive is not recommended for this 
external plating application and the high adhesive stresses at the end of the plate are 
usually counteracted using a plate end anchorage instead, as required by BA 30/94 
(1994) for example. 
Vilnay (1988) also analysed the shear and normal stresses in the adhesive of steel plated 
beams by considering the equilibrium of forces and moments in the beam and plate. The 
shear stress was expressed terms of a constant, X, defined as 
F IGa 
57p :E 
-dp ..... 
Eqn 9.21 
in the present notation. This factor was used to determine the distribution of the shear 
stress with distance from the end of the plate. Higher values of ý, created with a stiffer 
adhesive, cause greater shear stress, consistent with the trend shown in Figure 9.6 (page 
496). However, the fact that X increases with reducing plate modulus is not consistent 
with the trend found in previous experimental tests, although it is consistent with the 
present cracked section analysis. The shear stress reduces more rapidly with distance 
along the plate when X is high, indicating that the stress concentration is greater with a 
stiffer adhesive. Therefore, a lower modulus adhesive is associated with a longer 
distance beyond which the shear stress remains at a steady value. As reviewed in section 
9.2.1 (page 465), this was found to be the case in the tests with steel plated beams by 
Jones et al (1985). In the analysis by Vilnay (1988), the normal stresses along the plate 
length were related to a constant, 0, given by the term in brackets in equation 9.14 (page 
488). The normal stress reduces more rapidly with distance from the end of the plate as 
0 increases, suggesting again that a less stiff adhesive (and plate) are desirable in terms 
of reducing the plate end stress concentration but, again, reduced beam stiffening will 
result. 
The results of the cracked section analysis are in agreement with lap shear data in respect 
of the falling stresses with increasing adherend thickness and modulus, but it has been 
seen that this thickness and modulus trend is incorrect for plated beams. For single lap 
joints, Guess et al (1977) used finite elements to study the ratio of maximum shear and 
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normal stresses to the average shear stress. These authors found a reduction in stresses in 
the adhesive at the free ends of the joint with increasing adherend thickness for a given 
adherend modulus. This was consistent with the higher strengths of joints comprising 
thicker adherends, a finding attributed to the lower shear and peel stresses. This result is 
expected since thinner adherends will experience greater out-of-plane bending due to the 
eccentricity of the tensile loads in the adherends. Although this eccentricity becomes 
greater with thicker adherends, with a corresponding increase in the bending moment, it 
is compensated for by the higher bending rigidity of the adherends. A reduction in peak 
shear and normal stresses with increasing adherend modulus was also found (Guess et al, 
1977); a reducing ratio of maximum shear and normal stress to average shear stress, with 
increasing adherend to adhesive modular ratio, was observed. This result is again 
consistent with the lower degree of bending experienced by the adherends. Therefore, in 
lap shear tests, the peeling of the adherends is indeed reduced using thicker and stiffer 
adherends. However, in plated beams, it is the bending of the beam that causes the 
bending and tensile loads in the plate, so the stresses generated in the adhesive and 
concrete are expected to be dependent on the ability of the plate to conform to the 
deflected profile of the beam. Thin plates will conform well so lower stresses are 
expected, while the converse applies for thick plates. The cracked section analysis does 
not represent this trend of increasing stresses with thicker and stiffer plates because the 
second moment of area of the section is increased. Therefore, the analysis method 
produces the right trends if it is based on the uncracked section only. 
By applying the uncracked section analysis to the beam tested by Jones et al (1988), a 
peak shear stress of 3.99 NTa is obtained at a load of 180 kN (the load used by Roberts 
(1989) for comparison with the test data), compared with 5.19 RIPa using the less 
reliable cracked section, both based on M*. The corresponding normal stresses are 1.87 
Wa and 1.43 NTa for the cracked and uncracked section, respectively. Therefore, 
reasonably close agreement is achieved between the cracked and uncracked sections for 
this example beam, and the agreement between the experimental and cracked section 
analytical stresses was also good (Roberts, 1989). It was these close correlations that led 
Roberts (1989) to propose the present method as a suitable approximation of the shear 
and normal stresses in the adhesive of steel plated beams. However, cracked section 
comparisons were not made for lower plate thicknesses and moduli, for which it is seen 
above that the agreement with experimental results is not consistently good. 
9.3.4 Rigorous method by Roberts and Haji-Kazemi (1989) 
9.3.4.1 Outline of the analysis method 
These authors developed a more rigorous form of the analysis presented by Roberts 
(1989). The displacements, strains and stresses in the concrete and plate are considered 
in the horizontal and vertical directions, as shown in Figure 9.11. 
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Figure 9.11 Forces and bending moments acting on an element of a plated beam (after 
Roberts and Haji-Kazemi (1989)) 
The terms in Figure 9.11 have the following meanings: 
t axial force; 
In bending moment; 
f shear force; 
X, z local axes; 
IC adhesive shear stress; 
CY adhesive normal stress; 
5x length of the element being considered; 
5t change in axial force over length Sx; 
5M change in bending moment over length 5x; 
5f change in shear force over length 5x. 
The concrete and plate are assumed to be bonded by a layer of adhesive with shear and 
normal stiffnesses given by equations 9.10 (page 486) and 9.12 (page 488). Material 
strains are found by differentiating displacements and the materials are assumed to be 
linear elastic. The concrete is analysed as an uncracked section with no internal steel. 
Moments and axial forces are found by integrating stresses which are defmed in terms of 
four independent displacement variables - ie. the horizontal and vertical displacements of 
the concrete and plate. Therefore, four equations are needed for the solution and these 
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are obtained by considering the equilibrium of the element of the beam shown in Figure 
9.11 and the compatibility of the concrete and plate. The shear and normal stiffnesses of 
the bonded connection, Ks and K., are related to the relative slip and vertical 
displacements of the beam and plate. As in the method by Roberts (1989), it is 
acknowledged that there can be no vertical shear force or bending moment at the free 
surface at the end of the bond line, so an equal and opposite shear force and bending 
moment are applied at this position. Also in agreement with the analysis by Roberts 
(1989) is the assumption that the plate has a low out-of-plane rigidity compared with the 
beam, so it is reasonable to apply the method to beams plated with composites. The 
analysis was developed by considering a beam subjected to a uniformly distributed load 
(UDL), but it was noted that the bending moment distribution corresponding to a 
different loading regime may be simulated by the equivalent UDL (Roberts and HaJi- 
Kazemi, 1989). Therefore, the analyses of the present beams were undertaken with a 
UDL that produced the same maximum bending moment as the experimental four point 
loading configuration. The method considers only the global bending moment at the end 
of the plate when estimating the adhesive stresses at this position. This is in contrast to 
the recommendation by Roberts (1989) to use the higher moment further along the plate, 
in order to overcome errors due to approximations. 
Roberts and Haji-Kazemi (1989) applied the method to a single lap joint in order to 
validate the solution by comparison with the earlier finite element studies of Adams and 
Peppiatt (1974). 
9.3.4.2 Application of the analysis to the present beams 
It was first confirmed that the analysis was being applied correctly by calculating the 
shear and normal stresses in the adhesive at the end of the plate of the example beam 
proposed by Roberts and Haji-Kazemi (1989). The method was then applied to the 
beams tested experimentally in the present study. The parametric study undertaken 
using the analysis by Roberts (1989) was repeated with this analysis method. 
Table 9.6 shows the analytical plate end shear and normal stresses, together with the 
experimentally estimated plate end shear stresses (where available) determined fi-om 
equation 9.7 (page 482). 
Table 9.6 Comparison of maximum analytical and experimental shear stresses 
Beam size Shear Plate size Analytical shear Analytical normal Experimental 
span (mm) (MM) stress (APa) stress (APa) shear stress aVa) 
LOM 300 0.50 X 90 1.17 0.63 4.05 
0.82 x 67 1.47 0.89 3.39 
1.13 x 47 1.57 1.03 4.16 
2.3m 845 1.28 x 90 1.72 1.15 1.65 
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A comparison between this analysis and the method of Roberts (1989) is only 
meaningful for the uncracked section. The difference between the stress values is around 
30%, corresponding to the 30% maximum error incurred by approximations that cause 
low values in the method by Roberts (1989). 
The analytical shear stresses are lower than the values estimated experimentally from 
equation 9.7 (page 482) in each case. The closest correlation occurs for the 2.3m beam, 
for which the difference between analytical and experimental shear stresses is 
approximately 4%. 
The present analysis predicts a consistent increase in the shear and normal stress 
magnitudes with rising plate and adhesive modulus and plate thickness, as would be 
expected. 
9.3.4.3 Discussion 
The pmcedure for determining the shear and normal stresses is much more complicated 
in this rigorous method than in the approximate method by Roberts (1989). Eight 
constants of integration need to be found at each discontinuity in the applied shear force 
along the plated length of the beam. For this reason, the analysis is based on an 
equivalent parabolic bending moment distribution corresponding to a UDL so that the 
constants of integration need to be found at the plate ends only, and not at the ends of a 
constant moment region as well. 
The assumption that there is no internal reinforcement in the beam was noted by Jones et 
al (1988) to potentially give rise to errors in the solution. These authors acknowledged 
that bars in the anchorage zone will be subjected to bond stresses that will have a radial 
effect on the stresses in the surrounding concrete. In the present study, the Lom beams 
were reinforced internally with plain bars so the radial stress effect would have been less 
significant than in the 2.3m beam. There was no experimental evidence of concrete 
fracture due to radial stresses at the end of the plate in the 2.3m beam and the analytical 
shear stress is noted to be well correlated with the experimentally estimated value, as 
seen in Table 9.6, so the assumption of no internal reinforcement is valid. 
9.3.5 Flexural and shear peeling interaction method by Oehlers (1992) 
9.3.5.1 Introduction to the method 
This method, reported by Oehlers (1992 and 1993), sought to determine an interaction 
envelope to describe the combination of shear and flexural peeling in steel plated beams 
so that plate end peel could be designed out by providing a sufficient plated length. The 
work was based on experimentally tested beams plated over their full width, in which the 
length of plate and the shear span were varied so that the end of the plate was located in 
positions of varying proportions of bending moment and shear force. The beams were 
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provided with varying amounts of internal shear reinforcement and the shear provision 
was included in the interaction envelope. This envelope was described by 
mv 
'+' <1.17, ..... Eqn 9.22 MUP VU 
c 
in which the terms are defmed as follows: 
MP global bending moment at plate end at the onset of plate end peel; 
VP global shear force at plate end at the onset of plate end peel; 
MUP ultimate peeling moment - ie. global bending moment at plate end when the 
applied shear force is zero 
VUC shear capacity of beam with internal tensile rebars but without internal shear 
reinforcement, found from design codes and referred to here as the 
unreinforced shear capacity. 
The applied shear force at plate peeling, Vp, is related to the unreinforced shear capacity 
of the unplated section, Vuc, since it was found that VP is dependent on Vue rather than 
the theoretical shear capacity with stirrups (Oehlers, 1992; 1993). This was determined 
by plotting the ratio of the shear force at peeling with shear reinforcement to that without 
shear reinforcement against the ratio of the concrete shear capacity with and without 
shear reinforcement; this was done for a variety of shear reinforcement provisions. The 
shear force to cause plate end peel in the presence of shear reinforcement remained 
approximately equal to the value without shear steel as the shear capacity of the unplated 
section became progressively greater. 
The onset of plate end peel, corresponding to Mp and Vp, was identified by a sudden 
drop in the tensile strain in the plate as the plate relaxed during its separation from the 
beam. The ultimate peeling moment, Mup, is found from the relationship shown below 
in equation 9.23, determined from experimental beam tests reported by Oehlers, (1988) 
and Oehlers and Moran (1990). 
(EI) 
cp * 
ft 
..... Eqn 9.23 
MuP 
0.474 - Es -t p 
in which the terms have the following meanmgs: 
MT flexural rigidity of the plated beam assuming a cracked concrete section; CEDCP 
ft tensile strength of the concrete; 
E, modulus of elasticity of the steel plate; 
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tP thickness of the steel plate. 
This equation gives the plate end global bending moment corresponding to flexural 
peeling, although it is applicable to plated beams under shear and flexural loading if no 
shear cracking of the concrete occurs. The beam tests from which this equation was 
derived involved plates bonded in the constant moment region to ensure concrete 
flexural stresses only, so the effects of shear force are not considered in Mup. The beam 
tests enabled the coefficient of 0.474 to be found as follows. By assuming that the peel 
stresses at the end of the plate are due to the axial strain in the concrete and plate and the 
curvature of the beam, when the plated length is subjected to bending load only, equation 
9.24 below was derived for the peeling moment, Nýp, assuming an isotropic, uncracked 
section. 
(EI) b 'ft 
..... Eqn 9.24 MP - k., -E -t+k. -E., -h' ., p 
where (EI)b is the flexural rigidity of the uncracked beam, h is the distance between the 
neutral axis and the plate centreline, and k. and k,, are constants representing the peel 
stresses due to the beam curvature and axial strain, respectively. An isotropic finite 
element analysis gave similar values of kc and ka but, since h is far greater than tP, it 
would be expected that the axial strain effect is at least an order of magnitude greater 
than the curvature effect, suggesting that the axial strain in the beam and plate should 
govem plate end peel. However, subsequent analysis of beam test results, using the 
flexural rigidity based on a cracked section rather than (EI)b, demonstrated that k,, is 
many times greater than ka, suggesting that flexural cracking considerably reduces the 
peeling effect of axial strains, and ka was taken to be zero. By equating Mp to the 
experimental ultimate peeling moments and using linear regression, assuming k. is zero, 
the value of 0.474 was obtained for k. (Oehlers and Moran, 1990). This coefficient is 
based on a wide scatter of flexural peeling moments, this scatter having been caused by a 
range of factors that affect the peeling strength, including the tensile strength and 
stiffness of the concrete and the occurrence of plate end stress concentrations which, in 
practice, influence the onset of peeling to different extents between specimens. 
By rearranging equation 9.23, the curvature at the ultimate condition, ýup, is found to be 
= 
mur, 
= 
ft 
. -.. Eqn 9.25 (EI) 0.474 - Es - CP lp 
This equation shows that beams with lower modulus plates experience greater curvatures 
before peeling failure, consistent with the higher deflections. Equation 9.25 suggests 
that, for a given plate modulus and thickness, the ultimate curvature to peeling and, 
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therefore, the ultimate peeling moment, is influenced by the concrete tensile strength 
only. This dependence on the flexural strength of the beam suggests that increases in the 
shear reinforcement provision have no influence on the curvature at which flexural 
peeling occurs, as was found by Oehlers (1992,1993). 
9.3.5.2 Application of the analysis to the present beams 
The present interest is to determine the plate end shear forces and bending moments 
corresponding to the onset of plate end peel. This point in the loading range was 
identified by a reduction in the magnitude of the tensile strain at the end of the plate, as 
shown in Figure 4.40 (page 126) for the 1.0m beams. 
Table 9.7 shows the values of the parameters in the proposed interaction envelope, from 
which the interaction values in Table 9.8 are calculated. The value of VUC is found from 
the design concrete shear stress for sections without internal links given by equation 4.6 
(page 176). The values in BS 8110 are multiplied by (fcj25)", as suggested by the 
Code, since the concrete compressive strength, fcu, is greater than 25 Wa. The ultimate 
peeling moments, Mup, are found from equation 9.23 with the appropriate material 
properties for the plate and concrete. The coefficient of 0.474, which represents the 
mean value of MIp in equation 9.23, is replaced with 0.90, which represents the 
characteristic value, a modification suggested by Oehlers (1992). 
Table 9.7 Data from which interaction values in Table 9.8 are calculated 
Beam size Shear Plate size VP Mp V-C M-Ip 
span (mm) (MM) (kNg (kNm) (kNg (kNm) 
LOM 300 0.50 x 90 19.50 0.390 10.17 5.778 
0.82 x 67 17.75 0.355 10.17 3.632 
1.13 x 47 14.50 0.290 10.17 2.570 
2.3m 945 1.29 x 90 47.501 1.900 23.58 30.265 
Table 9.8 Calculated interaction values corresponding to the onset of plate end peel 
Beam size Shear Plate size MI/M. P Vj m 
span (mm) (MM) 
ý/V., P/M"p + VP/V., 
Lom 300 0.50 x 90 0.067 1.92 1.98 
0.82 x 67 0.098 1.75 1.84 
1.13 x 47 0.113 1.43 1.54 
7-3m 945 1.28 x 90 0.063 2.01 2.08 
Table 9.7 shows that the ultimate peeling moments, Mup, are considerably greater than 
the moments at which a plate end strain reduction occurred, Ný. Assuming equation 
9.23 to be valid for determining the value of M. for the present beams, the large 
difference suggests that plate end peel was brought about earlier than expected by 
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flexure alone, due to the effect of the applied shear force which caused a dominant shear 
peel action. The value of Mp shows a reduction with falling plate aspect ratio, indicative 
of the higher peeling stresses due to the narrowing of the plate. 
The proposed envelope is too low for the present beams; it appears a higher interaction 
sum would be appropriate. The lack of correlation occurs because the ratio VP/Vu,., is 
greater than 1.17, shear loading having been dominant. This contradicts the finding of 
Oehlers, (1992,1993) that Vp takes a maximum value equal to Vuc, suggesting that the 
actual shear strength was greater than predicted from BS8 110 or that eventual plate 
separation occurred at a load far higher than that required to cause initial concrete shear 
cracking. Since the first diagonal crack through the beam depth was not at the end of the 
plate in any of the specimens tested, the second of these suggestions is appropriate. 
9.3.6 Crack spacing method by Zhang et al (1995) 
93.6.1 Introduction to the method 
These authors developed a method to predict lower and upper bounds to the moment at 
which peeling failure occurs in plated beams. The method assumes that plate end 
peeling failure occurs when the tensile strength of the concrete is overcome at the level 
of the internal rebars between neighbouring cracks in the cover thickness, depicted in 
Figure 9.12. It is assumed that the distribution of shear stresses at the level of the beam 
soffit is uniform throughout the shear spans. For this assumption to be valid, the 
variation of plate tension must be linear with distance in the shear spans. However, 
Figure 4.39 (page 124) of Chapter 4 demonstrated that this may not be the case and that 
the tensile stress in the plate is actually influenced by plate end effects and vertical shear 
forces in the beam. The analytical method makes no reference to shear and peel stress 
concentrations at the ends of the plate, these having been found in the above analysis 
methods to be important in determining the onset of plate peeling. The method was later 
developed a stage further by Raoof and Zhang (1996) to consider non-uniform shear 
stress distributions. The analytical results by Zhang et al (1996) were compared with the 
experimental results of Oehlers (1992) and Jones etal(1982). The latter involved under- 
and over-reinforced beams and plate dimensions were varied in both experimental cases. 
The analytical lower and upper bounds were found to encompass the experimental 
results in both cases. The analytical results of the extended method by Raoof and Zhang 
(1996) were compared with test data reported by Oehlers and Moran (1990) and Oehlers 
(1992); again, the experimental results fell within the analytical bounds. The methods 
based on a uniform and a non-uniform shear stress distribution are outlined here and the 
results of their application to the present experimental beams are discussed. 
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9.3.6.2 Analysis under uniform shear stress in the shear spans 
Rebar 
Concrete Cover thick-mess, h' 
tooth 
Ic 
Crack spacing 
Figure 9.12 Behaviour of 'tooth' between concrete cracks (after Zhang el al, 1995) 
The concrete tensile strength is reached at position A in Figure 9.12 due to the moment 
applied to the concrete 'tooth' by the tension in the bonded plate. The analysis 
determines the magnitude of this moment as a function of the size of the 'tooth' and the 
tensile strength of the concrete. The plate tension transfers a shear stress, T, to the 
concrete at the level of the beam soffit, and the moment at position A is related to this 
shear stress. The analysis assumes this shear stress is constant between the end of the 
plate and the point load position - ie. positions B and C in Figure 9.12. This assumption, 
together with the assumption that the shear stress is balanced by the tensile stress in the 
plate between positions B and C, enables the tensile stress at position C to be expressed 
in terms of the length BC. It is further assumed that the length BC is small so that the 
assumption of constant shear stress may be made. 
The width of the concrete 'tooth' in Figure 9.12 is equal to the spacing between cracks; 
the soff it level shear stress is related to this crack spacing which is itself expressed as 
equation 9.26. 
I fmin Ae'ftj 
u- (EO+b 
Eqn 9.26 
The terms of equation 9.26 have the following meanings (Zhang et al, 1995)-. 
IP min minimum crack spacing; 
A,, area of tensile concrete shaded in Figure 9.13; 
ft, concrete tensile strength; 
u average rebar/concrete bond stress; 
710 sum of the circumferences of the rebars; 
bI width of externally bonded plate. 
This equation is based on the tension, in the area of concrete shaded in Figure 9.13 
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Aitý end region 
below, being equal to the force generated by the concrete bond stress at the 
circumferences of the steel rebars and at the bonded surface of the plate. The shaded 
area is taken as the effective area of concrete in tension (Park and Paulay, 1975). Figure 
9.13 shows that the adhesive layer is ignored when considering the plate/concrete bond 
stress. The original form of equation 9.26 was for unplated, reinforced concrete so the 
term bI was excluded (Nawy, 1992). 
F*-* 
SDý 
Area A. 
e ars h, 
h, 
b, 
Figure 9.13 Area of concrete tension equal to force due to rebar and plate bond stress 
Additional cracks appear between existing cracks as the applied load on the beam 
increases. The number of cracks will be stabilised when the stress in the concrete no 
longer exceeds its tensile strength at further locations, regardless of load increase (Nawy, 
1992). The stabilised crack spacing represents the minimum distance between cracks. 
The random nature of concrete cracking results in the magnitudes of crack spacings lying 
between the minimum value and a maximum spacing, commonly taken as twice the 
minimum spacing (Nawy, 1992). Therefore, the tension in the plate at position C (Figure 
9.12) is found using a lower and an upper limit of crack spacing, giving two bounds on 
the plate tension at the load position corresponding to peeling at the end of the plate. 
The final product of this analysis method is the value of plate tensile stress at the position 
of the point load. This is given by equation 9.27, 
as (min) ý 
0.154 -Lp*h, *b 
2-..... 
Eqn 9.27 H-bl*t- (ZO+bl) 
in which the terms have the following meanings and those listed above: 
as(min) lower bound plate tensile stress at load position at failure; 
LP length of bonded plate in shear span 
h, half the depth of concrete assumed to be in tension (Figure 9.13) 
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b width of beam 
fcu concrete cube strength 
concrete cover thickness 
t thickness of plate 
This list of terms shows the parameters that affect the maximum tension in the plate 
when plate end peeling begins. The constant 0.154 arises from coefficients that relate 
the concrete tensile strength, ft, and bond stress, u, to the concrete cube strength, feu. 
The upper bound plate tensile stress is taken as twice the lower bound since the 
maximum crack spacing is assumed to be twice the minimum spacing. It is clear that the 
in-plane and out-of-plane stiffness properties of the plate do not feature in this analysis 
result. This is because the plate properties are not used to find the stresses in the 
concrete; instead, the concrete stresses are used to find the plate stresses. Therefore, the 
analytical results may be compared with experimental results obtained with any plate 
material since failure is governed analytically by stresses in the concrete cover thickness. 
A comparison with experimental data is made in the present work by calculating the 
tensile strain in the plate based on the analytical tensile stress and the modulus of 
elasticity of the plate. 
93.6.3 Extension of the method for non-uniform shear stresses 
The analysis method was extended by Raoof and Zhang (1996) to cater for non-uniform 
distributions of shear stress throughout the bonded length of plate in the shear spans. A 
uniform distribution may no longer be assumed when the bond in the shear spans is long. 
In this case, it is necessary to determine the length of bond, Lp, to be used in equation 
9.27. Raoof and Zhang (1996) used the experimental data recorded by Oehlers and 
Moran (1990) to plot Lp/lP j against IP i and find the best fit relationship between Tnin Tnin 
these two quantities; two bands of values Of Fmin were identified, as shown in equations 
9.28 and 9.29. 
L, =- (21 - 0.25'mpin), lmpin: 5 72 . --Eqn 9.28 
Lp = 3.1r.. 
p,,,, I. Pi,, > 72 ..... Eqn 9.29 
From this relationship, a value of Lp is found for any value of IP ;. The lower of the min 
calculated Lp and actual Lp is then used in equation 9.27. 
Most of the tests reported by Oehlers and Moran (1990) involved beams with steel plates 
bonded in the constant moment region only; these beams all failed in the flexural peeling 
fashion. The lack of a bonded length in the shear spans implied that an equivalent value 
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of Lp had to be calculated from a rearranged form of equation 9.27 using a value of as 
determined from the modulus of elasticity of the plate and the experimental plate strain 
at failure; equation 9.30 shows this rearranged form of equation 9.27. 
as* H-bl, t- (7-0+bl) I LP =21.5 . -.. Eqn 9.30 
0.154 - hl, b Axu 
The factor 1.5 is included as an averaging constant, taking into account the assumption 
that the value of cy, varies between as(nj. ) and 2as(min). 
Therefore, this extension to the method is intended to provide a reasonable value of Lp 
for use in equation 9.27 (Raoof and Zhang, 1996). The calculated value of Lp is an 
equivalent length corresponding to the plate end peeling mode of failure and provides a 
comparison with the actual Lp, from which the value to be used in equation 9.27 is 
found. As in the basic method, the plate tensile stress can be converted to strain for 
comparison with experimental data. 
9.3.6.4 Application of the analysis to the present beams 
Table 9.9 shows the lower and upper bounds of the analytically predicted plate strain at 
the point load position when the plate end peeling failures began, assuming the actual 
values of Lp used in the experimental beams. These strains were calculated from the 
plate tensile stresses determined in the analysis and the modulus of elasticity of the plate. 
The last two columns of Table 9.9 show the experimentally observed plate strains, again 
listed as minimum and maximum values; these are the strains corresponding to the load 
at which the plate end strains began to reduce in value (minimum) and the strain at beam 
collapse (maximum). It was seen in Chapter 4 that a reduction in the magnitude of the 
plate end strain in the failed shear span was associated with the onset of plate end 
peeling. The minimum and maximum experimental strains represent the range of plate 
strains that are compared with the analytically predicted lower and upper bounds. 
Table 9.9 Analytical and experimental plate strains assuming uniform shear stress 
Analytical Expefimental 
Beam size Shear Plate size Afin. MI= Ifin Max 
span (mm) (MM) strain 4M) strain (Ps) strain (ps) strain (pe) 
LOM 300 0.50 x 90 7115 14230 7290 7414 
0.82 x 67 6736 13472 4693 4870 
1.13 x 47 8134 16268 4425 4856 
2.3m 845 1.28 x 90 6266 12532 43651 Note 2 
I Failure filmed on high speed camera so this straffi is maximum value recorded 
2 Failure filmed on high weed camera so maximum stram. not recorded 
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As mentioned above, the data in Table 9.9 are based on the actual values of Lp used in 
the experimental beams. For comparison, Table 9.10 shows the results obtained using 
the relationship of equations 9.28 and 9.29 to find the lower bound value of Lp for use in 
equation 9.27. 
Table 9.10 Analytical and experimental plate strains assuming non-uniform shear stress 
Analytical Experimewal 
Beam size Shear Plate size MYL max. AfzpL max. 
span (mm) (MM) strain (ýx) strain (gs) strain (ým) strain (tLe) 
LOM 300 0-50 X 90 7115 14230 7290 7414 
0.82 x 67 6736 13472 4693 4870 
1.13 x 47 8134 16268 4425 4856 
2.3m 945 1.28 x 90 3411 6822 43651 Note 2 
I Failure filmed on high speed camera so this sunin is maximum value recorded 
2 Failure filmed on high speed camera so maximum strain not recorded 
in Table 9.9, the minimum experimental plate strain of only the first I. Om beam lies 
within the analytically predicted range. The lower bound analytical value of the other 
beams lies above the lower bound experimental value, indicating that the actual 
experimental value of Lp, used in equation 9.27, is too high to satisfy the experimentally 
observed plate tension. Lp is the only quantity in equation 9.27 that can be altered to 
change the magnitude of the plate strain, all other variables being fixed for a given beam 
configuration. The assumption of a non-uniform shear stress distribution for the 2.3m 
bearn (Table 9.10) results in a lower minimum analytical strain, such that the 
experimental value now lies within the analytical band. This implies that the shear stress 
distribution was not uniform throughout the bonded length of plate in the failed shear 
span and that a shorter bonded length needs to be assumed for the 2.3m beam in order 
that the distribution may be assumed to be uniform. However, for the Lom beams, the 
value of Lp calculated by equations 9.28 (page 513) and 9.29 is greater than the actual 
value of Lp adopted in the tests, so the actual experimental value of Lp is appropriate, 
resulting in the same analytical strains in Tables 9.9 and 9.10 for the 1.0m beams. 
Assuming a uniform distribution of shear stress in the l. Orn beams (Table 9.9), the 
minimum analytical values are too high for the two narrower plates under the 300mm 
shear span. This appears to be due to the relatively low experimental strains of these 
plates compared with the experimental values of the wider plate. The low strains of the 
narrow plates are consistent with the relatively low ultimate capacities of these beams, so 
the analysis satisfies only the wide plate. 
Table 9.9 shows that the maximum analYtical strains under a uniform shear stress 
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distribution are all greater than the ultimate strains of the plate material, as determined by 
coupon testing (Chapter 3). Under anon-uniform shear stress distribution (Table 9.10), 
this is again the case for the I. Orn beams but not the 2.3in beam. The value of Lp 
calculated in equations 9.28 and 9.29 is based on a relationship determined from 
experimental tests of steel plated beams with material properties and specimen 
configurations specific to the tests reported by Oehlers and Moran (1990), but the 
properties appropriate to the present beams are used here to find the value of Lp. It is 
shown next that the analysis method works for the present beams when the conditions 
specific to these particular specimens are used. 
It was seen above that Raoof and Zhang (1996) calculated new values of Lp from the 
relationship derived from experimental data. Such a relationship was derived for the 
present I. Om beams by the same method, as shown below. The relationship derived by 
Raoof and Zhang (1996) was based mainly on tests in which the plate width was kept 
constant while other beam cross section properties were varied. These properties were 
the beam depth, span, cover to internal tensile reinforcement, diameter of tensile 
reinforcement, plate thickness and bonded length of plate. Only 4 of the 57 tests involved 
a variable plate width. The relationship derived below for the present beams is based on 
constant paramet rs for the concrete beam but varying plate width and thickness. This 
means that the effects causing failure at lower loads with narrower plates are included 
implicitly in the relationships. However, the equation derived by Raoof and Zhang 
(1996) can be applied to steel plated beams with varying internal, as well as external, 
reinforcement configurations because it is based on a greater number of parameters. 
Table 9.11 shows values of Lpll'ýý and IP i for the I. Om beams. The plate strains in min 
the second column of the Table are the experimental values at the load position 
corresponding to the reduction in strain at the end of the plate. The values of Lp were 
calculated using equation 9.30 with cys found from'the plate strain and modulus. 
Table 9.11 Calculated data for I. Om beams 
Plate size Experimental Lplfmj, jpmi, Afin. plate strain by Alay- plate 
(Mm) plate strain (ge) (mm) eqns. 9.31 and 9.2 7 strain (ge) 
(PC) 
0.50 X 90 7290 8.96 2&08 4553 9107 
0.82 x 67 4693 5.07 33.31 3597 7193 
1.13 x 47 4425 3.33 39.74 2497 4995 
Equation 9.31 shows the best fit linear relationship between LP/lPn =- andIpTninfor these 
I. Om beams, based on the stresses corresponding to the three strains in Table 9.11. 
Lp =f-- (21.49 - 0.47ýjn) . --Eqn 9.31 min 
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Using equation 9.3 1, new values of Lp were found and were substituted into equation 
9.27 to determine the load position plate stresses, and therefore strains, for these three 
beams, as shown in the last two columns of Table 9.11; the maximum plate strain is 
again taken as twice the minimum strain. 
As mentioned earlier, the minimum experimental strains of the 1.0m beams fall below 
the analytical lower bound in all cases except the 90mm wide plate. However, Table 
9.11 shows that the minimum experimental plate strain now lies within the analytical 
range for all three plate dimensions. 
Tables 9.12,9.13 and 9.14 show data corresponding to beam collapse, this time for each 
of the three shear spans tested. Equations 9.32,9.33 and 9.34 are the relationships 
derived from these tables for the 300mm, 340mm and 400mm shear spans, respectively. 
Table 9.12 Calculated data at beam collapse for 300mm shear span 
Plate size Experimental LVtpi,, tpmi. Min. plate strain by M= plate 
(mm) plate strain (ým) (m M) eqns. 9.32 and 9.27 strain (ge) 
(ge) 
0.50 x 90 7414 9.00 29.08 4706 9412 
0.82 x 67 4970 5.27 33.31 3835 7669 
1.13 x 47 4856 3.64 39.74 2954 5909 
Table 9.13 Calculated data at beam collapse for 340mm shear span 
Plate size Experimental Lpllp,, d,, lpd" Min. plate strain by Max. plate 
(MM) plate strain (ým) (m M) eqns. 9.33 and 9.2 7 strain (ge) 
(PS) 
0.50 X 90 8088 9.82 28.08 5267 10539 
0.82 x 67 6538 7.07 33.31 4693 9385 
1.13 x 47 7094 5.33 39.74 4590 9180 
Table 9.14 Calculated data at beam collapse for 400mm shear span 
Plate size Experimental Lpfipj. jpjý, MuL plate strain by Mar. plate 
(Mm) plate strain (ýx) (mm) eqns. 9.34 and 9.27 strain (ýx) 
(W) 
0.50 X 90 7971 9.68 28.08 5563 11125 
0.82 x 67 7772 SAI 33.31 4929 9659 
1.13 x 47 6107 4.58 39.74 4444 8888 
L, =- (21.21 - 0.45 
fmin) 
... -Eqn 9.32 
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L, = 
f. 
- (20.27-0.381. i. ) . --Eqn 9.33 min 
. -.. Eqn 9.34 '. in * (22.49 - 0.44fmin) 
It is seen from Tables 9.12,9.13 and 9.14 that the experimental strains again lie within 
the analytical range for each plate size under all three shear spans. Therefore, this 
analytical approach determines a range of plate strains within which the maximum 
experimental strain (ie. at collapse) lies when experimental data are used to derive an 
appropriate value of Lp, regardless of the mode of plate separation. 
The gradient of the relationship derived by Raoof and Zhang (1996), equation 9.28 (page 
513), is lower than those found from the present experimental results (equations 9.31 to 
9.34). The analytical results are sensitive to the slope of this linear relationship. The 
failure of equation 9.28 to accurately predict a range of strains within which the 
experimental values lie is due to this gradient not being appropriate for the present 
beams; however, the value of the intercept on the vertical axis is similar in equation 9.28 
and equations 9.31 to 9.34. 
The values of IP i in Table 9.11 are seen to increase with reducing plate width, due to min 
the greater bonded length of plate between cracks required for the rebar and plate bond 
forces to balance the concrete tensile strength acting over the area Ae (equation 9.26 and 
Figure 9.13). In practice, the magnitudes of crack spacings do not follow such a 
convenient theory and this is the reason for using such a wide range between the 
minimum and maximum crack spacings in the analysis (11 1 to 21P., h). Therefore, min 
Zhang el al (1995) commented that it is not prudent to try to achieve an exact theoretical 
solution, and that the factor of 2 between the lower and upper bounds of the analytical 
solution reflects the wide degree of scatter that is an inherent feature of the plate peeling 
phenomenon. 
Equation 9.26 (page 511) shows that a single value of concrete bond stress, u, is assumed 
for both the rebars and the bonded plate. However, rebars in practice are usually ribbed 
so a greater bond stress is developed between the rebars and the concrete than may be 
assumed for the plate. The bond strength assumed in this analysis is 0.284fu, the value 
adopted by BS 8110 for plain rebars in tension, although coefficients greater than 0.28 
are used for deformed bars. Therefore, the assumption of a single bond strength for both 
the rebars and plate is unlikely to be valid in practice. However, the Lom beams tested 
experimentally in this Study contained plain round rebars, so the coefficient of 0.28 is 
valid here for the internal reinforcement. Using this coefficient for the bonded CFRP 
plates, a bond strength of 2.06 NTa is obtained with the concrete strength of 54 Wa for 
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the I. Om beams. It was shown in Table 4.12 (page 134) of Chapter 4, however, that the 
peak nominal shear stresses were greater than 2.06 NTa for the series 'a' beams (ie. 
those that failed by plate end peel). This peak shear stress was transferred to the concrete 
via the bond to the adhesive, so it seems that the bond stress for the plate should be taken 
as greater than 0.284f,,, for the present beams. 
Equation 9.27 (page 512) is developed using the assumptions for concrete bond and 
tensile strength of 0.284fcu and 0.364fcu, respectively; these are the strengths used in BS 
8110. By expanding equation 9.27, the following is obtained for the lower bound plate 
tension: 
2 
0.0432 -b. h, Lp 
as (min) = 
H-b t-T. 0-u +h'- b2..... 
Eqn 9.35 
1, rebars I' 
t' Uplate 
In equation 9.35, the bond stress has been separated into its component parts for the 
internal reinforcement and the external plate (Ueb. and uplate, respectively). Assuming 
a rebar/concrete bond strength equal to 0.284fc ,u 
in the I. Oin beams, the corresponding 
platelconcrete bond stress may be found by substituting the plate stress, as(, ni. ), 
into 
equation 9.35. Table 9.15 shows the bond stresses obtained by this method at the time of 
the first plate end strain reduction; the rebar/concrete bond stresses are included for 
comparison. The actual experimental bonded length, Lp, was used in these calculations. 
For the 2.3m beam, the rebar/concrete bond stresses have been taken as 0.504fcu2 the 
coefficient of 0.50 being the value quoted in BS 8110 for the type 2 ribbed bars used in 
these beams. This coefficient results in the higher rebar/concrete bond strength of 3.43 
Wa. The plate bond stresses in Table 9.15 are calculated under the assumption of a 
uniform and a non-uniform shear stress distribution in the shear spans. To calculate the 
stresses assuming a non-uniform distribution, values of Lp were found from the 
experimentally derived relationship, equation 9.31, and then substituted into equation 
9.35. Insufficient test results were available to be able to find such an equation for the 
2.3m beams, so this entry is left blank in Table 9.15. 
Table 9.15 Platelconcrete bond stresses for each beam size 
Beam size Plate size Rebar bond Plate bondstress OWq) Plate bondstress OýPq) with 
(mm) stress (APa) with uniform shear stress non-uniform shear stress 
Lom 0.50 x 90 2.06 1.23 0.80 
0.82 x 67 2.06 2.46 1.18 
1.13 x 47 2.06 3.94 0.09 
2.3m 1.28 x 90 3.43 3.06 
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The plate/concrete bond stresses, assuming a non-uniform shear stress distribution, are 
lower than the values under a uniform distribution, since the values of Lp are lower for 
the non-unifonn case. Assuming a uniform shear stress distribution, the plate/concrete 
bond stresses are higher than the rebar/concrete stresses in the Lom cases and lower for 
the 2.3m beam; the magnitude of the plate bond stress depends on the experimentally 
observed plate tensile stress and the bonded length, Lp. 
In calculating these plate bond stresses, it is assumed that the rebar/concrete bond stress 
is equal to its ultimate value (2.06 NIPa or 3.43 NIPa). From equation 9.26 (page 511), 
the minimum crack spacing is found to be 28.08mm for the 90mm wide plate in the Lom 
beams, assuming the single bond stress of 2.06 Wa for the rebars and the plate. The 
bond stress of 2.06 NIPa is achieved over this crack spacing when the tensile force in a 
rebar corresponds to a rebar stress of approximately 39 Wa. Using the flexural analysis 
method described in Part A of Chapter 8, with a cracked concrete section, this rebar 
stress is found to correspond to a bending moment of 0.33 kNm. The 90mm wide plate 
was associated with a maximum experimental bending moment of 5.85 kNm at the load 
at which the plate end strain first started to reduce in value. Therefore, the moment of 
0.33 kNm corresponds to a distance of around l7mm from the beam support for this 
case. This distance is less than the 20mm between the end of the plate and the beam 
support, suggesting that the full rebar/concrete bond strength was reached throughout the 
whole length of the plate. Therefore, on this basis, the use of the 2.06 M[Pa bond stress is 
appropriate for this particular beam. 
A similar calculation was performed for the other beams tested and Table 9.16 lists the 
results. The values of 11 1 for the 2.3m and 4.5m beams in Table 9.16 are also based on min 
the common bond strength of 2.06 NTa since there is no justification for using a bond 
strength of 3.43 Wa for both the plate and the rebars. Also, Table 9.15 shows that no 
certain value is known for the plate/concrete bond strength to enable a separate value to 
be assigned to the plate for the purpose of calculating Fi min- 
Table 9.16 Calculated data to find location at which rebar bond strength is reached at the 
onset of a plate end strain reduction 
Beam size Shear Plate size Ip., m Rebarstress Distancefi-om 
span (mm) (MM) (MM) (AlPa) beam support (mm) 
I. Om 300 0.50 x 90 28.08 39.6 16.7 
0.82 x 67 33.31 45.7 26.2 
1.13 x 47 39.74 54.6 36.2 
2.3m 845 1.28 x 90 45.37 37.4 45.2 
The distance between the end of the plate and the beam support was 20mm in all of the 
I. Om beams. Therefore, Table 9.16 shows that the assumed rebar/concrete bond 
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strength is predicted to be reached throughout the whole plate length with the 90mm 
wide plate only. This is because this plate width is associated with the lowest crack 
spacing, I'min, and, therefore, the lowest rebar tensile stress corresponding to the bond 
strength. However, the rebar/concrete bond strength was reached further along the beam 
in the other I. Om cases, such that the bond strength was not reached at the end of the 
plate. For these cases, a bond stress, u, lower than 2.06 NTa would be appropriate in a 
plate end length equal to the distance shown minus 20mm. The distance listed for the 
2.3m beam is based on the bending moment at the greatest load level reached before data 
were no longer recorded, since a plate end stain reduction in the failed shear span was 
not recorded within this loading range. Therefore, this distance is greater than that 
corresponding to a strain reduction, in which case the position at which the assumed 
rebar/concrete bond stress is reached may lie outside the plate length for this beam, so 
the assumption of the full bond strength throughout the plate is then valid. 
It has been shown, then, that the magnitude of the rebar/concrete bond stress to be used 
in the analysis by Zhang et al (1995) may be lower than the value given by BS 8110 at 
the end of the plate at the instant when the plate end strain starts to reduce in value. This 
will be relevant when finding the crack spacing since a lower bond stress leads to a 
greater minimum crack spacing, IP,, - However, it is clear from in* Table 9.16 that a lower 
rebar/concrete bond stress is likely to appear only in a short distance at the end of the 
plate, so the assumption of the full bond strength is satisfactory for the purposes of the 
analysis. 
9.3.6.5 Discussion 
Since the method is based on a wide range of crack spacings (Ipmin to 21Pý'O, the range 
of plate strains between the lower and upper bounds is also wide. Therefore, this 
analysis does not attempt to estimate a single solution, but a wide band is predicted 
instead. 
For a non-uniform shear stress distribution, a governing relationship is established from 
experimental results to determine an appropriate value of Lp. When this relationship is 
applied to beams similar to those upon which it is based, then the analysis predicts lower 
and upper bounds that encompass test results. However, significant changes, such as the 
use of a different concrete strength or internal reinforcement provision, appear to 
invalidate the method, as seen by the fact that equation 9.28 (page 513) did not provide a 
suitable value of 1. for the present I. Orn beams. 
This analysis suggests there will be a lower bound tensile strain in the plate above which 
plate end peel may be expected to occur. Knowing the magnitude of this strain, a 
flexural analysis procedure would be used to determine the corresponding applied load. 
This load level will be associated with a certain strain at the top of the beam and a certain 
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neutral axis depth - ie. a given section rotation when internal and external force 
equilibrium is reached for a particular case. The magnitude of this rotation will vary 
with the material properties and dimensions of the concrete and internal and external 
reinforcements. Although this method does not cater for cases of flexural peel 
specifically, it is similar to the flexural peel analysis shown in equation 9.23 (page 507) 
insofar as both are based on a limiting section rotation when plate separation occurs. 
However, equation 9.23 makes no reference to the strain in the plate because the onset of 
plate separation by flexural peel is not influenced by shear transfer in the shear spans so 
the critical rotation is found directly from a flexural consideration of the bearn section. 
For cases in which shear peel would have an influence on the onset of plate separation 
(ie. when the shear spans are plated), Oehlers (1992) found that the shear strength of the 
concrete without shear reinforcement is one of the plate separation criteria. The present 
method, however, makes no reference to the concrete shear strength, being based only on 
the tensile strength of this material component. 
9.3.7 A proposed interaction diagram for varying shear span/depth 
and plate aspect ratios 
93.7.1 Introduction 
An interaction envelope is proposed, based on the maximum global shear force and 
bending moment of the plated specimens under the full range of shear span/depth ratios 
tested in Chapter 4. This interaction, which is a modification of the method by Oehlers 
(1992), is for the ultimate failure of the beams, rather than the initial onset of plate 
separation. The maximum global bending moment is used since this quantity is more 
applicable when the principal interest is the effect of the shear span/depth ratio, because 
it increases as the ratio rises for a given beam cross sectional configuration, so the 
transition from plate separation towards flexural failure is included in the interaction 
envelope. Experimental evidence of a move towards flexural failure was provided by the 
higher plate strains, at a given applied load, as the shear span was lengthened in the I. Orn 
beams. Therefore, the proportion of shear to flexural loading varies with changing shear 
span/depth ratio in a given member, corresponding to a change in the mode of plate 
separation from plate end peel to failure initiation away from the end of the plate. The 
interaction between the shear force and maximum bending moment, with varying failure 
mode, is presently of interest. 
The method relates the experimentally applied maximum bending moment and shear 
force to the flexural moment capacity and unreinforced shear capacity of the section, 
these being quantities that can be determined easily. The purpose of this is to investigate 
the possibility that the plate separation loads of beams represent a given proportion of 
these known quantities for different beam configurations under a given shear span/depth 
ratio; if this were the case, the applied load at plate separation and the proximity to full 
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flexural failure could be estimated for design purposes. 
The variables used in this interaction method are: 
M. It (e. P) experimental global bending moment at the 
loading positions at failure; 
M,, lt (., g) analytical global bending moment at the loading position corresponding to 
flexural failure; 
vwt ("XP) experimental applied shear force at beam failure; 
VUC shear capacity of beam with internal tensile rebars but without internal shear 
reinforcement, found from design codes and referred to here as the 
unreinforced shear capacity. 
M, At (aA) is found from the strain compatibility iterative method described in Part A of 
Chapter 8, assuming a cracked concrete section; the parabolic stress block for the 
concrete above the neutral axis is used. The use of the rectangular stress block provided 
in BS 8110 would be applicable if the concrete failed in compression before the plate 
failed in tension or if the failure was balanced. Since the flexural failure mode is not 
known in advance, an iterative procedure is required to determine the analytical mode of 
flexural failure and the corresponding ultimate capacity. For this reason, the rectangular 
stress block, from which the section strains are found without the need for iteration, does 
not simplify the calculations. Also, it was shown in Chapter 8 that the Hognestad stress 
block and the rectangular stress block give similar flexural capacities when the concrete 
fails in compression. The applied shear force at failure, VWt (exp), is related to the shear 
capacity of the section without shear reinforcement, V,., calculated directly from BS 
8110. 
9.3.7.2 Application of the analysis to the present beams 
Table 9.17 shows the data used to plot the moment-shear interaction values presented in 
Figure 9.14 (page 526). This Figure shows data for the I -Om beams loaded under the 
three shear span/depth ratios, 3.00,3.40 and 4.00, the 2.3m and 4.5m beams, the GFRP 
plated I. Om beam and the I. Om cantilevers, all without plate end anchorage. The three 
lines through the CFRP plated I. Om beam data are the best-fit slopes through the three 
data points for each shear span/depth ratio, a, /h. Linear relationships between the 
moment and shear force must apply for varying plate cross sectional dimensions at 
approximately constant cross sectional area because the shear and moment are related by 
the constant shear span; the changes in plate width and thickness have little effect on the 
theoretical moment, M. It (anal). 
The legend in Figure 9.14 indicates the shape of data point corresponding to each plate 
dimension in the Lom beams and the levels of shear reinforcement in the 2.3m and 4.5m 
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beams are indicated at the data points; the 1.0m cantilevers were strengthened with the 
0.82 by 67mm. plate only. The point for the 0.50 by 90mm. plate lies above the line that 
passes through the points for the other two plates in the 1.0m beams under each a, /h 
ratio; this line is dashed for a, /h = 3.00. This relatively high value Of Mult (exp)Mult (anal) 
for the 90mm wide plate arises because the cross sectional area of the plate (45mmý was 
lower than those of the other two plates (54 . 9MM2 and 53 IMM2 for the 67mm and 47mm 
wide plates, respectively), causing a relatively low value of Mult (aral). This quantity is 
sensitive to slight changes in plate area so a higher bending moment ratio arises. If the 
cross sectional area of the 0.50 by 90mm. plate had been nearer the areas of the other two 
plates, then the data points for all three plates would have defined a common straight 
line, such as the dashed line. 
Table 9.17 shows that each of the 2.3m beams has a different unreinforced shear 
capacity, this being due to their different calculated concrete shear strengths arising from 
differences in concrete compressive strength. However, differences in concrete shear 
strength are allowed for since the experimental shear forces are normalised against the 
calculated unreinforced shear capacities. The different levels of steel shear 
reinforcement in the 2.3m and 4.5m beams are indicated in Table 9.17; these are the 
standard provision (6mm diameter links at 150mm centres), the externally bonded shear 
strips and the heavy shear reinforcement (10mm diameter links at 75mm centres). The 
effects of additional shear reinforcement were not studied in the 1.0m cantilevers or four 
point bending beams, so these have just the standard provision of 3 mrn diameter double 
links at 51 mm centres. 
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Table 9.17 Moment and shear data for the present beams 
Beam size Shear 
span (mm) 
Plate size 
(MM) 
Vulf (exp) 
(kA9 
M. k ("p) 
ONO) 
Vc 
(kA9 
A4,11 (mar) 
(kNm) 
I. Om 4-pnt bend 300 0.50 x 90 19.80 5.940 10.17 7.425 
0.82 x 67 19.25 5.475 10.17 8.090 
1.13 x 47 15.95 4.785 10-17 8.071 
340 0.50 x 90 19.25 6.545 10.17 7.425 
0.82 x 67 17.00 5.780 10.17 8.090 
1.13 x 47 17.79 6.044 10.17 8.071 
GFRP plate 0.64 x 65 16.58 5.636 10-17 4.631 
400 0.50 x 90 19.50 7.800 10.17 7.425 
0.82 x 67 17.25 6.900 10.17 8.090 
1.13 x 47 15.35 6.140 10.17 8.071 
2.3m * 
Standard 845 1.28 x 90 50.15 42377 23.59 52.575 
Shear strips 945 1.28 x 90 60.65 51.249 25.29 54.979 
Heavily r'forced 845 1.28 x 90 57.40 48.503 25.79 55.251 
4.5m* 
Standard 1525 1.28 x 90 30.00 45.750 25.02 52.851 
Shearstrips 1525 1.29 x 90 31.60 49.190 25.02 52.851 
1.0m cantflevers 772 0.82 x 67 11.33 8.747 10.76 8.667 
587 0.82 x 67 15.43 9.057 10.76 8.667 
400 0.82 x 67 19.31 7.724 10.76 8.667 
300 0.82 x 67 16.45 4.935 10.76 8.667 
* The different levels of shear reinforcement are listed 
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1.3 
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Figure 9.14 Interaction diagram for the present beams (a, /h is the shear span/depth 
ratio-, the level of shear reinforcement is indicated for the 2.3m and 4.5m 
beams) 
Considering first the I. Om beam results, it is clear that the higher shear span/depth ratios 
resulted in the beams reaching higher multiples of their ultimate moments corresponding 
to flexural failure. The data point for the 0.50 by 90mm plate under the a, /h ratio of 4.00 
lies at a bending moment ratio greater than unity, suggesting this beam failed in flexure 
which, for the I. Om beams, is predicted analytically to be concrete crushing, but this was 
not observed experimentally. The difference between the analytical and experimental 
bending moments is only 5%, due to the underestimation of flexural capacity when 
failure is predicted to be by concrete crushing, as seen for beam A2bGFRP in Table 8.1 
(page 394) of Chapter 8. Therefore, although not observed, the I Om beams came close 
to flexural failure before plate separation under the shear span/depth ratio of 4.00 with 
the beam cross section used and the 0.50 by 90mm plate. However, under av/h = 3.00, 
given that the increase in Mult (exp/Mult (anal) between the plate widths of 67mm and 
90mm was approximately 0.12, a plate width of I 00mm (the full beam width) would not 
result in the necessary further increase of 0.2 to achieve a value of 1.0 (ie. flexural 
failure) before plate separation. This means that plate end peel would have occurred 
under the shear span/depth ratio of 3.00 even if the whole soffit width had been plated. 
By the same reasoning, flexural failure would not have occurred under a,, /h = 3.40 either. 
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The upper limit to the value of Mult (ep)Mult (=. I) will be calculated later in the 
discussion of the method (section 9.3.7.3 (page 532)). 
The data point for the 1.13 by 47mm plate for a, /h = 3.40 lies above the point for the 
0.82 by 67mm plate under this a, /h ratio. This is not consistent with the relative data 
point positions for the three plates under a, /h ratios of 3.00 and 4.00, and is caused by the 
anomalously high experimental ultimate capacity of the 1.13 by 47mm case. If this data 
point had been in the same relative position as for the ratios of 3.00 and 4.00, the best fit 
line would have been shallower. It is possible that this one anomalous result was caused 
by some peculiarity of the particular beam, such as greater aggregate interlocking that 
may have retarded the opening of the shear crack that is thought to have led to plate 
separation under the ah ratio of 3.40. 
The bending moment ratios, MWt (e, ýpýMwt (. W), of 
the cantilevers reach a value of I. o 
with increasing shear span/depth ratio, consistent with the full flexural capacity being the 
maximum bending moment possible. The trend suggests that further increases in shear 
span/depth ratio may have led to full flexural failure at shear force ratios lower than 
unity, this case representing failure in the absence of shear cracks. 
The failure point for the GFRP plated I. Om beam lies at a high proportion of the full 
flexural bending moment, although the shear force ratio is within the range of values for 
the other I. Om beams. The high bending moment ratio is due to the stability of the 
concrete compression region in this beam after the initial onset of concrete crushing at 
point A in Figures 4.34 (page 120) and 4.3 5 (page 12 1); it was noted in Chapter 4 that the 
compression failure did not appear to propagate further until shortly before plate 
separation, the stability of the compression region having allowed the additional load to 
be carried. The secondary failure mode of plate separation was governed by the 
magnitude of the applied shear force, consistent with a certain shear crack widening 
being necessary for the plate to separate at position A in Figure 4.47 (page 141). 
Therefore, while the failure point shown in Figure 9.14 represents plate separation in the 
GFRP plated beam, the point representing the primary failure mode of concrete crushing 
would lie at the lower bending moment ratio of 0.88. 
The best fit lines through the I -Om four point bending data points describe the following 
two failure equations for the 300mm and 400mm shear spans, respectively: 
v M- 
0.53 , ult 
(ex) 
- ult 
(expý = 0.25 ..... Eqn 9.36 vu 
c 
Mult(anal) 
vm 
ult (exp ult (CXI)) 0.72- 
v 
0.33 
..... Eqn 9.37 
uc 
Mult(anal) 
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The gradient was greater under the higher shear span/depth ratio, indicating that 
increases in plate aspect ratio were more effective at shifting the failure towards full 
flexure when the failure was initiated in a flexural region of the beam - ie. where plate 
separation was not influenced by shear cracking through the depth of the beam either at 
the plate end or fin-ther along the shear spans. Equations 9.36 and 9.37 describe the 
range of interaction values determined using the I. Orn beams with CFRP plates, and the 
interaction values for the 2.3m and 4.5m beams may be compared with this range. As 
expected, the failure point of the 4.5m beam with the standard shear reinforcement lies 
well above the &A = 3.00 line for the 1.0m beams ie. the line representing plate end 
peel failures. The point for the 2.3m beam with the standard shear reinforcement lies on 
the dashed line in Figure 9.14. The fact that the 1.0m and 2.3m results define a common 
line would seem to suggest that equation 9.36 is generally applicable to the plate end 
shear peel mode of plate separation, and that the size of beam and plate merely determine 
the position of the data point on the line, depending on the fiill flexural moment capacity 
and the unreinforced shear capacity of the beam. However, it is shown below, by 
reference to the results of other authors, that this is an incorrect conclusion and that a 
unique equation does not exist. 
The point for the 2.3m beam heavily reinforced in shear lies at a higher proportion of its 
flexural capacity and unreinforced shear capacity than the point for the 2.3m beam with 
the standard shear reinforcement, indicating the ability of the additional shear steel to 
shift the maximum load towards a full flexural failure. It was seen in Chapter 4 that plate 
separation in this beam was initiated away from the end of the plate and that the failure 
mode resembled that of a beam loaded under a high shear span/depth ratio, depicted in 
Figures 4.14 (page 85), 4.15 (page 87) and 4.17 (page 88), due to the ability of the 
additional shear reinforcement to prevent shear cracking in the concrete at the end of the 
plate. The failure point for the 2.3m beam with shear strips lies even higher and further 
right than the point representing the beam heavily reinforced in shear, reflecting the 
ability of the external shear strips to efficiently delay plate separation by diverting the 
failure away from the end of the plate. Such a diversion did not occur in the 4.5m, beams 
since their failures were not shear dominated. 
As mentioned above, the present results suggest that the plate end shear peel interaction 
defines a common equation for different beam configurations. To investigate this 
further, it is necessary to plot points representing shear peel failures from other studies. 
Unfortunately, not all references to composite plate bonding tests are clear in the mode 
of plate separation, so limited data are available for comparison. Also, not all material 
properties are always given. Figure 9.15 shows results for those cases in which the 
failure mode was represented pictorially and/or described in sufficient detail to be certain 
that shear peel was dominant. For each reference quoted, the beam numbers are given in 
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the original notation of the corresponding authors; the numbered black points define the 
dashed shear peel line in Figure 9.14 (page 526) based on the beams tested in the present 
work. In all references except Quantrill et al (1995) and Quantrill (1996), the concrete 
compressive strength was given as a cylinder strength and was converted to an 
equivalent cube strength using equation 8.1 (page 368); unless provided, the concrete 
modulus of elasticity was found from E,, = 9.1 x fuo-3 (Neville, 1995) for use in the 
flexural analysis calculations, where E, is the modulus and fcu is the 28-day cube 
strength. Table 9.18 (page 531) lists the relevant beam properties for each reference. 
The notation in the Table is as follows: 
ap, plate strength; 
Ep, plate modulus; 
bp, plate width; 
y plate thickness; 
ApI plate cross sectional area; 
b beam width; 
beam depth. 
Since, in a plated beam, the concrete section is reinforced at its soffit in addition to the 
internal rebars, Table 9.18 gives the steel and plate area ratios (As/bh and Apl/bh, 
respectively) with respect to the whole beam depth rather than the effective depth. 
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Figure 9.15 Comparison of shear peel interaction values 
All the results above the shear peel line defined by the present beams (points 1,2 and 4) 
represent GFRP plates, while those below represent CFRP plated beams. Beam 1, by 
Ritchie el al (1991), is an exception, its plate having contained 65% glass fibres and 35% 
carbon-, however, the plate area ratio of this beam was relatively high and this seems to 
have cancelled the low plate modulus. Broadly, however, for a wide range of concrete 
strengths (Table 9.18), relatively high proportions of the full flexural capacity are 
achieved using GFRP plates, consistent with the lower peel stresses associated with these 
materials. Figure 9.15 shows that beam M, by Ritchie el al (1991), carried a 
considerably greater shear force than beam 1, despite the significantly greater plate 
modulus for beam M, as Table 9.18 shows, the plate area ratio was much lower for beam 
M, due to a much reduced thickness, and this seems to have counteracted the modulus 
effect. The reason for the small increase in Mult (exp/Mult (anal) between beams I and M, 
compared with the large increase in Vult (e, p/Vu,, is that the full flexural moment of 
beam M was much greater than that of beam I due to the higher plate modulus of beam 
M. 
Beam C2, by Quantrill (1996), used a high modulus plate with a high area ratio; these 
two detrimental effects are reflected in the low position of the corresponding point in the 
interaction diagram. The interaction position of beam B6, by the same author, is 
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anomalous because it had beam parameters similar to those of beam C2 but the point for 
beam B6 lies at a much higher shear force than C2. 
Table 9.18 Bewn data for each point in Figure 9.15 
Reference f'.. 
ava) 
ap, 
ava) 
EpI 
(GPa) 
bp1tpj bp1b 4, lbh 
NO. ) 
. 
4pýbh 
(0/0) 
Garden (point 1) 54.0 1269 113.34 41.6 0.47 0.85 0.53 
Garden (point 2) 54.0 1414 110.97 81.7 0.67 0.85 0.55 
Garden (point 3) 54.0 1285 108-05 180.0 0.90 0.95 0.45 
Garden (point 4) 47.0 1226 135.00 70.3 0.69 0.79 0.39 
Ritchie el al (1991), C 55.7 161 11.72 32.0 1.00 0.55 1.56 
Ritchie et al (199 1), G 59.7 184 10.34 36.4 1.00 0.55 1.37 
Ritchie et al (199 1), 1 55.7 319 27.58 36.9 0.98 0.55 1.31 
Ritchie et al (199 1), M 59.7 1489 117.90 120.0 1.00 0.55 0.42 
Sharif et al (1994), P2 45.4 170 15.45 50.0 0.67 0.70 0.89 
Sharif et al (1994), P3 45.4 170 15.45 33.3 0.67 0.70 1.33 
Quantrill et al (1995), Ale 70.0 1017 49.90 66.7 0.90 0.95 0.96 
Quantrill et al (1995), Me 42.0 1017 48.90 66.7 0.80 0.85 0.96 
Quantrill (1996), B6 53.0 968 119.50 66.7 0.80 0.85 0.96 
Quantrill (1996), C2 53.0 1226 135.00 62.5 0.80 0.85 1.02 
Quantrill (1996), L2 45.0 1226 135.00 70.3 0.69 1.05 0.39 
Beam A2c, by Quantrill et al (1995), had a concrete strength 40% lower than beam Alc, 
although the ratio Vult (epýVw changed by only 0.5%; however, the ratio of 
experimental to analytical bending moments increased by the relatively large proportion 
of 5.6%. Therefore, a large change in concrete strength will alter the unreinforced shear 
capacity of the section but shear peel failure still occurs at the same multiple of this 
capacity; the bending moment ratio does not, however, remain stationary so full 
compressive flexural failure is approached as the concrete becomes weaker. 
The plate of beam G, by Ritchie et al (1991), had a 20*/o greater length and a lower 
modulus than that of beam C, reflected in the point for beam G lying nearer the Mult (e,, P)/ 
Mult (anal) value of 1.0. 
A reduction in plate thickness between beams P3 and P2, by Sharif et al (1994), moved 
the interaction point to a value of Mult (, pýMujt (=a, ) greater than 1.0; it is possible that 
the ultimate moment of this beam, corresponding to plate fracture, was underestimated 
by'the flexural analysis due to the plate strength having been higher than the average 
value used in the calculation. 
Table 9.18 shows there is close comparison between the material property parameters of 
the 2.3m beam (point 4) and the 1.0m beams (points I- 3) in the present work, thus 
eliminating these parameters as variables responsible for the positions of the interaction 
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points for these beams., The plate aspect ratio, bpl/tpl, and the ratio of the plate width to 
the beam width, bpl/b, were similar for points 2 and 4, eliminating also these parameters 
as responsible for the relative data point positions. Therefore, the parameters responsible 
for points 2 and 4 not being coincident are the steel and plate area ratios. These are 
lower for the 2.3m beam and the shear span/depth ratio of the 2.3m beam was higher 
than for the I. Om beam (3.67 and 3.00, respectively). Therefore, per unit rise in the ratio 
, the concrete of the 
2.3m beam was strained by a greater of applied shear force to V,. 
fraction of ultimate, thereby allowing this beam to reach a relatively high proportion of 
its full compressive flexural capacity. Although this explains the relative positions of 
these I. Orn and 2.3m data points, it does not explain why the 2.3m and I. Orn points 
define a common shear peel line. In the absence of further test results, this observation 
cannot be attributed to any specific cause and no significance may be attached to it. 
9.3.7.3 Discussion 
The ratio of the experimental to analytical maximum bending moments indicates how 
near to flexural failure a plated beam comes. Ideally, this ratio would be unity in all 
cases so that flexural calculations could be used to design plated beams. 
To summarise the findings of this analysis, GFRP plated beams reach relatively high 
proportions of their full flexural capacity because the plate modulus is low so the critical 
stresses at the plate ends are lower than in CFRP plated beams. Given fixed material 
properties and proportions of plate width to beam width, deep beams reach higher 
proportions of full flexure than shallow beams, provided the ratio of plate area to beam 
area becomes lower. This finding contadicts the method by Roberts (1989) in which 
deeper beams are associated with larger values of M*, giving rise to lower failure loads 
by plate end peel, supporting the use of the moment, MO, rather than M'. 
A reduced plate thickness of high strength was seen to overcome the detrimental effect 
of increased modulus, thereby allowing a greater shear force to be applied, although this 
was in the presence of a longer plate so the result is not conclusive. 
insufficient experimental results are available to be able to define, with confidence, a 
clear envelope that separates GFRP results from those of CFRP plated beams in general, 
although the shear peel line for the I. Orn beams represents this boundary for the data 
presented. Some overlap between the two occurs due to the effect of the ratio of plate 
area to beam area, as seen by the result of Ritchie et al (199 1), beam I, lying within the 
CFRP zone; the ratio, Apl/bh, was a relatively high value of 1.3 1% for this beam, 
overcoming the beneficial effect of a low plate modulus. 
The ratios of plate area to beam area are similar for the 1.0m beams (Table 9.18) so the 
ratio of plate width to beam width is the important parameter that relates the plate and 
ýP)/ 
beam dimensions for varying plate aspect ratios. The upper and lower limits of Vult (e, 
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V,, are set by the boundary conditions where the plate Width is equal to zero (lower 
limit) and the beam width (upper limit), for the constant cross sectional area of plate. To 
determine the upper limit of Vult (, p)/Vuc, it is assumed Mult (e,, p)/Mujt (ara) varies 
linearly with the ratio of plate width to beam width for these approximately constant area 
plates, yielding a maximum value of M,, It (expýMujt (a,, aj) of 0.815. By substituting this 
value into equation 9.38 below, which represents the dashed peel line in Figure 9.14 
(page 526), the upper limit of Vult (exp)Nuc is found to be 2.165. 
V 
0.38- ult(exl) -Mult(exv) = 0.0076. .... Eqn 9.38 vu 
c 
Mult (anal) 
Indeed, the analysis by Roberts (1989) suggests the moment ratio does vary almost 
linearly with increasing plate width between the widths of 47mm (the narrowest plate 
used) and 100mm. Therefore, even if the whole width of the soffit had been plated with 
the same cross sectional area of plate, only around 80% of the full flexural capacity 
would have been reached under the shear span/depth ratio of 3.00. 
In practice, the value of MWt (e .,, p)/N1ujt (,,. a) would presumably reach a minimum non- 
zero value that would not be influenced by further reductions in plate width and 
increases in thickness. It is thought this case would occur by the early separation of the 
plate by removal of a very thin layer of surface concrete, as was observed in beam B3 by 
Quantrill et al (1995), this having been plated with a narrow GFRP plate of the same 
thickness that caused complete concrete cover separation with wider plates. Assuming 
such early plate separation occurs at an applied load at least as high as the unplated 
failure load, the minimum value of VWt (exp)/Vue for plated beams is equal to that for 
unplated members. In the present case, this value is 0.836 which, by equation 9.38, 
corresponds to a value of MWt (,, xpMujt equal to 0.3 10. Therefore, it is predicted 
that the I. Om beams strengthened with the constant area of plate in varying 
configurations would not carry less than 31% of the theoretical flexural capacity. No 
application of plate bonding would use such a plate configuration so this percentage may 
be assumed to represent a lower bound for all practical cases. It is clear from the relative 
levels of the lines in Figure 9.14 (page 526) that this percentage increases as the shear 
span/depth ratio rises. The modulus of elasticity and area ratio of the plate will also 
affect this percentage as seen, for example, by the low percentage of 41% for beam C2 
(Figure 9.15 (page 530)) which was strengthened with a relatively high modulus plate 
and a high plate area ratio; however, practical cases would employ this plate size 
(1.28mm by 80mm) on beams larger than the I. Om member used so the area ratio would 
be somewhat lower. 
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9.3.8 Plate separation analysis by Triantafillou and Plevris (1991a) 
Three modes of FRP plate separation were considered by these authors, viz: 
the separation of the concrete cover layer from the end of the plate; 
the peeling away of the plate at the base of a shear crack, 
the propagation of cracks along the plate/concrete interface. 
The first of these has been considered in the above analyses. Triantafillou and Plevris 
(1991a) mentioned this mode merely to indicate that it is initiated when the adhesive 
shear stress reaches a limiting value. 
9.3.8.1 Peeling of the plate at the base of a shear crack 
The peeling of the plate at the base of a shear crack is the mode that was observed in the 
I. Om beams with the 340mm shear span in the present work (Figures 4.12 (page 83) and 
4.13 (page 84)). This mode was considered by Triantafillou and Plevris (1991a) to be 
influenced by the size of the vertical and horizontal crack openings, V and W, 
respectively, at the base of the crack. It was acknowledged that, for a given provision of 
internal shear reinforcement, these crack openings are controlled by the area fractions of 
the internal longitudinal steel and the external plate. As mentioned in section 4.3.1.4.3 
(page 139) of Chapter 4, the applied shear force at which the plate first separates at the 
shear crack was related to the crack openings and the internal shear provision by 
Voc l-EG-A), ... -Eqn 9.39 
(w 
where V is the shear force and XG. A is the total shear stiffness provided by the internal 
links and the external plate. It was suggested by Triantafillou and Plevris (199 1 a) that 
plate separation begins when the ratio, v/w, reaches a critical value that is a characteristic 
of the platelconcrete bond. The method can be applied only if equation 9.39 is calibrated 
by varying the shear stiffness and recording the failure load; since this has not been done 
with the present beams, the analysis cannot be applied quantitatively here. However, it is 
seen qualitatively that a greater density of shear reinforcement will modify the failure 
load and/or mode by preventing or reducing the vertical step at a shear crack. Therefore, 
the finding of Oehlers (1992), that the shear reinforcement provision does not influence 
the ultimate condition, is valid only for cases of plate end peel and not this shear mode of 
plate separation. The mode of plate separation reflects the shear span/beam depth ratio 
under which a beam is loaded. Using the I. Om beams in the present study, it was shown 
that a ratio of 3.00 corresponds to plate end peel, and the peel ratio in the beams tested by 
Oehlers (1992) was 3.14, both lower than the ratio of 3.40 associated with the shear step 
in the present 1.0m beams. 
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93.8.2 The propagation of cracks along the plate/concrete interface 
The propagation of an interfacial crack between the plate and the concrete was noted to 
be a possibility due to imperfections in the spreading of the adhesive, flexural cracking in 
the concrete, an imperfectly flat concrete surface, and fatigue loading. Since the 
adhesive is loaded primarily in shearý this plate separation mode was likened to a mode H 
failure in fracture mechanics. This mode is failure in a shear plane (Knott, 1973), the 
shear plane being the plate/concrete interface in the case of a plated beam. The failure is 
analysed by considering the strain energy release rate required for the interfacial fracture 
to propagate. Triantafillou and Plevris (1991 a) referred to a numerical study undertaken 
by Anandarajah and Vardy (1985) to investigate interfacial fracture; this study is 
considered below in section 9.3.9. It was seen in Chapter 4 that beams loaded under 
relatively high shear span/depth ratios experienced adhesivelplate interfacial cracking. 
This observation is considered below in the light of the numerical work by Anandarajah 
and Vardy (1985). 
9.3.9 Interfacial crack study by Anandarajah and Vardy (1985) 
9.3.9.1 Outline of the analysis and its main findings 
These authors analysed open sandwich beams using linear elastic fracture mechanics 
modelled with finite elements; open sandwich beams are plain concrete members 
strengthened by externally bonded plates. However, their work was noted to be equally 
applicable to plated reinforced concrete beams. The plate/concrete fracture in this study 
was cracking of the adhesivelplate interface by in-plane shear fracture. It was assumed 
that these interface cracks propagate from the bases of cracks in the depth of the 
concrete. Numerous computations showed that the precise location of the mode R shear 
cracks in the vertical cross section makes little difference to the stress regime local to the 
crack tip. Therefore, the results of the numerical study are appropriate to adhesive/ 
concrete interfacial fracture, adhesivelplate interfacial fracture or horizontal shear 
fracture of the adhesive. It was found that the use of a suitable adhesive should prevent 
this type of failure in both open sandwich construction and plated reinforced concrete 
members. The critical case was found to occur when interfacial cracks exist within a 
short region of flexural cracks close to midspan, and the thickness of the adhesive was 
found to have little effect. The likelihood of this form of plate separation is affected by 
the strength of the interface and its ability to resist crack propagation. Cracking in the 
adhesive itself becomes dominant when its fracture toughness is lower than that of its 
two interfaces, and vice versa. Poor adhesive application and surface preparation will 
lower the interfacial strength. 
The compliance method was used in this work- Considering a beam loaded under four 
point bending, the compliance of the beam is given by 
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..... Eqn 9.40 
where u is the displacement under either of the point loads of magnitude P- ie. the 
compliance is the reciprocal of the beam stiffness. The compliance varies with the 
interfacial crack length, a, and the strain energy release rate, G, satisfies 
p2 dC 
2-B da ..... 
Eqn 9.41 
(Knott, 1973), where B is the beam width. The rate of change of compliance, with 
respect to interfacial crack length (ie. dC/da), cannot be found directly, but may be 
determined using a numerical procedure to find the variation of C with a and then to 
determine dC/da (Anandarajah and Vardy, 1985). 
Using a combination of one and two dimensional finite elements, it was shown that the 
shear stress along an interfacial crack in a shear span of the beam is almost zero, and that 
the normal stress is also very small. These results relate to the propagation of an 
interfacial shear crack away from the point load position and towards the beam support. 
The shear stress is high immediately in front of the tip of the shear crack, but reduces to 
the magnitude of the elastic shear stress with distance towards the beam support. 
The assumption of a mode IJ fracture in analysing interfacial cracks was justified by the 
observation that the normal stress in the vicinity of a crack tip is small, confirming the 
dominance of shear behaviour. The influence of concrete cracking on the strain energy 
release rate was studied using the numerical procedure. It was found that G is very small 
in the absence of concrete cracks, so interfacial crack propagation is unlikely until after 
the concrete has cracked. Also, the value of G was found to be relatively low when both 
ends of the interfacial crack lie in the vicinity of concrete cracks, suggesting that the 
strain energy is largely released by the cracks in the concrete. Therefore, the likelihood 
of interfacial cracks propagating in a region of closely spaced concrete cracks is low. 
This makes the plate bonding method suitable for beams that are cracked before plating 
(Anandarajah and Vardy, 1985). The strain energy release rate was found to rise with 
increasing interfacial crack length, indicating that this failure propagates at an increasing 
rate as the cracks progress. This finding suggests that it is important not to allow long 
interfacial cracks to develop if rapid propagation is to be avoided. However, the mere 
presence of interfacial cracks, whether short or long, means that failure has already 
begun, so it would be difficult in practice to avoid fin-ther propagation. 
9.3.9.2 Discussion of interfacial cracking in the present beams 
Although the occurrence of adhesivelplate interfacial cracking has been considered in 
Chapter 4, it is convenient to review the results here for the present discussion. It was 
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shown that the I. Om beams loaded under shear span/beam depth ratios of 3.40 and 4.00, 
the 2.3m beams loaded as half beams, and the 4.5m beams experienced adhesive 
cracking that was located at the end of a horizontal crack at the level of the beam soffit 
as shown in Figure 4.18 (page 89). The adhesive cracking was associated with ftirther 
crack propagation along the adhesivelplate interface at the end of the plate in the I. Om 
beams with a shear span/depth ratio of 4.00, the 2.3m half beams and the 4.5m beams, 
leaving an exposed length of plate at the end of the composite. However, in the 4.5m 
beam with externally bonded shear strips (beam S I), adhesive/plate interfacial cracking 
was noticed within the non-failed shear span at a distance of 420mm from the load 
position, well away from the end of the plate, at a load of 58 kN (ie. 92% of ultimate). In 
addition, this beam experienced adhesive/plate interfacial fracture, before beam collapse, 
at a distance of 280mm from the adhesive crack adjacent to what became the exposed 
plate end length after failure in the failed shear span. The 4.5m beam without shear 
strips, beam B3, exhibited adhesive/plate interfacial fracture at the centre of the constant 
moment region over a length of 300mm at a load of 46 kN, representing 77% of ultimate. 
This interfacial fracture was seen along only one edge of the plate, so it is uncertain how 
much of the bond width was fractured. The bond on either side of this length appeared to 
be intact, although it was not possible to confirm this. The ends of the visible length of 
interfacially damaged bond appeared to lie near relatively wide flexural cracks in the 
concrete. This is consistent with the observation that the strain energy is largely released 
by concrete cracks, indicating that cracks in the concrete are interfacial crack arresters; 
this crack arresting ability presumably occurred because flexural cracks existed also 
through the adhesive at the locations of the concrete cracks, although the adhesive cracks 
were not visible to the naked eye. 
Anandarajah and Vardy (1985) estimated the applied load at which adhesive/plate 
interfacial fracture would occur using the following procedure which is applied below to 
the present beams. Equation 9.41 is replaced by a non-dimensional form of the strain 
energy release rate, G% where 
=B-1-G P-U,, ... -Eqn 9.42 
in which I is the lever arm of the beam and uO is the vertical deflection of the beam at 
midspan. It is assumed that the four point load configuration is replaced by a single load 
at midspan of magnitude 2P. The value of uO is given by standard beam bending theory 
as 
uo = 
(2f) -L3 
48-E-1 . --Eqn 9.43 
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By substituting equation 9.43 into equation 9.42 and rearranging, the applied load is 
found as 2P, where 
p 
T-- '. ±4. G-B-I-E-II 
..... Eqn 9.44 G G*. L3 * -L 
3 
The objective is to determine the magnitude of the applied load corresponding to 
interfacial fracture. The strain energy release rate of the adhesive in mode H fracture is 
difficult to determine due to the experimental difficulty of creating pure shear conditions 
(Anandarajah and Vardy, 1985), but may be taken as equal to the mode I (ie. tensile) 
value, as seen by the similarity in the mode I and H values obtained by Anandarajah and 
Vardy (1984) for a two part, cold curing epoxy resin. A value of 500 J/M2 was assumed 
by the authors in order to calculate the critical applied load, this corresponding to a 
toughened adhesive. A value of 200 Fin' was quoted for a material fitting the 
description of Sikadur 31 PBA- 
It was assumed that the interfacial crack length corresponded to a value of G* equal to 
0.015, the crack being around Im long. However, for the 4.5m beam, B3, the present 
interest is in a length of 300mm in the constant moment region, corresponding to a value 
of Gý equal to approximately 0.01, based on the variation of G* with crack length 
obtained by Anandarajah and Vardy (1995). The beam was assumed by these authors to 
be plated over its full width but the present plated width is only 90mm. in the 145mm 
beam width. For the present beam the critical applied load, 2P, corresponding to the 
strain energy release rates of 200 J/M2 and 500 Yin, is 26.9 kN and 42.5 kN, 
respectively, based on a value of G* determined from a numerical study of steel plated 
beams only, with plates extending over the full beam width. The composite plate in the 
present study has a lower modulus of elasticity than that of steel so the flexural rigidity 
of the beam. EL is lower than for a steel plated beam, resulting in higher values of uO 
and, by equation 9.42, greater values of G% equation 9.44 shows that higher values of Gý 
correspond to lower values of P. It is possible that the crack initiated at a lower load than 
the 46 kN at which it was noticed during the beam load test. The reliability of the 
reasonably close correlation between the calculated load of 42.5 kN and the experimental 
load cannot be assessed without further comparisons of analytical and experimental data. 
This analytical value is based on a high strain energy release rate so the lower calculated 
load may be more realistic. Adhesivelplate interfacial cracking was not spotted in the 
constant moment region of any other beam tested so it is likely that it occurred as a result 
of a peculiarity of this particular specimen, such as a possible poor bond at the edge of 
the plate. 
Considering next the adhesive/plate interfacial cracks within the shear spans of the 
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plated beams, it is clear that these always started as horizontal cracks at the level of the 
concrete rather than the plate itself. From a fracture mechanics point of view, the 
horizontal shear stress at the tip of the soffit level crack in the concrete is high, leading to 
the continued propagation of the crack along the soffit. Given that cracks through the 
depth of the concrete are interfacial crack arresters, the horizontal crack would be 
expected to propagate as far as the next concrete shear crack, at which position the strain 
energy would be released by the shear crack. However, this was not the case since the 
soffit level cracks only ever extended as far as the nearest adhesive crack, as shown in 
Figure 4.18 (page 89). 
As mentioned in Chapter 4, it is not known whether the adhesive cracks occurred before 
or during horizontal soffit level cracking. If they occurred before, then it is reasonable to 
consider them as crack arresters for the horizontal crack. This would be consistent with 
the fact that the horizontal cracks never extended beyond the adhesive cracks. The 
locations of the adhesive cracks appeared to be random, as shown in Table 4.1 (page 90), 
and it is likely that they coincided with air voids in the adhesive. The weakness caused 
by voids would cause the adhesive cracks to form relatively early in the loading range, 
possibly before horizontal concrete cracking. 
9.4 Summary and conclusions 
A variety of analytical methods have been used to estimate the point in the loading range 
of plated beams at which the plate separates. The number of methods developed reflects 
the complexity of the mechanisms by which the plate separates and the difficulty of 
determining the magnitudes of the associated stresses in the adhesive and the concrete. 
Iliese uncertainties are reflected also in the fact that the experimentally estimated shear 
stresses, found in small scale shear tests and using plated beams, have not shown 
consistency so no single value is universally applicable; this has been the case even for 
similar concrete strengths. 
The fact that the analytical methods in the literature have been developed for the plate 
end peel mode of plate separation, reflects the low shear span/beam depth ratios which 
have commonly been applied in laboratory testing. Higher shear span/depth ratios are 
associated with plate separation not initiated at the end of the plate, and the author's own 
proposed representation is a method of encompassing a wide range of failure modes 
rather than plate end peel alone. Insufficient experimental data have been collected to be 
able to determine a relationship connecting the onset of plate separation by mechanisms 
other than plate end peel with the material and geometric properties of beams; finther 
work is needed to establish such a prediction method. 
The shear stress magnitudes reported in the literature to correspond to plate separation 
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are not consistent between studies, so the maximum shear stresses determined 
experimentally in Chapter 4 lie within the range of values found by some authors but not 
others. The value of 1.65 MPa for the 2.3m beam is within the range 0.88 - 2.93 MPa 
reported by Macdonald (1978) with steel plates, but below the lower value of 2.5 MPa 
found by Chajes et al (1996) using CFRP plates. Various authors have recorded critical 
shear stresses in the region of 8 MPa; none of the present experimentally estimated shear 
stresses reaches this level. The range of 1.7 -2 MPa, determined for the plate end in an 
externally strengthened beam by Van Gernert (1980), lies near the value for the present 
2.3m beam but does not compare well with the values for the I. Orn beams. 
When plate separation is initiated by plate end peel, it is generally the case that increases 
in plate thickness and adhesive and/or plate modulus cause a reduced separation load. 
Increases in the magnitudes of the plate end bond line stresses have been identified as the 
cause of this detrimental effect. The installation of additional plate end anchorage is the 
most practical and effective method of delaying or avoiding premature failure. 
Although analytically estimated values of the critical stresses have compared well with 
experimental data in some steel plated cases, the analyses do not apply consistently for 
beams plated with polymeric composites. For example, the cracked section analysis by 
Roberts (1989) gave good agreement with limited experimental data using steel plates, 
but it has now been shown that this method does not predict the correct trends in the 
stress magnitudes with varying plate material and geometric properties; the uncracked 
section gives the correct general trend but the magnitude of the critical shear stress, 
required for estimating the failure load, remains uncertain. Although the comparison 
with experimentally calculated shear stresses was better using the uncracked section in 
the Roberts (1989) method, this was not consistent and was achieved using the global 
bending moment at either the end of the plate or some distance from the end. While 
some previous experimental work has suggested that the critical plate end stresses may 
be related to the concrete strength, the elastic and more complicated peel analyses do not 
include strength parameters so such a relationship is not incorporated. The greatest 
multiple of the tensile strength suggested by previous studies was a factor of four 
(Ranisch, 1982); this related to the surface strength of the concrete which is likely to be 
lower than the strength fin-ther in. 
Although the ratio of experimental to elastic shear stress was the same for the 67mm and 
47mm wide plates in the 1.0m beams, this ratio was not equal to that for the 90mm wide 
plate or the 2.3m beam. Therefore, elastic theory appears to bear no consistent 
relationship with practice so stress magnitudes cannot be estimated by simple 
calculation. Elastic theory does not represent the localised high stress concentrations at 
the end of the plate so misleading factors of safety are derived from elastic stresses. 
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The moment-shear interaction analysis of Oehlers (1992) does not apply to the present 
beams because the envelope is too low, the ratio of the bending moment at the plate end 
to the ultimate flexural peeling moment of the plated section was very low in comparison 
with the ratio of the plate end shear force to the shear capacity of the section. This 
reflects the dominance of the shear force in causing plate separation in the shear peel 
mode, the plate end having been in a position of low bending moment near the beam 
yi. ng the termination position of the plate ends, a similar type of support. By var 
interaction envelope could be established for composite plates; however, this would have 
limited use in design because the plate ends are always likely to be terminated as near as 
possible to the beam supports due to the increasing plate end separation stresses with 
distance from the supports. 
The analysis by Zhang et al (1995) is applicable to the ultimate limit state for all modes 
of plate separation when based on experimental data pertaining to beams with similar 
properties to those of interest. The output of the method is a crude range of plate strains 
(and, therefore, applied loads) between which plate separation occurs. The method 
makes no reference to the shear strength of the concrete which is thought to be the 
important parameter when plate separation occurs by shear peel. 
There is no unique relationship between the proportion of the flexural moment capacity 
and the shear capacity reached before plate separation by the shear peel mode. As the 
plate aspect ratio reduces, the shear force and bending moment move towards minimum 
non-zero proportions; for the present I. Orn beams, it is predicted that no less than 3 1% of 
the flexural capacity would have been carried. 
The causes of adhesive/plate interfacial cracking are difficult to study experimentally. 
The shear stress immediately in front of a propagating adhesive/plate interfacial crack is 
high, so it is uncertain why such cracks do not continue along the length of the shear 
span. It is suggested that they are arrested when they meet a crack through the thickness 
of the adhesive, although this could not be confirmed visually. 
The conclusions drawn from this work are these: 
the mechanisms controlling plate separation are complex and no universally 
applicable procedure has been developed for predicting the separation load; 
a cracked concrete section may not be used in general for the purpose of determining 
a flexural rigidity with which to calculate critical shear and normal stresses since the 
trends in stress magnitudes do not reflect experimental observations; 
the lack of a universally applicable solution procedure implies that elastic theory will 
continue to be used in codes of practice, although elastic calculations bear no 
consistent relationship with practice or complex analytical procedures; 
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there remains disagreement between authors as to the magnitudes of the critical shear 
stresses at the end of the plate when failure is by plate end peel; 
the uncertainty in the plate separation phenomenon implies that additional plate end 
anchorage will continue to be required by codes of practice; 
although plate separation is not fully understood, the detrimental effect of a decrease 
in the plate aspect ratio has been identified analytically; 
it is possible to specify an aspect ratio for steel plates that allows the plate to yield, but 
composite plates do not yield and no limiting aspect ratio has been found that allows 
the plate to reach tensile fracture; 
no systematic studies have been undertaken to investigate plate separation initiated by 
a shear displacement or in a region of high bending moment, both away from the end 
of the plate, and further work will be needed to calibrate these modes; 
for the purpose of design, a relationship between the plate separation capacity and 
known flexural and shear capacities would be needed, although this will take the form 
of a failure envelope since beams do not show consistency in the proportions of the 
flexuml and shear capacities reached. Such an envelope could be developed for a 
range of shear span/depth ratios encompassing the initiation of plate separation from 
the end of the plate to a position near the maximum bending moment; 
plate separation by plate end shear peel represents the lowest proportion of the full 
flexural capacity of an externally strengthened beam; 
by assuming the mwdmum tension in the bonded plate equals the total shear transfer 
over the plated length of the shear spans, lower and upper bounds of plate tension can 
be found for all modes of plate separation. These bounds are widely spaced so a 
plated beam design would be conservative if based on the lower bound; 
adhesivelplate interfacial cracking is common in FRP plated beams loaded under high 
shear span/depth ratios but an analysis to estimate its onset remains to be developed. 
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Table 9.19 Summary of the beam analysis parameters 
Beam Beam dimensions 
HUM Depth 
(mm) (mm) 
Area* 
(M m 2) 
Tensile rebars 
circum. 0 Dist. fromsoffit 
(n, m) (Inm) 
Shear span 
Length Spanl 
(111m) depth ratio 
Width 
(mm) 
Thickness 
Onm) 
Externally bondedplate 
Aspect Area Modulus 
ratio (lnn, 2) (GPa) 
Strength 
(Upa) 
I. Om beams 
Ala 100 100 84.82 56.55 16 300 3.00 90 0.50 180.0 45.0 108.050 1285 
A2aIl 100 100 84.82 56.55 16 300 3.00 67 0.82 81.7 54.9 110.877 1414 
Ma 100 100 84.82 56.55 16 300 3.00 47 1.13 41.6 53.1 113.337 1269 
Alb 100 100 84.82 56.55 16 340 3.40 90 0.50 180.0 45.0 108.050 1285 
A2b 100 100 84.82 56.55 16 340 3.40 67 0.82 81.7 54.9 110.877 1414 
A2bGFRP 100 100 84.82 56.55 16 340 3.40 65 0.64 101.6 41.6 36.087 955 
A3b 100 100 84.82 56.55 16 340 3.40 47 1.13 41.6 53.1 113.337 1269 
Alc 100 100 84.82 56.55 16 400 4.00 90 0.50 180.0 45.0 '108.050 1285 
A2c/l loo 100 84.82 56.55 16 400 4.00 67 0.82 81.7 54.9 110.877 1414 
A3c 100 100 84.82 56.55 16 400 4.00 47 1.13 41.6 53.1 113.337 1269 
2.3m beams 
BI 130 230 235.62 94.25 25 845 3.67 90 1.28 70.3 115.2 135.000 1226 
S2 130 230 235.62 94.25 25 845 3.67 90 1.28 70.3 115.2 114.720 1284 
S3 130 230 235.62 94.25 25 845 3.67 90 1.28 70.3 115.2 114.720 1284 
4.5m beams 
B3 145 230 226.20 75.40 25 1525 6.63 90 1.28 70.3 115.2 114.720 1284 
sl 145 230 226.20 75.40 25 1525 6.63 90 1.28 70.3 115.2 114.720 1284 
I. Om cantUever3 
Cal 100 100 84.82 56.55 16 300 3.00 67 0.82 81.7 54.9 110.877 1414 
Ca2 loo 100 84.82 56.55 16 400 4.00 67 0.82 81.7 54.9 110.977 1414 
Ca4 100 100 84.82 56.55 16 587 5.87 67 0.82 81.7 54.9 110.877 1414 
Ca5 100 100 1 
84.82 56.55 16 772 7.72 
1 _67 
0.82 81.7 54.9 110.877 1414 
Total of all rebars 
Shearspan 
Length Spanl 
(mm) depth ratio 
Mdih 
(nim) 
Thickness 
(film) 
Extemally bondedplate 
Aspect Area Modulus 
ratio (=12) (GPa) 
Strength 
aAlpa) 
Concrete 
Cube strength Tensilestrength 
012a) (, VLP, 7) 
Ultimate condition 
Shear Mat bending 
force (W) moment (Wnt) 
300 3.00 90 0.50 180.0 45.0 108.050 1285 54.0 2.5 19.80 5.940 
300 3.00 67 0.82 81.7 54.9 110.877 1414 54.0 2.5 18.25 5.475 
300 3.00 47 1.13 41.6 53.1 113.337 1269 54.0 2.5 15.95 4.785 
340 3.40 90 0.50 180.0 45.0 108.050 1285 54.0 2.5 19.25 6.545 
340 3.40 67 0.82 81.7 54.9 110.877 1414 54.0 2.5 17.00 5.780 
340 3.40 65 0.64 101.6 41.6 36.087 955 54.0 2.5 16.58 5.637 
340 3.40 47 1.13 41.6 53.1 113.337 1269 54.0 2.5 17.78 6.045 
400 4.00 90 0.50 180.0 45.0 . 108.050 1285 
54.0 2.5 19.50 7.800 
400 4.00 67 0.82 81.7 54.9 110.877 1414 54.0 2.5 17.25 6.900 
400 4.00 47 1.13 41.6 53.1 113.337 1269 54.0 2.5 15.35 6.140 
845 3.67 90 1.28 70.3 115.2 135.000 1226 47.0 2.6 50.15 42.377 
845 3.67 90 1.28 70.3 115.2 114.720 1284 58.0 2.6 60.65 51.249 
845 3.67 90 1.28 70.3 115.2 114.720 1284 61.5 2.6 57.40 48.503 
1525 6.63 90 1.28 70.3 115.2 114.720 1284 47.0 2.6 30.00 45.750 
1525 6.63 90 1.28 70.3 115.2 114.720 1284 47.0 2.6 31.60 48.190 
300 3.00 67 0.82 81.7 54.9 110.877 1414 64.3 2.6 16.45 4.935 
400 4.00 67 0.82 81.7 54.9 110.877 1414 64.3 2.6 19.31 7.724 
587 5.87 67 0.82 81.7 54.9 110.877 1414 64.3 2.6 15.43 9.057 
772 7.72 
1 
67 0.82 81.7 54.9 110.877 1414 
L 
64.3 2.6 11.33 8.747 
Chapter 10 
Conclusions 
10.1 Introduction 
There is a worldwide need for the rehabilitation of concrete structures and the plate 
bonding method has been proved to be a competitive alternative to conventional 
techniques of improving the strengths and stiffnesses of members. Starting with steel 
plate bonding, the use of externally bonded plates has progressed to the use of composite 
materials which offer the principal advantages of corrosion resistance, light weight and 
an availability in potentially unlimited lengths. These advantages have formed the 
'driving force' behind the worldwide research into the use of composites for external 
strengthening. 
Given this impetus for research into composite plate bonding and the background of 
previous studies, which have been reviewed at the beginning of each appropriate chapter, 
it was intended to undertake a comprehensive but integrated programme of study to 
enhance the current knowledge. By presenting the investigations of the various chapters 
in a single volume, with numerous cross references between chapters, it is felt this aim 
has been achieved. In addition to this overall aim, the specific objectives, listed in 
section 1.5 (page 11) of Chapter 1, have also been met. 
The thorough literature reviews have surveyed the many previous investigations and 
allowed meaningful conclusions to be drawn, with which to embark on the present 
Study. The reviews encompass the main publications on the plate bonding method, 
resulting in a comprehensive single source of reference. 
Since each chapter presents its own discussion and conclusions, it is the purpose of this 
Chapter to summarise the conclusions and to draw the main findings together. 
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Suggestions are also made for areas in which it is felt further study is required, and the 
main contributions of this Study are listed. 
Having characterised the various materials in Chapter 3, it was shown that plated beams 
are non-homogeneous systems in which the adhesive, confirmed in the subsequent beam 
tests to be essential in achieving beam/plate composite action, has a much lower modulus 
of elasticity than the other materials - ie. the concrete, internal steel reinforcement and 
composite plate. The degradation of the mechanical properties of the adhesive, at 
temperatures approaching its glass transition temperature (Tg), was demonstrated, 
highlighting the material softening and elevated ductility. 
10.2 Strengthening with initially unstressed plates 
The literature indicates that external plating with composite materials increases the 
ultimate capacity and stiffness of a basic unplated beam, a finding reiterated by the 
experimental work of Chapter 4. Since the plate strength and stiffness are required along 
the length of a flexurally loaded member, the most appropriate choice of material is a 
unidirectionally reinforced composite with the fibres parallel to the span of the beam. 
The literature mentions an improvement in the serviceability load due to the reduction in 
deflection by plating, but this improvement has not generally been quantified; Chapter 4 
demonstrates that the improvement in the serviceability load, based on the stresses in the 
concrete and internal reinforcement is not as large as the ultimate capacity 
improvement but the subsequent work of Chapter 5 shows that prestressing the plate 
raises the serviceability improvement further. The flexural benefit of plating was 
reflected in the lowered neutral axis position which ensures more of the concrete is 
loaded in the favourable mode of compression, and the reduced flexural strains 
throughout the depth of the beam section; the plate is located at the most extreme 
distance from the neutral axis in the depth of the section, enabling the plate to generate 
the greatest possible reduction in section strains. This benefit of plating is achieved due 
to the composite action between the concrete and the plate, enabled by the adhesive. The 
stiffening effect of plating is greater using higher modulus CFRP plates than GFRP 
plates of similar cross sectional area, a result also noted by other authors, but the member 
ductility is lower with CFRP composites of comparable cross sectional area. 
After the onset of concrete flexural cracking and internal steel yield, plated beams retain 
a greater proportion of their initial uncracked stiffness than unplated members, and this 
proportional retention increases as the ratio of flexural to shear loading becomes greater, 
reflecting the beneficial influence of plating on the flexural behaviour of the section. 
The I. Om beam tests in Chapter 4, the basic flexural characteristics of which were seen 
again in the larger scale 2.3m and 4.5m. beams, enabled the parametric study of the 
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effects of the plate cross sectional geometry, the type of plate end anchorage and the 
shear span/beam depth ratio under which the strengthened beam is loaded. Although 
these tests were conducted using a limited number of beams, it was possible to draw a 
number of meaningful conclusions. For beams without plate end anchorage, premature 
failure by plate separation due to plate end peel occurs under low shear span/beam depth 
ratios only; therefore, this is not a typical failure mode, as the majority of the literature 
seems to suggest. The failure mode changes with increasing shear span/depth ratio by a 
shift, in the position at which plate separation is initiated, away from the plate end and 
towards the constant moment region. For the beams used in the present Study, the 
change from plate end peel to failure governed by the vertical displacement of a shear 
crack occurred between the shear span/beam depth ratios of 3.00 and 3.40. Under a ratio 
of 4.00 or more, for different sized beams (ie. I. Orn and 4.5m), the failure was initially 
concentrated at the location of the main flexure-shear crack next to one of the loading 
points under the four point bending configuration. This type of failure occurs when the 
maximum applied bending moment reaches a critical value, associated with the moment 
couple applied by the plate tension at the level of the beam soffit. Under a low shear 
span/depth ratio, the failure occurring under a high ratio will be induced if the shear 
cracking at the end of the plate is prevented by the use of additional shear reinforcement, 
thereby allowing the plated member to reach a higher proportion of its full flexural 
capacity. The plate end peel type of failure initiation is associated with relatively high 
shear stresses in the adhesive at the ends of the plate, but the plate end shear stresses 
under higher shear span/depth ratios are much lower, failure being initiated away from 
the plate ends. 
The concrete will suffer horizontal cracking along the level of the soffit at elevated loads, 
under the relatively high shear span/depth ratios which lead to plate separation being 
initiated at a principal shear crack or at a flexure-shear crack, and the soff"it crack will 
penetrate the adhesive at apparently random locations. The cracking through tile 
thickness of the adhesive may propagate as adhesive/plate interfacial cracking, a clearly 
detrimental effect for which the governing mechanism remains to be more fully 
understood. 
The shear strengthening of reinforced concrete beams was not intended for study in this 
work but, in studying the influence of the shear provision on the failure mode, it was 
found that externally bonded steel strips generate a reduction in the shear deflection, 
suggesting this form of rehabilitation has potential for shear applications. The 
contribution of the bonded shear reinforcement can be calculated in the same way as for 
conventional internal shear links. The threshold quantity of shear reinforcement, at 
which the plated failure mode changes from plate end peel to failure further along Ole 
shear span, has not been identified for use as a general rule, so further work is 
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recommended on the interaction of the shear reinforcement density and the shear span/ 
depth ratio. 
The greatest ultimate capacity of a plated beam, with a given cross sectional area of 
plate, is achieved using as wide a plate as possible, in which case the brittle failure mode 
of plate separation will be delayed until a late stage in the loading range. Narrower 
plates of the same cross sectional area are associated with greater shear stresses in the 
concrete at the ends of the plate under a low shear span/depth ratio, leading to earlier 
plate separation initiated by plate end peel. As far as the ultimate capacity associated 
with plate separation is concerned, the plate width is a more important factor than the 
plate cross sectional area, but the area is the important factor in terms of the 
serviceability and yield loads and the member stiffness. 
Under high shear span/depth ratios, wide plates are still preferable since the stress in the 
concrete at soffit level, this time of a tensile nature due to the downward displacement of 
the plate, is greater with a narrower plate. In addition to maximising the ultimate 
capacity, wide plates provide a reduction of flexural strain over the whole width of the 
section, unlike narrow plates whose effect reduces with distance from the sides of the 
plate. 
Under a shear span/depth ratio that would cause plate separation to be initiated by plate 
end peel in the absence of plate end anchorage, the inclusion of anchorage significantly 
improves the composite action of the concrete and plate at the plate ends, resulting in an 
overall stiffer beam response to applied load. The plate ends cannot separate when they 
are anchored, enabling the ultimate capacity to be improved a great deal. As the shear 
span/depth ratio increases, the plate ends become less dominant in determining the 
failure mode and the improvement in concrete/plate composite action is less pronounced. 
Under a shear span/beam depth ratio of 4.00 or more, there is no improvement in 
composite action due to plate end anchorage and, consequently, no structural stiffening 
or strengthening, but anchorage is still required in order to form a 'net' under the 
concrete. The strengthening due to the inclusion of anchorage, when the unanchored 
failure is by the vertical displacement at the base of a shear crack, is attributed to the 
reduced rate of shear crack opening due to the stiffer beam response, but further work is 
required to calibrate this mode of failure. 
As far as the form of plate end anchorage is concerned, it is sufficient merely to secure 
the plate using a bolted arrangement with a bonded anchorage block to transfer the plate 
tension into the bolts; the details of the bolted arrangement will vary to suit the bolt and 
internal reinforcement dimensions in practice, but the bolts should always pass beyond 
the level of the internal tensile reinforcement and must pass through the plate rather than 
beside the plate. Although a steel anchorage block was used in the initial 1.0m length 
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beams, a GFRP block proved to be just as effective in the more realistically sized 2.3m 
beams; the use of composite bolts would provide a completely corrosion resistant 
anchorage system for application in practice. 
An externally applied force against the plate is not necessary since the principal 
objective, which is to prevent the shear and normal disturbances of the plate ends, is met 
using the bolted system. The use of externally bonded angle sections, covering the soff it 
plate and the sides of the beam, is not acceptable as a method of securing the plate ends, 
since the angles are not anchored into a region of the concrete which is itself secure. The 
increased capacity enabled by the plate end anchorage may cause the beam to become 
under-strength in shear, especially in the length between the bolted plate ends and the 
beam supports; therefore, it may be necessary to additionally strengthen the member in 
shear if the applied load is to increase significantly. 
The global stiffening influence of plate end anchorage, due to the improved concrete/ 
plate composite action, comes into greatest effect after yield of the internal rebars - ie. 
well beyond the serviceability load. Since the applied load on a plated member will 
generally be limited to the serviceability value, little static benefit of anchorage appears 
to be gained. However, this is concluded from the short term tests under ambient 
conditions, and the structural behaviour without anchorage, in adverse environmental 
conditions and under a low shear span/depth ratio, has not been addressed, so it is not 
possible to recommend the omission of plate end anchorage. Also, the fatigue study of 
Chapter 7 indicated that, for one particular shear span/depth ratio, the cyclic propagation 
of concrete cracking may lead to sudden brittle failure below the yield load due to the 
propagation of a principal soffit level crack towards a plate end, in which case anchorage 
will be required to prevent the plate from falling away. 
10.3 Strengthening with prestressed plates 
Chapter 5 considered the extension of the composite plating method to the use of 
prestressed plates, a topic less widely reported in the literature than strengthening with 
non-Prestressed plates. The basic finding of previous work, that prestressing further 
elevates the ultimate capacity and structural stiffness, was reiterated in Chapter 5. The 
serviceability load of the beam increases with rising plate prestress, thereby elevating the 
permissible applied load that may be carried by the beam. The improved serviceability, 
yield and ultimate loads can be achieved with a plate of reduced cross sectional area if 
the plate is prestressed, implying a material cost benefit. 
As in the work of Chapter 4, small scale 1.0m beams were initially used to demonstrate 
the effect of prestressing, before verifying the response in the larger 2.3m and 4.5m 
beams. In all cases, a sufficiently high prestress will cause cracking of the concrete at 
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the top of the section due to the upward camber caused by the plate tension, an effect 
more pronounced in beams of smaller section. The need for plate end anchorage, to 
prevent the fracture of the concrete due to the shear transferred into the beam by the plate 
tension during prestress transfer, was confirmed in the first part of Chapter 5, and the 
subsequent beam trials verified the suitability of the bolted anchorage systems used in 
the non-prestressed tests of Chapter 4. The need for the anchorage bolts to extend 
beyond the plane of the internal reinforcement was reiterated in Chapter S. 
While the concrete flexural cracking load of the section is not changed using a non- 
prestressed plate, a prestressed plate increases this load considerably, indicating the 
potentially improved durability of prestressed beams due to the reduced ingress of 
moisture to the internal reinforcement. The subsequent loss of structural stiffness, after 
the onset of concrete flexural cracking, is more gradual when the plate is prestressed. 
Unless the shear span/depth ratio is high (4.00 or greater in the present Study), the 
composite action between the concrete and the plate, at the ends of the plate, is improved 
by prestressing the plate. 
Bonding a prestressed plate causes the neutral axis to lie further down in the section 
under a given applied load, thereby placing more of the concrete in the favourable mode 
of compression. When the applied load is plotted against the total plate strain (ie. the 
post-transfer strain plus the increment under the applied load) for a variety of prestress 
levels, the points in the curves marking rebar yield describe a straight line. This occurs 
because the midspan curvature of the beam, at yield, is equal for all prestress levels. 
The limited results collected suggest the total midspan plate strain at beam failure is 
equal for different prestress levels when plate separation is initiated at the base of a 
principal shear crack. Further work needs to be undertaken to calibrate this mode of 
failure and to determine the relation between the conditions at the shear crack and in the 
constant moment region; the influence of the shear crack inclination is uncertain. Given 
a sufficiently high initial prestress, the principal shear crack will be kept sufficiently 
narrow to enable the plate to fail in flexural tension at the position of the maximum 
bending moment, a mode characterised by the brittle splitting of the longitudinal 
composite material. 
In addition to creating a further improvement in the flexural load carrying capacity of a 
reinforced concrete beam, prestressing reduces the extent to which shear cracks occur in 
the shear spans and, provided the prestress is sufficiently high, eliminates the formation 
of soffit level cracks along the concrete and then through the adhesive under high shear 
span/depth ratios. The magnitude of plate prestress required to eliminate the soffit and 
adhesive cracks is not known, so further investigation will be necessary to determine this 
quantity which will lead to a durability advantage in practice. 
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The benefits of prestressing will be realised in practice only if a feasible method of 
tensioning the plate can be developed, and the additional cost of the prestressing 
operation will need to be judged against the structural benefits to be gained, the most 
important of which, from a practical point of view, is the flexural and shear crack width 
restraint combined with reduced section strains which lead to an improved serviceability 
load. The ROBUST Project has included an investigation into a proposed means of 
tensioning the plate and anchoring its ends; the laboratory testing of this prestressing 
system has been reported by Garden (1997a). 
10.4 The environmental durability of plated beams 
This topic has been noted throughout the literature to be an important subject of 
investigation, but little has been reported on the environmental durability of CFRP plated 
beams. The term, 'environmental durability', covers a number of agents which can 
potentially degrade the structural performance of a plated beam, but only temperature 
and humidity were selected in the work of Chapter 6. 
The testing of adhesive and composite material coupons, in addition to plated beam 
testing, enabled the environmental influence on the individual components, and on their 
interaction, to be observed. The adhesive is stiffened under a thermal cycling exposure 
between temperatures of -200C and +501C, an effect attributed to the post curing of the 
epoxy at temperatures greater than the room temperature cure level of the adhesive. The 
CFRP prepreg composite material was also stiffened and strengthened, more so than a 
GFRP prepreg. Under an exposure r6gime of constant combined elevated temperature 
and humidity, the adhesive suffered a large reduction in modulus of elasticity and 
strength, reflecting the severe influence of warm humidity on the epoxy material, 
consistent with previous reports in the literature. Under the same atmosphere, the CFRP 
composite was stiffened and strengthened, but to a lesser extent than under the thermal 
cycling exposure, reflecting the detrimental influence of moisture ingress. The GFRP 
material lost strength and stiffness in the high humidity atmosphere, demonstrating the 
superior retention of mechanical properties with the CFRP and conf inning the suitability 
of this composite material for external strengthening applications. 
The severe reduction in the mechanical properties of the adhesive, in the elevated 
temperature and humidity atmosphere, appeared to have no effect on the long term 
behaviour of CFRP plated beams which were held under a high sustained load, 
suggesting the degradation of the adhesive does not necessarily cause reduced plated 
performance, although further long term investigation is needed to confirm this, or 
otherwise. 
Despite the improvements in the mechanical properties of the adhesive and CFRP 
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composite in the thermal cycling exposure, the overall plated beam stiffness was found 
to reduce with increasing exposure time. This was taken to reflect the deterioration of 
the adhesive/concrete and/or adhesive/plate interfacial stiffness due to the mismatch in 
the coefficients of thermal expansion, although this could not be confirmed 
experimentally. 
The durability results of Chapter 6 were limited in their scope but they have added 
further experimental data to the currently little knowledge of the long term durability of 
plated beams. The most important next step is felt to be the study of the long term 
interfacial behaviour of the adhesive and how this affects the plated structural 
perfonnance. 
10.5 The cyclic load responses of plated beams 
Chapter 7 addressed the responses of the CFRP prepreg composite and of plated beams 
to a cyclic loading r6gime. The stress ranges applied to the composite were 
approximately 39% or 49% of the material strength in the tensile tests of the composite 
alone, and around 15% and 7% for the non-prestressed and prestressed plated beams, 
respectively. The cyclic loading tests of the composite coupon specimens confirmed the 
variability in the fatigue life that is typical of materials generally, and the brittle 
shattering of the composite at failure. While the stress range was low in the beam whose 
plate was prestressed to nominally 50% of its strength, the mean stress was high (46% of 
the strength) but no plate damage was incurred by the cyclic loading; the non-prestressed 
beams also revealed no plate damage. The fatigue damage of the CFRP plate is not 
envisaged as a design criterion, unlike in steel plate bonding when the localised stress 
concentrations in the plate, at the locations of concrete flexural cracks, may strain the 
plate locally beyond yield. 
The more serious failure mode of a plated beam is the cyclic propagation of plate 
separation, initiated in the present Study at the base of a shear crack under the shear 
span/beam depth ratio of 3.40, consistent with the static tests of Chapter 4 under the 
same shear span/beam depth ratio. Under static loading, the propagation of a horizontal 
crack along the soffit of the concrete beam, associated with the shear span/beam depth 
ratio of 3.40, does not occur until well past the yield load, but this propagation was 
observed in the cyclically loaded non-prestressed beams at a maximum load equal to 
95% of the yield load, corresponding to a mean load of 50% of yield. Therefore, the 
action of a cyclic load is more damaging to the beam/plate connection than a static load 
when plate separation is initiated at the concentrated vertical displacement of a shear 
crack. 
It will be necessary to investigate the cyclic failure propagation under also the lower and 
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higher shear span/depth ratios corresponding to plate separation from the end of the plate 
and near a loading position, respectively, and to use a greater number of beams than were 
tested in Chapter 7. However, even from the limited number of beams tested, it can be 
said that the flexural concrete crack narrowing effect of the bonded plate reduces the 
stress concentrations in the internal rebars, as seen from the relatively early rebar fracture 
of the unplated beam, in which the rebar stress range was only 56% of the yield stress, 
compared with the absence of rebar damage in the plated beams whose rebar stress range 
was 89% of yield. This demonstrates the benefit of plating as far as the existing internal 
reinforcement is concerned, but the cyclic interaction of the plate and concrete needs to 
be studied further. 
10.6 Analytical and numerical studies of flexural behaviour 
Parts A and B of Chapter 8 considered the flexural analysis of plated sections using an 
iterative spreadsheet approach and the finite element method, respectively. 
The spreadsheet analytical method, which assumes flexural failures only, has been used 
previously, with varying assumptions between authors, but the procedure has been 
extended to prestressed plates in Chapter S. The simplifying assumptions were validated 
by the generally close correlation of the analytical and experimental sectional responses 
for both non-prestressed and prestressed composite plates. The method needs to be 
applied to a greater number of beams failing in a flexural mode in order to further 
validate the analytical approach, but the present work suggests the method may be used 
as a suitable tool for the flexural proportioning of plated sections. 
In the spreadsheet calculation method, the partially cracked section produced closer 
correlation of analytical and experimental deflection and sectional strains than the 
cracked section, reflecting the ability of the bonded plate to transfer tensile stress to the 
concrete between flexural cracks. The experimental work of Chapter 4 suggested that it 
was apparently not possible to maintain composite action between a narrow, thick plate 
and the concrete beam, but the subsequent analytical work of Chapter 8 demonstrated 
that composite action is indeed maintained over the width of the plate, but the concrete 
section strains become larger with distance from the plate across the beam width; this 
conf irms the need for as wide a plate as possible in order to generate composite action 
across the full beam width, thereby imparting the greatest structural benefit to the beam. 
As far as prestressed plates are concerned, the experimental tests 'of Chapter 5 
demonstrated that there is a plate prestress above which tensile fracture of the plate 
always occurs, a finding supported by the failure diagrams developed for prestressed 
plates in the analytical study. The analytical work suggests the ultimate capacity of a 
plated beam may remain approximately constant with increasing prestress above a 
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certain value, so there will not necessarily be any ultimate strength gained by applying a 
very high prestress. On the other hand, the benef it of a high prestress is a stiffer 
structural response to applied load, implying narrower concrete cracks and an elevated 
serviceability load. Therefore, the analytical approach can be used to f ind an 'optimum' 
prestress level for any combination of beam and plate section dimensions and material 
properties. 
Also in Chapter 8, it was hoped that a numerical finite element approach, based on the 
ABAQUS concrete model, could be used to model the experimental behaviour of non- 
prestressed beams and, in the event of numerical/experimental correlation, undertake a 
parameter study to incorporate more variables than was possible experimentally. 
Unfortunately, close correlation of the basic flexural responses was not obtained, so the 
numerical method could not be progressed to learn more about the more complicated 
non-flexural forms of failure known as plate separation. Having found, in Chapter 4, that 
plate separation was initiated by plate end peel under a shear span/beam depth ratio of 
3.00, it was hoped the numerical method could be used to calibrate this failure mode, 
since the analytical methods previously developed for steel plated beams are broadly 
inappropriate for composite plated beams, as shown subsequently in Chapter 9. In 
addition, the initiation of plate separation at the base of a main shear crack, under a shear 
span/beam depth ratio of 3.40 in the present Study of Chapters 4 and 5, has not been 
calibrated and no design rules for this mode of failure have been proposed in the 
literature. Other than testing a large number of beams, a numerical approach will be 
necessary to further the understanding of this complicated mode. 
The review of the numerical modelling of concrete served to highlight the complexities 
involved in the representation of the discontinuous compressive and tensile failures, and 
the various approaches previously adopted which reflect the broad disagreement 
concerning the best way of modelling this brittle material. The numerical behaviour was 
always much stiffer than the experimental, producing far greater yield and maximum 
loads than were observed experimentally in Chapter 4 and analytically in Part A of 
Chapter 8. The poor numerical results are attributed to the way in which ABAQUS 
models concrete cracking, failing to represent the actual loss of rigidity which 
accompanies cracking in practice. 
10.7 Analytical studies of plate separation 
Chapter 9 began with a detailed review of previous studies aimed at understanding the 
mechanism of the plate end peel mode of plate separation and the critical magnitudes of 
the stresses which can be sustained in the cover concrete, concluding that there remains 
widespread disagreement of the stress magnitudes. Each of the proposed analyses, 
which were developed with steel plating in mind, revealed reasonable correlation with a 
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limited number of experimental data, but the application of the methods to the beams 
tested in Chapter 4 showed that the analyses are not universally applicable to composite 
plated systems. One of the main differences between steel and composite plated beams 
is that composites do not exhibit plastic yield, unlike steel plates for which a minimum 
plate aspect ratio of 50 has been proposed to allow the beam to fail flexurally by plate 
yielding. Consequently, the design rules adopted by BA 30/94, the current standard for 
steel plate bonding, may not be assumed to be directly applicable to composite plated 
beams. 
In addition, no analytical methods have been proposed for the alternative premature 
failure modes which were found in Chapter 4 to occur under higher shear span/depth 
ratios. Chapter 9 presents a moment/shear interaction representation proposed by the 
author for all shear span/depth ratios, suggesting that the ultimate load of a plated beam 
will always correspond to more than a certain proportion of the flexural moment capacity 
as the plate aspect ratio changes at constant cross sectional area, assuming the plated 
member carries at least as high a shear force as the unplated beam. The method was then 
used to represent the results obtained by a number of previous authors who reported plate 
end peel, indicating that there is no single relationship to describe the proportions of the 
shear and flexural capacities sustained by plated beams, but that GFRP and CFRP plated 
beams fall broadly into two separate regions of the interaction diagram, with GFRP 
plated members generally sustaining a larger proportion of their flexural moment 
capacities. The influence of the difference in plate modulus between GFRP and CFRP 
materials was found to be offset by the ratio of the plate cross sectional area to the beam 
area for different sizes of beam. 
Therefore, a single design basis, covering the different forms of plate separation 
individually or together, remains to be developed for composite plated beams. 
It is emphasised that the results and conclusions of the work in this Study are applicable 
only to the particular beam configurations considered, and that the work has been based 
solely on fixed regions of pure moment and combined shear/bending moment using four 
point and cantilever loading arrangements. The progression of the work to consider 
rolling loads and uniformly distributed loads has yet to be made, but the results obtained, 
combined with the reviewed findings of previous authors, have produced a detailed 
research effort with which to advance the investigation of the various aspects of 
composite plate bonding. 
The author's suggested topics, in which further work is needed, are listed next. 
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10.8 Recommended further investigation 
The CFRP plating of prestressed concrete beams using initially unstressed and 
prestressed plates, to determine the broad structural behaviour and the plate prestress 
at which soffit and adhesive cracking are eliminated under different shear span/depth 
ratios. 
" The environmental durability of reinforced and prestressed concrete beams plated 
with initially unstressed and prestressed CFRP plates, including the effects of de-icing 
salts. 
" Calibration of the plate separation initiated at the base of a shear crack, and the 
relation between the conditions at the shear crack and in the constant moment region 
for beams strengthened with prestressed plates. 
" Fatigue studies of plated beams under low and high shear span/depth ratios, and 
further fatigue tests of beams in which plate separation is initiated at the base of a 
main shear crack. 
" Development of analytical methods and design rules for premature plate separation 
initiated by the three main modes identified in the present Study. 
" Comparison of the spreadsheet analytical method with the results of more flexurally 
failed plated beams, for a greater range of material properties and loading 
configurations. 
" Improvement of the ABAQUS concrete modelling capability, particularly to represent 
tensile cracking, and application of the numerical procedure to the premature modes 
of plate separation. 
" Investigation of the shear rehabilitation of reinforced and prestressed concrete beams 
using composite materials, including the interaction of the shear reinforcement 
density and the shear span/depth ratio. 
10.9 Original work and contributions 
The author feels his main contributions to the understanding of CFRP plated behaviour 
have been the following: 
a more thorough experimental investigation, than previously reported, of the effects 
of the shear span/depth ratio under which CFRP plated beams are loaded, and a 
demonstration of the structural influence of plate end anchorage under different shear 
span/depth ratios; 
" the experimental testing of bolted plate end anchorage sytstems for CFRP plated 
beams, including the verification of a non-corrodible anchorage block material; 
"a comprehensive experimental investigation of the structural effects of prestressing 
the CFRP plate before bonding, including the demonstration of improved beam/plate 
composite action under low shear span/depth ratios and the significance of the 
common line for the post-yield sectional behaviour; 
" the addition of further experimental results to the understanding of the environmental 
durability of CFRP plated beams and the individual component materials; 
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a preliminary experimental study of the fatigue performance of CFRP plated beams 
when failure is initiated by plate separation at the base of a shear crack, and 
confirmation of the reduction in stress concentrations in the internal tensile 
reinforcement using a bonded plate; 
"a more thorough verification than previously of the flexural analysis of CFRP plated 
beams, to predict the deformation behaviour and the flexural ultimate capacity, and 
the progression of the method to the analysis of beams with prestressed plates. The 
previously adopted assumption of zero tensile strength for the concrete has been 
made, together with the proposed more realistic use of the partially cracked section; 
"a study of the suitability of the ABAQUS finite element program for CFRP plated 
beams, and the demonstration of its inappropriate representation of concrete cracking; 
" an assessment of the applicability, to composite plated beams, of the main previously 
proposed analyses to predict the onset of plate separation in steel plated members, and 
the suggestion of a procedure to determine the minimum proportion of the flexural 
capacity carried by a plated beam with varying plate aspect ratio; 
" the provision of comprehensive literature reviews of the behaviour of plated beams 
and their individual component materials. 
To summarise, this integrated study has confirmed the structural benefits of externally 
bonding CFRP plates to reinforced concrete members, and has complemented a number 
of experimental findings with various analytical results. The long term durability of 
plated beams, under static and cyclic loading, remains to be understood more fully, but 
the short term results collected in this and other studies are encouraging. It remains to 
develop design guidelines that maybe applied with confidence, so further experimental, 
analytical and numerical investigation is urgently required. 
The practical application of CFRP plating to building structures, combined with further 
analytical and design development, will continue to generate confidence in the method, 
hopefully to the extent that it will be commonly used on major civil engineering 
structures in the UK, such as trunk road bridges. 
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